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Preface 


The collection of articles compiled in this first volume of the series entitled as 
Perspectives on European Earthquake Engineering and Seismology is composed of 
some of the keynote and theme lectures presented during the Second European 
Conference on Earthquake Engineering and Seismology (2ECEES) held in Istan- 
bul. The remaining keynote and theme lectures will be compiled in the second 
volume of the series that will be published after the Conference. Since the Confer- 
ence is a joint event of European Association of Earthquake Engineering (EAEE) 
and European Seismological Commission (ESC), the lectures thus articles cover the 
major topics of earthquake engineering and seismology along with priority issues of 
global importance. 

On the occasion of the 50th anniversary of the establishment of the European 
Association of Earthquake Engineering, and for the first time in the book series on 
Geotechnical, Geological, and Earthquake Engineering, we will be publishing an 
open access book that can be downloaded by anybody interested in these topics. We 
believe that this option adopted by the Advisory Committee of 2ECEES will enable 
wide distribution and readability of the contributions presented by very prominent 
researchers in Europe. 

The articles in this first volume are composed of five keynote lectures, first of 
which given by Robin Spence, the recipient of the third Prof. Nicholas Ambraseys 
Lecture Award. His lecture is titled “The full-scale laboratory: the practice of post- 
earthquake reconnaissance missions and their contribution to earthquake engi- 
neering”. The other four keynote lectures are by Mustafa Erdik on “Rapid earth- 
quake loss assessment after damaging earthquakes”, Paolo E. Pinto on “Existing 
buildings: the new Italian provisions for probabilistic seismic assessment" , Matej 
Fischinger on “Seismic response of precast industrial buildings”, and Marco 
Mucciarelli on “The role of site effects at the boundary between seismology and 
engineering: lessons from recent earthquakes" . 

The remaining 15 chapters are the EAEE Theme Lectures that are presented by: 
Tatjana Isakovic on “Seismic analysis and design of bridges with an emphasis to 
Eurocode standards” , Michael N. Fardis on “From performance- and displacement- 
based assessment of existing buildings per EN1998-3 to design of new concrete 


vi Preface 


structures in fib MC2010”, Elizabeth Vintzileou on “Testing of historic masonry 
structural elements andlor building models” , Carlos Sousa Oliveira on “Earthquake 
risk reduction: from scenario simulators including systemic interdependency to 
impact indicators" , Roberto Paolucci on “Physics-based earthquake ground shaking 
scenarios in large urban areas”, Gian Michele Calvi on “A seismic performance 
classification framework to provide increased seismic resilience”, Katrin Beyer on 
“Towards displacement-based seismic design of modern unreinforced masonry struc- 
tures" , Mario De Stefano on “Pushover analysis for plan irregular building struc- 
tures", Alessandro Martelli on "Recent development and application of seismic 
isolation and energy dissipation and conditions for their correct use", Dina 
D'Ayala on “Conservation principles and performance-based strengthening of her- 
itage buildings in post-event reconstruction”, Helen Crowley on “Earthquake risk 
assessment: present shortcomings and future directions” , George Mylonakis on “The 
role of pile diameter on earthquake-induced bending” , Amir Kaynia on “Predictive 
models for earthquake response of clay and quick clay slopes" , Kemal Onder Cetin 
on “Recent advances in seismic soil liquefaction engineering” , and Martin Wieland 
on “Seismic hazard and seismic design and safety aspects of large dam projects" . 

The Editor and the Advisory Committee of the Second European Conference 
on Earthquake Engineering and Seismology appreciate the support given by the 
Istanbul Governorship, Istanbul Project Coordination Unit for the publication of 
the Perspectives on European Earthquake Engineering and Seismology volumes 
as Open Access books. 


Istanbul, Turkey Atilla Ansal 
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Chapter 1 

The Full-Scale Laboratory: The Practice 

of Post-Earthquake Reconnaissance Missions 
and Their Contribution to Earthquake 
Engineering 


The Third Nicholas Ambraseys Lecture 
Robin Spence 


Abstract This paper aims to review the nature and practice of earthquake recon- 
naissance missions since the earliest examples to today’s practice, and to try to 
show some of the ways in which the practice of earthquake engineering today has 
benefitted from field observations. To give some historical background, the nature 
of some of the earliest recorded field missions are reviewed, notably that of Mallet 
following the 1857 Neapolitan earthquake; the achievements of the UNESCO- 
supported missions of the period 1963—1980 are considered; and the nature and 
contributions made by several national earthquake reconnaissance teams (EERI 
based in the United States, EEFIT based in the UK, and more briefly the Japanese 
Society for Civil Engineering, the German Earthquake Task Force, and AFPS based 
in France) are reviewed. The paper then attempts to summarise what have been the 
most important contributions from the field observations to several aspects of 
earthquake engineering, particularly to understanding the performance of buildings, 
both engineered and non-engineered, including historical structures, to geotechni- 
cal effects, to gaining understanding of the social and economic consequences of 
earthquakes, and to loss estimation from future scenario events. The uses and 
limitations of remote sensing technologies to assess damage caused by an earth- 
quake are considered. Finally, possible changes in earthquake field missions to 
meet anticipated future challenges and opportunities are discussed. 


R. Spence (»4) 
Emeritus Professor of Architectural Engineering, Cambridge University, Cambridge, UK 


Cambridge Architectural Research Ltd, Cambridge, UK 
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1.1 Introduction 


Engineering progresses through innovation, through the development of theories to 
explain observed phenomena, and through testing of those theories in the laboratory 
and in the field. In the case of earthquake engineering, field observation assumes a 
particular importance, because the science which needs to be applied, both in 
estimating the ground motions to be designed for, and in predicting the performance 
of structures under these ground motions is still relatively poorly understood, and 
also because earthquakes occur in any one location so infrequently. 

A decade ago, in his keynote address to the 12th European Conference on 
Earthquake Engineering (Ambraseys 2002), Nicholas Ambraseys quotes a col- 
league's definition of the earthquake engineer as the professional who "designs 
structures whose shapes he cannot analyse, to resist forces he cannot predict, using 
materials the properties of which he does not understand, but in such a way that the 
client is not aware of it". Ambraseys was pointing to the alarming fact that for all 
our scientific and technological achievements, earthquake losses keep increasing 
with time, stretching the credibility of the earthquake engineering profession: and 
over many years he strongly argued the need for more systematic learning of the 
lessons from past earthquakes to improve performance. 

The title of this talk is taken from the concluding remarks of Ambraseys' Mallet- 
Milne Lecture (Ambraseys 1988), which emphasises the importance of field obser- 
vation through post-earthquake reconnaissance missions, and identifies some of the 
most important roles of such missions: 


Itis increasingly apparent that the site of a damaging earthquake is undoubtedly a full-scale 
laboratory, in which significant discoveries can be made by keen observers - seismologists, 
geologists, engineers, sociologists and economists. As our knowledge of the complexity of 
earthquakes has increased we have become more and more aware of the limitations which 
nature has imposed on our capacity to predict, on purely theoretical grounds, the perfor- 
mance of engineering structures, of the ground itself or of a community. It is the long-term 
study of earthquakes and fieldwork that offers the unique opportunity to develop a knowl- 
edge of the actual situation created by an earthquake disaster. . . It is field observations and 
measurement that allow the interaction of ideas and the testing of theories. . ..Much 
computer effort has been devoted to solving problems based on guessed parameters ... 
more data from field observation and measurement are now required. 


The major disasters which have occurred since those words were written have 
only served to demonstrate their validity, and there has, in the last 25 years, been a 
steady growth in the number and quality of field reconnaissance missions, and in the 
understanding gained from them of the essential aspects of earthquake actions, the 
behaviour of different types of structures, and the response of communities in 
different societies to large earthquakes. But many barriers to the achievement of 
effective post-event reconnaissance still exist, from organisational and funding 
difficulties to long delays in the implementation of field observations into design 
practice. 

This paper aims to review the nature and practice of earthquake reconnaissance 
missions since the earliest examples to today's practice, and to try to point out some 
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of the ways in which the practice of earthquake engineering today has benefitted 
from field observations. To give some historical background, the nature of some of 
the earliest recorded field missions will be reviewed; the achievements of the 
UNESCO-supported missions of the period 1963-1980 will be considered; and 
the nature and contributions made by several national earthquake reconnaissance 
teams (EERI in the US, EEFIT in UK, the Japanese Society for Civil Engineering 
and others) will be reviewed. The paper will finally try to summarise what have 
been the most important contributions from the field observations to several aspects 
of earthquake engineering, particularly to understanding the performance of build- 
ings, to geotechnical effects, to gaining understanding of the social and economic 
consequences of earthquakes, and to loss estimation from future scenario events. 
The future of earthquake field missions will be discussed. 

The UNESCO field missions were interdisciplinary field missions in which 
engineers studied alongside geologists and seismologists, sciences which depend 
to a large degree on field observation and measurement, and much was gained from 
this collaboration. Since about 1980, such interdisciplinary missions have become 
less common, since the style and timing, as well as the funding of post-earthquake 
seismological investigations has become very different from that of earthquake 
engineering missions. A limitation of this paper is that it concentrates on lessons for 
earthquake engineering rather than seismology, which is a topic for another author. 


1.2 Early Field Investigations 


Perhaps the earliest field investigation with a scientific purpose was that of De 
Poardi following the 1627 M — 6.8 earthquake in the Gargano Region on the 
Adriatic Coast of Southeastern Italy. The earthquake was destructive, with a 
maximum intensity Imax — X (MCS), and liquefaction along the coast; there was 
also a strong tsunami that inundated the low-lying coastland (De Martini 
et al. 2003). De Poardi's map shows the towns and villages affected with different 
symbols to indicate the different levels of damage (Fig. 1.1). Fish are depicted being 
thrown out of the coastal Lesina Lake which was seriously affected by the tsunami, 
corresponding to contemporary eyewitness accounts which reported that the lake 
completely dried out for many hours after the shock and many fish were stranded. 
Thus Poardi's map may claim to be the first macroseismic intensity map 
(De Martini et al. 2003, Musson, pers comm). 

The 1755 Lisbon earthquake of course was the occasion for important studies of 
earthquake and tsunami effects, though since Lisbon, the primary focus of the 
disaster, was also the capital city these cannot properly be said to be the result of 
a reconnaissance mission. The Marques de Pombal, Prime Minister at the time, was 
given charge of the emergency management (as it would today be called), and 
reconstruction planning. One of his notable moves was the systematic collection of 
quantitative information on the degree of shaking and the effects it produced. His 
questionnaire, sent out to local officials and the clergy, included questions such as: 
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Fig. 1.1 De Poardi's map of the damage caused by the 1627 Gargano earthquake (Based on De 
Martini et al. 2003, a forerunner of modern isoseismal maps) 


How long did the earthquake last? How many shocks were felt? What damage was 
caused? Did animals behave strangely?, and was thus arguably the forerunner of 
today's online Did You Feel It? questionnaires (Dewey et al. 2000). Another of 
Pombal's actions was to order the reconstruction of the Baixa District, close to the 
Tagus, not in the closely-packed heavy masonry construction which had proved so 
vulnerable to the ground shaking, but with broad avenues and use of a braced timber 
frame construction (the gaiola system), which is still the main form of construction 
in that area today (Cardoso et al. 2013). 


1.3 Mallet’s Investigation of the 1857 Neapolitan 
Earthquake 


The most significant earthquake reconnaissance mission prior to the twentieth 
century was undoubtedly that of Robert Mallet, who investigated the effects of 
the 1857 Great Neapolitan Earthquake, and who in his subsequent report (Fig. 1.2) 
justifiably laid claim to have established the first principles of observational seis- 
mology (a term which Mallet was the first to use). 

Mallet, from Ireland, was by profession an engineer, having taken over his 
father's Dublin foundry at the age of 21. Through involvement with the learned 
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THE FIRST PRINCIPLES 


OBSERVATIONAL SEISMOLOGY 


48 DEVELOPED IN TRE 


REPORT TO ‘CHE ROYAL SOOIETY OF LONDON 
OF THE EXPEDITION MADE BY COMMAND OF TUN SOOTBTY INTO 
THE INTERIOR OF THE KINGDOM OW NAPLES, 


TO INVESTIGATE THE CIRCUMSTANGES OF THE GREAT 
BARTHQUAKE OF DECEMBER 1857, 


BY 


ROBERT MALLET, O.E., E.R.S, F.G.S, M,R.LA.,, 
&c,, &c. 


** Non fingendum aut éxcogitandum sed iovenienduro quid natara faciat auf ferat.” 


PUBLISHED BY THE AUTHORITY AND WITH TUA AID QN THE 
ROYAL SOCIETY OF LONDON. 


Fig. 1.2 Cover of Mallet's report on the 1857 Neapolitan earthquake 


societies of the time, first the Royal Irish Academy and later the British Association, 
he became interested in earthquake mechanics, and wrote a paper in 1847 in which 
he set out a view (not in fact a new one, Musson 2013) that an earthquake consists in 
the transmission through the solid crust of the earth of a wave of elastic compres- 
sion, and that this could explain the previously observed rotation of monuments in 
earthquakes. He was convinced that this theory could be used to locate the focus of 
an earthquake using the effects on buildings and objects at the surface, but he 
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needed a large earthquake to test his hypothesis. This earthquake was to be the 
Neapolitan earthquake of 1857, a decade later; but before he undertook this field 
mission, he had made two other important contributions to seismology. The first of 
these was a large catalogue of over 7,000 historical earthquakes from 1606 BC to 
1842, developed from a variety of sources, and accompanied by a map of global 
seismicity remarkable for its accuracy in identifying most of the earthquake belts 
known today (notably not the mid-ocean ridges). The second was a design for a 
seismograph; this was never built but may have influenced the design of Palmieri’s 
later working seismograph. 

Mallet explains his purpose in undertaking the mission in the first chapter of his 
report (Mallet 1862), so elegantly expressed it is worth quoting at length: 


An earthquake, like every other operation of natural forces, must be investigated by means 
of its phenomena or effects. Some of these are transient and momentary and leave no trace 
after the shock, and such must either be observed at the time, or had from testimony. But 
others are more or less permanent and from the terrible handwriting of overturned towns 
and buildings, may be deciphered, more or less clearly, the conditions under which the 
forces that overthrew them acted, the velocity with which the ground underneath moved, 
the extent of its oscillations, and ultimately the point can be found, in position and depth 
beneath the earth’s surface, from which the original blow was delivered, which, propagated 
through the elastic materials of the mass above and around, constituted the shock...... 

(There are) two distinct orders of seismic enquiry. By the first we seek to obtain 
information as to the depth beneath the surface of the earth at which those forces are in 
action whose throbbings are made known to us by the earthquake and thus to make one 
great and reliable step towards a knowledge of the nature of these forces themselves; and 
this is the great and hopeful aspect in which seismology must be chiefly viewed and valued. 
By the second order of enquiry we seek to determine the modifying and moulding power of 
earthquake on the surface of our world as we now find it; to trace its effects and estimate its 
power upon man’s habitation and upon himself. 


Thus Mallet’s goals were both seismological and engineering; and the paragraph 
quoted can indeed be taken, as a statement of the general aims which have guided 
post-earthquake reconnaissance missions to the present day. 

The arrangements made by Mallet for the field mission are instructive, and are 
set out clearly in the introductory Chapter of his report (Mallet 1862). The earth- 
quake occurred on 16th December 1857, and began to be reported in England about 
24th December. On 28th December Mallet wrote to the President of the Royal 
Society suggesting the importance to science of sending “a competent observer” 
and offering to undertake this himself, estimating the cost at £50. He received (with 
the support of Charles Lyell) approval on 21st January, spent the next 5 days getting 
letters of approval from the Royal Society, the Minister for Foreign Affairs and 
“some noble or eminent scientific persons” to assist his travel into the earthquake 
affected area, and departed on 27th January. He travelled overland through Paris 
and Dijon where he consulted with eminent geologists; arrived in Naples on 5th 
February, and had to wait for a further 5 days for approval from the King, setting off 
on 10th February, accompanied by “a trustworthy staff of persons", including an 
interpreter, who he had recruited while waiting for permission. 
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Fig. 1.3 Mallet’s isoseismal map of the 1857 Neapolitan earthquake (Mallet 1862) 


Once in the field, his method of working was to make use of detailed observa- 
tions of the effects of the earthquake: cracks in masonry walls, fallen and 
overturned objects, the size, orientation and displacement of which he used to 
estimate the direction of the earthquake wave and also its angle of emergence, 
and even the velocity of the ground shaking. For this purpose he used a series of 
mechanical equations governing the movement of objects given an initial impulse, 
and some hypotheses about the position, size and direction of cracking in masonry 
walls under an emerging earthquake shock. By his own admission it was in many 
places extremely difficult to make any sense of the chaotic damage visible, but he 
learnt to make use of a subset of buildings which were typical, suitably oriented, 
and standing away from adjacent buildings. By plotting the direction and strength 
of shock in a total of 78 locations, he found a strong convergence and was able to 
determine a focus (at Caggiano), and plot a series of isoseismals (his own term) 
(Fig. 1.3) showing areas in four categories, essentially: those destroyed, those 
heavily damaged with fatalities, those slightly damaged, and those where the 
earthquake was felt (Musson 2013). He also estimated the focal depth from his 
estimates of the angle of emergence which had a mean value of 10.6 km. 

All of these deductions look reasonable today, but given what we now know 
about the complexity of ground motion and its effects on buildings, the method of 
deducing not only direction but also angle of emergence of the earthquake waves is 
questionable. The chronology of the journey and what was observed at each 
location is exhaustively recorded in the report, which when finally produced had 
more than 700 pages. Mallet was also able to commission a photographer, Alphonse 
Bernoud, to travel the same route later, taking the first earthquake damage photos. 
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Fig. 1.4 Drawing, based on photograph, of damage in Polla from Mallet's report on the 1857 
Neapolitan earthquake (Mallet 1862) 


Figure 1.4 is a drawn reproduction of one of several hundred also published with his 
Report, many of them designed to be viewed stereoscopically. 

While the contribution to seismology, and the development of an approach 
which could be used by others, was the main aim of Mallet's investigation, the 
report is full of important insights about the local construction techniques of the 
time and their failings. He makes the observation several times that where buildings 
are well-built, they were very little if at all damaged by the earthquake. The 
sketches and photos clearly demonstrate the principal mechanisms of failure of 
masonry structures, and the attempts to describe these in mathematical equations of 
equilibrium anticipate later important lines of enquiry about vulnerability and 
strengthening measures. So does his assembly of the available statistics on 
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Fig. 1.5 The damage to Polla, in Irpinia, in the 1857 earthquake (from frontispiece of Mallet 
1862) 


fatalities, which numbered more than 10,000. The concluding remarks in the report 
are striking: 
All human difficulties to be dealt with must be understood: were understanding and skill 
applied to the future construction of houses and cities in Southern Italy, few if any human 


lives need ever again be lost by earthquakes; which must there recur in their times and 
seasons. 


Unfortunately the reconstruction efforts following the 1857 earthquake substan- 
tially rebuilt the towns and villages of this area in the same manner as before; and 
when another major earthquake struck the same region in 1980, the destruction was 
just as severe and extremely similar in nature to that of 1857, and a further 3,000 
deaths occurred. The town of Polla was affected by both earthquakes, and Figs. 1.5 
and 1.6 show identical views of Polla following the two events, demonstrating the 
similarity of the damage, the former from the Mallet report, the later one taken by 
the author during a field reconnaissance there in 1981 (Spence et al. 1982). 

The methods proposed by Mallet did not find immediate scientific application, 
and his report (perhaps because of its severe criticism of Italian seismologists of the 
day) was little noticed in Italy until some 20 years after its publication (Ferrari 
1987). Then first an Englishman (Johnson-Lavis), and subsequently the great 
seismologist Giuseppe Mercalli applied Mallet's methods to the 1883 and 1885 
earthquakes on the island of Ischia, then to the 1884 Andalusian earthquake and 
finally to the Ligurian earthquake of 1887, and in the process elaborated and 
extended them. The method was also taken up in India (Melville and Muir Wood 
1987). However, within another 10 years instrumental seismology had arrived, and 
epicentres were in future to be located by instrumental means, a surer and less time- 
consuming approach. From the 1890s onwards, field investigations were concerned 
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Fig. 1.6 Polla from the same location as Fig. in 1981 after the Irpinia earthquake. Note 
similarity of building form and construction (Photo by author) 


more with the determination of intensity, using the newly devised macroseismic 
intensity scale of Rossi and Forel (Melville and Muir Wood ). However, 
Omori ( ), after the 1908 Messina earthquake, used observations of overturned 
bodies to locate the point of origin of the event. 
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Fig. 1.7 S.V. Medvedev, S. Bubnov and N.N. Ambraseys, founding members of EAEE, in Skopje 
in 1964 


1.4 UNESCO Field Missions 1962-1980 


Over period of nearly 20 years from 1962, UNESCO supported at least 23 post- 
earthquake reconnaissance missions. Nicholas Ambraseys was the leading figure in 
this programme: according to Michael Fournier d' Albe, then Head of the UNESCO 
Natural Hazards Programme, it was Ambraseys who was largely instrumental in 
persuading the UNESCO Secretariat in the early 1960s that “a useful purpose might 
be served by UNESCO sending international multidisciplinary teams to conduct 
field studies of damaging earthquakes as soon as possible after their occurrence", 
and Ambraseys himself carried out the first of such studies of the Buyin-Zara 
earthquake in Iran in 1962. He subsequently participated in a further 12 of these 
studies; he gave a shape and a cohesion to the programme, and he made sure that the 
findings of the studies were properly recorded and made available to the govern- 
ments of the countries concerned and to the wider research community. 

An important element of the missions was their multi-disciplinarity: they all 
included seismologists, geologists and engineers. Many distinguished engineers 
and scientists participated in one or more of the missions, including J. Despeyroux, 
A Zatopek, A.A. Moinfar, S. Bubnov, T.P. Tassios and J.S Tchalenko. Indeed the 
1964 Skopje Conference, at which the European Association for Earthquake Engi- 
neering was founded, took place as a direct result of the 1963 UNESCO mission to 
Skopje (Fig. 1.7). 
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A summary account of the programme was given by Ambraseys at the Inter- 
governmental Conference on the Assessment and Mitigation of Earthquake Risk 
organised by UNESCO in Paris in 1976. The general objective of the missions, 
simply stated, was “to investigate the cause and effects of such events for the 
purpose of adding to scientific and practical knowledge for the mitigation of their 
disastrous consequences” (Fournier-D’Albe 1986). More specifically Ambraseys 
(1976a) states that: 


It is only through properly-run field studies that ground deformation or faulting associated 
with an earthquake can be discovered and studied and the bearing on local risk assessed. 
Existing building codes and regulations as well as the efficacy of their enforcement and 
implementation, can only be tested after an earthquake. It is only through well-designed and 
efficient field studies that the economic and social repercussions of an earthquake disaster 
can be identified so as to avoid undesirable results in future events. 


The composition of the missions was dictated by the circumstances, whether the 
affected area was urban and small, rural and large, or not easily accessible. But a 
key aspect of the missions was that they were based on a small number of 
international experts, and drew in expertise from local organisations as far as 
possible. One further aim was to bring to the country and install a portable network 
of seismic stations, or at least a strong-motion accelerograph, although that proved 
possible in only a few cases. There was also a target that the mission should aim to 
arrive within 72 h of the earthquake’s occurrence, but this was never achieved, and 
the typical delay, mainly due to the waiting for permission from the host Govern- 
ment, was typically 3 weeks. However, once in place, the field studies typically 
lasted 3 or 4 weeks or more, much longer than is typical of many reconnaissance 
missions today. 

Table 1.1 identifies the earthquakes for which the UNESCO Missions which 
took place between 1962 and 1980, and Figs. 1.10, 1.11 and 1.12 show the locations 
of the earthquakes studied. Reports on all these events were published by 
UNESCO. General features of all these reports are: 


¢ Information on the regional and local seismicity, including usually a detailed 
listing of all historical and instrumentally recorded damaging earthquakes. 

* An account of the actual earthquake and its overall effects, including foreshocks 
and aftershocks. 

* Details and analysis of any strong motion recordings available. 

* Detailed description of any surface faulting, and other geological or geotechni- 
cal features observed, with maps and photographs. 

* Description of typical forms of building construction found, and description, 
place by place of the extent and types of damage, with maps and photographs. 

* Description of notable civil engineering structures and any damage sustained. 

* Assessments of macroseismic intensity at the different locations visited, and 
where possible the preparation of preliminary intensity maps. 

* Recommendations for reconstruction. 


Overall, this is an immense record of earthquake effects in more than 20 - 
earthquake-prone locations, involving a huge individual research effort. Ambraseys 
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said that he had himself spent, in total, more than 5 years of his life on such field 
investigations. A few of the more notable findings of specific missions are worth 
summarising. 


1.4.1 The M — 6.1 Skopje Earthquake of 26 July 1963 


The earthquake, though not of great magnitude, was of shallow depth, and had its 
epicentre close to or within the city. The report concentrated on damage within 
Skopje itself, a city which had grown very rapidly from a population of 47,000 in 
1947 to 220,000 in 1962. Damage was in some areas very severe, but much of the 
city's infrastructure was left intact or repairable; the spatial damage distribution 
was difficult to understand. Varying soil conditions, marked variations in the 
standards of construction, particularly in reinforced concrete structures, and the 
effect of the 1962 Vardar floods on basements and subsoil conditions were all 
thought to have played a part. Flexible structures were found to have behaved far 
better than rigid ones (UNESCO 1963). 


1.4.4 The M — 6.8 Varto-Üstükran Earthquake of 19 August 
1966 


Damage was over a wide, largely rural, area of Eastern Turkey, and many houses of 
traditional adobe or stone masonry construction collapsed. Some houses used 
reinforced concrete, but construction standards were very poor. It was impossible 
to assess macroseismic intensity above MMI VII + in rural areas, because in many 
places all buildings collapsed at this intensity; damage from a series of foreshocks 
in the months before the August earthquake probably contributed to this. The report 
concluded that, for this reason, past assessments of intensity in developing countries 
may have been systematically overestimated (Ambraseys and Zatopek 1967). 


1.4.53 The M — 7.1 Mudurnu Valley Earthquake of 22 July 
1967 


This earthquake, on a section of the North Anatolian Fault with many previous 
recorded events, caused more than 80 km of surface rupture. The fault displacement 
was traced along the whole of this rupture length, with a maximum right lateral 
displacement of 1.9 and 1.2 m vertical; observations on power lines suggested that 
there was considerable additional displacement away from the immediate surface 
rupture. Damage was very severe over a wide area, but damage in the immediate 
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vicinity of the fault break was no higher than that at distances as much as 10 km 
from the fault. As for the Varto earthquake, it was impossible to assess intensities 
above MMI VII because almost all adobe construction collapsed. There was a very 
large difference between the performance of adobe and timber-frame buildings, 
which survived well. There were significant ground displacements and associated 
liquefaction in and around Sapanca Lake (an observation which was to be repeated 
in the 1999 Kocaeli and Duzce earthquakes, which also affected this part of the fault 
zone) (Ambraseys et al. 1968). 


1.4.8 The M — 6.4 Pattan Earthquake of 28 December 1974 


The earthquake affected a mountainous region of Northern Pakistan characterised 
by steep slopes and deep valleys, with a relatively small seasonally migrant 
agricultural population. The focal depth, as deduced from the seismic array at the 
Tarbela Dam 130 km south, was relatively shallow, about 5 km, and the direction- 
ality of movement was in accordance with expected movement on the Himalayan 
thrust; however there was no observed surface faulting. Widespread rockfalls 
damaged roads; and the earthquake occurred in winter, making access to many of 
the affected places difficult. Nevertheless the UNESCO team were able to visit 
most of the worst damaged settlements, often on foot, and record the damage 
distribution. Stone masonry is a common material of construction in the area, and 
marked differences in level of damage were noted according to the form of 
construction. In many cases the roofs (flat packed earth on timber rafters), were 
supported independently of the timber-laced rubble-filled walls on separate timber 
columns (Fig. 1.8); in other cases the roofs were directly supported on the walls. 
The houses which had bearing walls were found to have suffered severely from the 
earthquake, but those with independent columns much less. (This observation was 
to be followed up in the 1980 International Karakoram Project, Spence et al. 1983). 
There were very few modern structures in the area. Brick masonry buildings with 
good quality mortar were little damaged, but others were damaged severely. 
Bridges generally survived intact, but the Karakoram Highway was seriously 
affected by rockfalls in many places (Ambraseys et al. 1975). 


1.4.5 The M — 6.3 Gemona di Friuli Earthquake of 6 May 
1976 


The earthquake was the first visited by a UNESCO team to occur in an area with a 
large number of buildings of historical importance. The main objective of this 
mission was to study damage to structures, rather than investigate the geological 
and seismological aspects. The team accordingly consisted of two architects and an 
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Fig. 1.8 Stone masonry 
buildings with roofs 
supported on timber 
columns independently of 
the walls, from UNESCO 
mission to 1974 Pattan 
earthquake (Ambraseys 
et al. 1975) 


engineer (Ambraseys), and the report divides into three separate parts. The report 
notes the unusually large number of large aftershocks, associated with earthquakes 
in this region. The damage caused by this repeated activity compounded that 
resulting from the age and poor quality of much construction. Construction methods 
typical of the Friuli region of Italy are described in detail, and the many weaknesses 
in the stone masonry leading to damage and collapse are described; these were 
further compounded by improper repair, war damage and previous earthquakes; it is 
noted, though, that many houses were saved from collapse by the use of tie-rods in 
masonry walls which held walls together. A detailed listing of the historic churches 
and palazzi damaged by the earthquake is given, covering a very wide area but with 
a particular concentration in the historic towns of Gemona and Venzone. A section 
discusses the loss of life and injuries, and its demographic distribution, and analyses 
possible reasons for higher casualties among the young adult population in the older 
town centres, probably the first time this issue was considered in a field mission 
report (Ambraseys 1976b). 


1.4.6 The M=7.2 Romania Earthquake of 4 March 1977 


This report, like that of Friuli, is also a compilation of separate reports, that of 
Ambraseys dealing with the earthquake and its principal effects, and that of 
Despeyroux dealing with the behaviour of buildings. The earthquake was deep 
(110 km); it occurred in the same area, with a very similar magnitude and depth as a 
previous one in 1940 (and, indeed a later one in 1990). Both earthquakes caused 
moderate damage over a wide area (around 80,000 km’), with a particular concen- 
tration of damage in Bucharest about 200 km away from the focus. Much of the 
damage was sustained by older reinforced concrete frame buildings which had 
either been damaged in 1940 or built without provision for earthquake loading 
(Fig. 1.9). By contrast, small brick bearing wall structures suffered relatively minor 
damage. The recording of a strong motion accelerograph from the Building 
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Fig. 1.9 Damage to older 
reinforced concrete 
buildings in Bucharest in 
the 1977 Romania 
earthquake, recorded by the 
UNESCO mission 
(Ambraseys and 
Despeyroux 1978) 


Research Institute in Bucharest was analysed, and the response spectrum approx- 
imately extracted, showing a peak between 1.5 and 2 s. The concentration of 
damage in 6-12 storey RC frame buildings (with fundamental periods of 0.7— 
1.6 s (the ascending branch of the response spectrum) is thus explained. Over the 
whole affected area, intensity assessment was made very difficult because of the 
lack of damage caused by high-frequency ground motion. Earlier attempts to 
provide a microzonation of Romania and Bucharest are shown to have been 
ineffective for this event: the report notes that there was “not the slightest similarity 
in pattern between the predicted and observed damage pattern”. The importance of 
reconsidering the design codes to be able to deal with both long—period motions 
from distant earthquakes and local, shallow earthquakes is emphasised (Ambraseys 
and Despeyroux 1978). 

The 1980 El Asnam Mission was the last such UNESCO mission. While it 
lasted, the UNESCO programme made vital contributions to the understanding of 
earthquake effects across a wide area of the world. Fault systems were mapped, 
ground motion and response spectra and their distribution was reported and 
analysed where possible, the distribution of damage across the affected zone was 
explored, the effects of subsoil conditions investigated, and the performance of a 
variety of types of building, including historical structures in several cases, was also 
investigated. One particular aspect of this was demonstrating the relative perfor- 
mance of different traditional building types in a way which is today less common, 
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as field missions nowadays concentrate more on engineered and modern structures. 
The style and contents of the UNESCO Reports was to become a template for those 
of later field missions. 

But the inherent inter-disciplinarity of the UNESCO Missions was perhaps 
difficult to keep going as the field investigation techniques of the different disci- 
plines matured and it also became more common to involve research students in the 
data collection. And as Fournier-D’Albe (1986) states in the Foreword to the 
compilation of field reports, the administrative obstacles that such UN-sponsored 
international missions had to overcome were steadily increasing. From 1980 
onwards earthquake engineering reconnaissance missions organised by national 
societies, and supported by research councils and by industry began to become 
more common, while earth scientists have tended to conduct separate studies with 
different itineraries and timescales. 


15 EERI Learning from Earthquakes Programme 
(1972-2014) 


The Earthquake Engineering Research Institute, based in Oakland California, was 
founded in 1949, and has conducted post-earthquake field investigations, both of 
US and non-US earthquakes from its inception. However, until 1971 these missions 
were ad-hoc responses to the events, largely focussed on investigating damage to 
buildings. The 1971 San Fernando earthquake was the stimulus to establishing 
EERI’s Learning from Earthquakes (LFE) programme; it became clear from that 
event that advance planning and coordination would have been beneficial to 
achieve the maximum benefit in understanding the damage, and ensuring that all 
aspects of the event were examined, and avoiding the tendency of individual 
surveys to duplicate each others’ investigations. The LFE programme was 
formalised in 1973, with three principal activities: conducting field investigations; 
developing guidelines for conducting post-earthquake investigations that enable 
consistent data to be collected; and disseminating the lessons learned (EERI 1986, 
1995a). For many years funding for the LFE programme has been provided by the 
US National Science Foundation. 

Today, after mounting investigations of nearly 300 events, EERI has developed 
a highly professional approach to the mounting and management of field missions, 
and can claim to be the world’s leading earthquake field investigation organisation. 
With a large worldwide individual membership, EERI is in many respects an 
international organisation with a global outreach. As well as documenting each 
separate mission, EERI has also documented the overall learning from its field 
missions in a number of different publications (EERI 1986, 2004). 

EERI is notified on a 24-h basis of all global earthquakes likely to have been 
damaging by the National Earthquake Information Service of USGS; the Executive 
Committee then has responsibility for deciding which earthquakes EERI will 
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investigate. The level of response is determined by the location and extent of 
damage. In general terms for small earthquakes in the USA or for moderate 
earthquake abroad, EERI identifies members in the area who can be asked to 
conduct a short investigation and produce a brief report for the EERI newsletter. 
For earthquakes outside the USA which “hold potentially significant lessons for US 
practice", a multidisciplinary reconnaissance team of 4—8 members is sent into the 
field for typically 1 week or more; EERI members from the affected country are 
often members, sometimes the leaders, of such reconnaissance teams. The aims of 
such reconnaissance teams (EERI 19952) are: 


1. To collect the available perishable data in an effort to learn as much as possible 
about the nature and extent of damage and identify possible gaps in existing 
research or in the practical application of scientific, engineering and policy 
knowledge, and 

2. To make recommendations regarding the need for further research and suggest 
possible foci. 


For significant earthquakes in the USA, similar reconnaissance teams may be 
mounted, but for US events EERI also works closely with local universities or 
companies which are mounting their own investigations to ensure that all available 
observations are assembled and reported. 

In either case the findings of each reconnaissance mission are recorded in a 
Reconnaissance Team Report, sometimes, for major events, in a special issue of the 
EERI journal Earthquake Spectra (www.earthquakespectra.org), and more recently 
by an online report. All reports are available through a web portal at https://www. 
eeri.org/projects/learning-from-earthquakes-lfe/lfe-reconnaissance-archive/. 

Aspects normally investigated by EERI post-earthquake reconnaissance mis- 
sions are very broad, but generally include the following: 


* Geosciences 

e Geotechnical engineering 

* Engineered buildings 

* Industrial facilities 

* Lifelines and transportation structures 

* Architectural and non-structural elements 

* Emergency management and response 

e Societal impacts 

* Urban planning and public policy implications 


Each of these topics normally constitutes a chapter of the final report. Where 
appropriate a chapter on tsunami impacts may also be included. The level of 
geoscience investigation varies: but is usually primarily associated with the level 
of ground shaking and its distribution, with less attention to the investigation of the 
underlying faulting as was attempted by the earlier UNESCO mission teams. 

An important feature of EERI’s programme are the detailed procedures laid 
down for the recruitment, briefing, activity in the field, and post-event debriefing of 
the reconnaissance team members, all of whom are volunteers. A balanced team 
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Fig. 1.10 Locations of all field investigations by different reconnaissance teams 1962-2013 


membership whose members are experienced and capable to deal with all the above 
aspects is selected. For non-US earthquakes a team leader and team members able 
to speak the local language are sought. Advice is also given on dealing with the 
media, and the responsibility of all team members for contributing to the final 
reports is emphasised (EERI 19952). 

The total number of field missions of all types conducted by EERI since the 1971 
San Fernando earthquake is 290, of which 138 have led to Reconnaissance Team 
Reports or Earthquake Spectra articles. Of these only 34 were in the USA, Canada 
or Mexico, the remaining 104 were elsewhere in the world. On average there have 
been about four such missions per year since 1990. Table 1.1 lists all of the 
138 events reported in detail, and their locations are shown on the maps, 
Figs. 1.10, 1.11 and 1.12. 

The cumulative learning from all of these field missions is immense. An early 
review was made in the publication Reducing Earthquake Hazards (EERI 1986), 
and learning was more briefly reviewed in Learning from Earthquakes (EERI 
2004). A selection of some of the most important contributions noted by these 
publications, many of which are now widely accepted generalisations, includes the 
following. 


1.5.1 Contributions to Structural Engineering 


It has consistently been found that well-designed, well detailed and well- 
constructed buildings resist earthquake-induced forces without excessive damage, 
though designing to code does not necessarily protect against severe damage; 
damage and collapse of buildings can often be attributed to poor construction 
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Fig. 1.12 Detail of Fig. 1.10 for USA and Central America region 
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Fig. 1.13 Damage to 
precast concrete garage 
structure in the 1994 
Northridge earthquake from 
the EERI photographic 
dataset for that earthquake 
(EERI 1995a) 


practice and lack of quality control. Detailing for ductility and redundancy provide 
safety against collapse: a complete load path designed for seismic forces must be 
provided. The stiffness of the lateral load resisting system has a major effect on both 
structural and non-structural damage. Properly designed horizontal diaphragms are 
essential. Irregularities in both plan and elevation can have a very significant effect 
on earthquake performance, especially soft stories. Inadequate distance between 
buildings can result in pounding damage. Stiff elements not considered in the 
design can strongly affect the seismic response of a building (Fig. 1.13). 

The relative performance of structures with different load-resisting systems has 
shown that unreinforced masonry buildings have performed poorly, though better if 
strengthened with steel ties; by contrast reinforced and confined masonry buildings 
have performed well. Steel frame buildings have generally performed well, though 
investigations following the 1994 Northridge and 1995 Kobe earthquakes found 
unexpected levels of damage to welded connections. Performance of precast and 
pre-stressed concrete buildings depend critically on the connection of the elements; 
exterior panels and parapets need strong anchoring to protect life safety. Though 
timber frame structures often perform comparatively well, various recent forms of 
wood frame construction has been found to have serious weaknesses. Reinforced 
concrete frame buildings often demonstrate similar weaknesses, including the roles 
of a soft storey, nonductile elements, and irregularities in contributing to damage or 
collapse. 

The importance of such observations consists not only in their occurrence and 
reporting in one earthquake, but in the repetition of the same observation in many 
earthquakes in different regions with differing patterns of ground motion, in 
building stocks designed to different codes and built according to differing local 
practices. 

These and other observations derived from field studies have led, often through 
subsequent research programmes (such as that of Arnold and Reitherman 1982), to 
the progressive development of the building codes for earthquake-resistant con- 
struction in the USA, from ATC3-06 (ATC 1978) through to the current version of 
the International Building Code (International Code Council 2012). The US codes, 
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in turn, have influenced earthquake construction codes in other countries of the 
world. Thus a direct link can be traced between the structural engineering findings 
of these EERI Field Reconnaissance Missions and today's best practice in the 
structural design of buildings worldwide. Field mission experience has also led to 
the definition of a small number of Model Building Types (FEMA 2003; Jaiswal 
et al. 2011) used in loss estimation studies, and to the development of standards for 
the evaluation of existing buildings to assess whether they should be strengthened 
(ASCE 2003). Field investigations have also helped gain acceptance for new 
technologies such as seismic isolation and semi-active control (Booth, pers comm). 


1.5.2 Contributions to Site Effects and Geotechnical 
Engineering 


Field investigations of the distribution of damage, coupled with the increasing 
availability of strong ground motion recordings of the main shock and aftershocks, 
has led to a better understanding of the role played by site conditions on the 
amplification of ground motion and the types and distribution of damage to 
structures. Prior to 1999 there were only eight strong ground motion recordings 
worldwide within 20 km of the fault for earthquakes greater than M=7 (EERI 
2004). In the last 15 years this situation has been transformed by the much wider 
availability of such records which, coupled with field observation of damage, has 
enabled a much better understanding to be gained of the role played by soil 
amplification, topographical effects, location in relation to the fault, and the nature 
of the ground motion, on the damage to structures caused by earthquakes. 

As aresult of this, it is now widely recognised that no single parameter of ground 
motion can be used to define the damage capability of strong ground motion, and 
that features such as fault-rupture type, duration, frequency content, and the ratio of 
vertical to horizontal ground motion amplitudes have to be considered in different 
ways for different classes of structures. In some especially well-instrumented 
events such as 1994 Northridge, effects of ground motion directivity and of high 
vertical acceleration on damage distributions have been observed. For different 
regions, ground motion prediction equations have been developed through which it 
is possible to estimate the ground motion for locations where it has not been 
measured directly. 

Liquefaction effects have been observed in reconnaissance missions following a 
number of earthquakes, notably 1989 Loma Prieta, 1995 Kobe, 1999 Kocaeli , 2004 
Niigata 2010 Haiti and 2011 Christchurch events, which have enabled an extensive 
database of liquefaction effects to buildings, bridges, port structures and pipelines 
to be assembled, enabling improvements in the design of such structures in soils 
with a liquefaction potential. Field missions have enabled similar advances in 
understanding of the deformations caused by the displacement at surface fault 
ruptures and by landslides. 
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1.5.3 Contributions to Lifeline Engineering 


Investigations into the performance of lifelines have been a crucial aspect of EERI 
reconnaissance missions. Bridges and highway structures, gas and water pipelines, 
and electrical power generation and transmission systems all suffered damage in 
recent earthquakes. The data assembled by field missions has included damage, lost 
service and needed repair. This has identified both systems that have performed 
well and those that failed; and has resulted in numerous changes to design practices 
including better characterisation of ground motion, better specification of materials, 
anchorage details and welding practices. Damage to the power supply system in the 
1999 Taiwan earthquake demonstrated the importance of building redundancy into 
lifeline systems. 


1.5.4 Contributions to Social Science (and Urban Planning) 


Since 1977 social scientists have regularly contributed to field reconnaissance 
missions, studying aspects of mitigation, response and preparedness, and more 
recently post-earthquake recovery. These observations have been used in the design 
of disaster plans for areas of the US which have not experienced an earthquake. 
From such studies, conducted in many different societies, certain general conclu- 
sions have been reached. It is now widely understood that that the most effective 
search and rescue activity is neighbourhood-based, involving informal groups of 
individuals who are on the scene because they live or work there; this has been used 
in the US to develop training programmes for neighbourhood groups. It is also 
understood that self-protective practices applicable for well-designed structures do 
not work in poorly built or weak masonry structures. Observations of emergency 
response procedures adopted in different situations have demonstrated a need for a 
more integrated approach to building design, land-use planning and emergency 
response in many seismic hazard areas. Experience in communities affected by 
tsunamis has provided important lessons in the best way to manage the distribution 
of warnings to potentially affected communities. Strategies for providing temporary 
shelter in different societies have been observed and their effectiveness reviewed. 
More recent field missions have revisited areas affected by earthquakes after a lapse 
of some months or years, and a database is being assembled of longer-term recovery 
experiences, which will provide data on the relative success of, for example, 
centralised or decentralised approaches to recovery. In recent events, the availabil- 
ity of rapid post-event damage estimation (e.g. using the USGS PAGER, or 
QLARM approach, Jaiswal et al. 2011; Trendafilowski et al. 2011) has enabled 
an early assessment of recovery needs. The impact of such early warnings has been 
assessed in recent events. 
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1.5.5 Use of Information Technology 


EERI has been involved in pioneering the use and development of new information 
technology tools for post-earthquake reconnaissance. High-resolution satellite 
imagery has now been available for more than 10 years, and was first used to 
examine damage after the 2001 Gujarat earthquake in India (Saito et al. 2004). 
More recently, the satellite image providers have been able to rapidly make 
available before-event and after-event images of the most badly affected areas at 
less than 1 m resolution, and these have been used to guide reconnaissance missions 
in the field. Field investigations (2003 Bam, 2010 Haiti) have experimented with 
the use of VIEWS, a satellite linked video camera for recording damage, enabling a 
large increase in the speed of capturing building-by-building damage data in ground 
surveys. In recent earthquakes EERI has, in conjunction with ImageCat, deployed 
the GEOCAN network, a method of obtaining a rapid building-by-building damage 
assessment directly from satellite imagery using crowd sourcing (this technology is 
further discussed in Sect. 1.7). After recent events EERI has established a 
web-based data assembly and dissemination tool, called the Virtual Clearinghouse, 
on the EERI website. This enables the field team, the researcher community and 
EERI to upload data and communicate rapidly. The Virtual Clearinghouse has been 
mounted for 12 events since 2009. 


1.6 EEFIT (1982-2014) 


The UK-based Earthquake Engineering Field Investigation Team (EEFIT) was 
founded in 1982. Its direct origin was a field investigation of the 1980 Irpinia 
Earthquake in Southern Italy by the author with several UK colleagues (Spence 
et al. 1982). Because of logistical difficulties, this field investigation did not take 
place until four months after the earthquake, and it was realised that for field 
missions to be most effective they should occur earlier; for this to be possible, a 
team should be ready to mobilise at short notice, with procedures and funding 
sources in place beforehand. In 1982 EEFIT was formed as “a UK-based group of 
engineers, architects and scientists who seek to collaborate with colleagues in 
earthquake-prone countries in the task of improving the seismic resistance of both 
traditional and engineered structures". It was supported by both the Institution of 
Civil Engineers though SECED (the British national section of IAEE) and the 
Institution of Structural Engineers (IStructE). From the outset EEFIT was envis- 
aged as a collaboration between academic institutions and the practising engineer- 
ing profession. 

EEFIT exists solely to facilitate the formation of investigation teams which are 
able to undertake, at short notice, field studies following major damaging earth- 
quakes and to disseminate the findings to engineers, academics, researchers and 
extent the general public. The objectives are to collect data and make observations 
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leading to improvements in design methods and techniques for strengthening and 
retrofit, and where appropriate to initiate longer-term studies. Field training for 
engineers involved in earthquake-resistant design practice and research is also one 
of its key objectives. Recently EEFIT has extended its activities by conducting two 
longitudinal studies, one to L’Aquila (Rossetto et al. 2014) and one to Tohoku, 
Japan; the objectives of these were to better understand the recovery process and 
how engineers can contribute to this. The observations and findings from these 
missions are published in detailed reports and usually include sections on: 


* Mission methodology 

* The earthquake affected region 

e Seismological aspects 

* Types of damage, including distribution and extent, on both engineered and 
non-engineered structures 

* Social and economic effects of the earthquakes. 


EEFIT reports can be freely downloaded from  http://www.istructe.org/ 
resources-centre/technical-topic-areas/eefit/eefit-reports and contain many valuable 
descriptions of failure and detailed photographs. 

For any major reported earthquake, the EEFIT management committee decides 
whether the event might merit an investigation; if so, EEFIT members are invited to 
express an interest in joining a mission; the management committee then decides 
whether a mission is justified, who should be invited to participate and who should 
be the team leader. The team leader, a person with experience of previous missions 
and if possible also with knowledge of the country affected, organises the logistics 
of the mission, including making local contacts and obtaining any permissions 
needed. Team members are briefed by the team leader including any necessary risk 
assessments, and asked to sign a form committing them, among other things, to 
contribute to the final report. Since the late 1980s IStructE has provided the 
secretarial support for EEFIT. The relatively small recurrent central office costs 
of running EEFIT are met by IStructE, as well as membership subscriptions and 
corporate sponsorship. The time and mission expenses of practising engineers are 
provided by their employers, while the expenses of academic participants is met by 
specific grants from the UK Engineering and Physical Sciences Research Council, 
using an accelerated application procedure. Since 2010 EPSRC has provided 
funding for a 5-year programme of work, which has ensured that reconnaissance 
missions can continue to be supported, and has enabled follow-up missions to take 
place (Rossetto et al. 2014; Booth et al. 201 1a). 

Between 1982 and 2014 EEFIT reconnaissance team have visited and produced 
reports on 29 separate earthquakes, including most of the significant events of the 
period, with two of these (2009 L'Aquila and 2011 Tohoku) having had follow-up 
missions. À list of these events is shown in Table 1.1, and the locations are shown in 
Figs. 1.10, 1.11 and 1.12. Eight of these events have been in the wider European 
area (in countries with EAEE membership, Fig. 1.11). Collaboration with other 
national teams has been an important feature of these missions where possible, and 
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Fig. 1.14 Damage to the Basilica of S. Francisco at Assisi in the 1997 Umbria-Marche Earth- 
quake: investigation of performance of historical structures has been a regular feature of EEFIT 
missions (Spence 1998) 


EEFIT has collaborated with teams from France, Italy, Turkey, USA, Chile, Peru 
and New Zealand. 

The findings of EEFIT reports echo, in many respects, those of the EERI mis- 
sions listed earlier. An important aspect of EEFIT's mission is in the training of 
younger engineers and scientists, and this has been achieved by the participation of 
over 100 engineers and scientists in EEFIT missions, more or less equally divided 
between industry and academia. EEFIT members have been involved in the devel- 
opment of Eurocode 8, now governing the design of structures in most EU coun- 
tries, helping to bring field observations into new code provisions. As in the USA, 
field mission findings have been the basis for a number of important subsequent 
research programmes (Booth et al. 2011a) including: 


* Development of guidelines for the post-earthquake investigation of historical 
structures and non-engineered buildings Fig. 1.14, and approaches for the repair 
and strengthening of masonry structures (Hughes and Lubkowski 1999; Patel 
et al. 2001). 

* Development of vulnerability functions for masonry structures and historic 
centres (D'Ayala 2013) and the need for code provisions for vernacular struc- 
tures (D'Ayala and Benzoni 2012); these are further discussed in Sect. 1.8. 

* The development of databases of earthquake damage data: in recent years these 
have been web-based searchable databases, which enable cross-event compari- 
sons to be made, such as CEQID (Spence et al. 2011) and GEMECD 
(So et al. 2012); these are further discussed in Sect. 1.8. 


34 R. Spence 


* Soil amplification and other effects following the Mexico earthquake of 1985 
(Steedman et al. 1986; Heidebrecht et al. 1990). 

* Seismic hazard and risk in areas of low seismicity (Chandler et al. 1991; Pappin 
et al. 1994). 

* Modelling of tsunami impacts on structures (Allsop et al. 2008). 

* Mitigation of liquefaction effects on foundations (Brennan and Madabhushi 
2002). 

* Performance of earth dams in earthquakes (Madabhushi and Haigh 2005). 

* Understanding human casualties associated with building damage in earth- 
quakes (So et al. 2008); this is further discussed in Sect. 1.8. 

* Assessment and validation of damage estimates from satellite and aerial images 
(Booth et al. 2011b; Foulser-Piggott et al. 2014); this work is further discussed in 
Sect. 1.8. 

* Relationships between ground motions and observed damage (Goda et al. 2013) 


These research programmes have in their turn, affected both engineering prac- 
tice and design regulations in the country affected and elsewhere. Of equal impor- 
tance, perhaps, have been the establishment of lasting collaborations with 
colleagues and research teams in the affected countries, which, particularly in the 
EU countries, have led to UK involvement in long-term funded collaborations such 
as RiskUE (2001—2004), LessLoss (2004—2008) and PERPETUATE (2009-2012). 


1.7 Other Post-Earthquake Field Reconnaissance Teams 


This discussion has emphasised the UNESCO, EERI and EEFIT missions primarily 
because these were deliberately set up to be international in scope, and also because 
these are the best documented archives of earthquake damage descriptions available 
in the English language. But post-earthquake reconnaissance missions and associ- 
ated reports on damage have been made by many other organisations and by 
individual efforts; there are national teams in many countries set up to undertake 
post-earthquake reconnaissance, notably in Japan, France, Germany, Italy, Greece, 
Turkey and China. Many university groups have fielded reconnaissance missions to 
study particular aspects of earthquakes; consultancy, insurance and modelling 
companies have fielded their own reconnaissance missions to obtain data for their 
own purposes, some of which has been published; and the literature can yield many 
thousands of individual observations of earthquake damage, which can be of great 
value, particularly eyewitness accounts by acute observers such as that of Rev 
Charles Davy documenting his experiences of the 1755 Lisbon earthquake (Davy 
1755), Swedish doctor Axel Munthe describing his experiences in the ruins of 
Messina in 1908 (Munthe 1929), or writer Jack London's account of the 1906 San 
Francisco (London 1906). To conclude this section, the aims and achievements of 
three further teams with international scope will be briefly summarised. 
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1.7.1 Japanese Society for Civil Engineering (JSCE) 


Since 1993 JSCE has had a programme of sending field investigation teams to all 
major events both in Japan and overseas. Multidisciplinary teams have investigated 
strong motion, engineering and post-disaster response aspects of the events, and 
reports from 1996 to 2010 are available on the JSCE website (www.jsce.or.jp/ 
library/eq repo/index.html). The 38 reports covering this period are listed in 
Table 1.1, and their locations are shown in Figs. 1.10, 1.11 and 1.12. Ten of these 
were in Japan, 12 of the others elsewhere in Asia. The joint JSCE team investigation 
with the Architectural Institute of Japan and the Japan Geotechnical Society after 
the 1999 Kocaeli earthquake in Turkey, involving a joint team of Japanese and 
Turkish scientists, was perhaps the most intensive investigation of that event, 
including a detailed building by building survey of more than 2000 buildings in 
the heavily damaged town of Gólcük (AIJ 2000). 


1.7.2 German Task Force (GTF) 


The German Task Force for Earthquakes is a multidisciplinary response team 
which was founded in 1993; it consists of scientists from geosciences, structural 
engineering, sociologists and rescue specialists. It has three subsections: geology 
and geophysics (the main core of the taskforce), building and underground studies, 
and economic and societal affairs (Eggert et al. 2014). An important aspect of GTF 
missions is the deployment of a network of strong motion instruments in the 
affected area, sometimes in collaboration with other scientific teams. Since 1993 
GTF participated in 22 national and international rapid response actions after 
earthquakes. Eleven of these are listed in Eggert et al. (2014) of which seven had 
structural engineering participation in the team. Dates and locations of these are 
listed in Table 1.1 and shown in Figs. 1.10, 1.11 and 1.12. The seismological data 
acquired is stored within the GEOFON data archive at GFZ Potsdam (http://geofon. 
gfz-postadam.de/waveform/). The building-related reconnaissance mission reports 
are available online at http://www.edac.biz/field missions/german  taskforce for | 
earthquakes.html?L=1 


1.7.3 AFPS (Association Francaise du Genie Parasismique) 


AFPS is a French society set up in 1983 on the initiative of Jean Despeyroux to 
promote the study of earthquakes and their consequences, and to promote measures 
to mitigate their effects and to protect human life. One of its central activities has 
been to send field missions to areas affected by earthquakes, especially, but not 
exclusively in French speaking countries. The first of these field missions was to the 
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1988 Spitak Armenia earthquake, and the AFPS website lists reports on 22 earth- 
quakes since that time which have been visited by AFPS teams. These are listed in 
Table 1.1, and shown in Figs. 1.10, 1.11 and 1.12. Reports on all these events are 
available through the AFPS website (www.afps-seisme.org). The 92-page Report 
on the 2003 Boumerdes Algeria earthquake (Mouroux 2003) is probably the most 
detailed available record of that event. 


1.8 Some Contributions of Post-Earthquake Field Missions 
to Earthquake Engineering 


1.8.1 Understanding Performance of Non-engineered 
Structures 


From Mallet onwards, field reconnaissance missions have frequently found that a 
large proportion of the damage has been suffered by so-called “non-engineered” 
structures, mostly ordinary domestic buildings built according to the local vernac- 
ular, but also larger public buildings, churches, mosques etc which may be of 
historical importance. Sections discussing the performance of non-engineered or 
vernacular structures often form a part of the field reconnaissance reports, espe- 
cially those of UNESCO and EEFIT, both of which organisations specifically set 
out to record such damage. 

Performance of non-engineered and/or historical buildings are discussed in 
detail for example in the UNESCO reports on the 1966 Varto, 1967 Mudurnu 
(Ambraseys et al. 1968), 1974 Pattan (Ambraseys et al. 1975) and 1976 Friuli 
earthquake and in the EEFIT reports on the 1990 Romania, (Pomonis 1990), 1992 
Erzincan (Williams 1992), 1997 Umbria-Marche (Spence 1998) and 2010 Maule, 
Chile (Lubkowski 2010) earthquakes. Additionally historical structures formed an 
important part also of the EEFIT report on the 2009 L’ Aquila earthquake (Rossetto 
2009). Other field investigators, notably Langenbach (2000), have focused 
exclusively on investigation of vernacular structures. In the 1997 Umbria-Marche 
and 2010 Maule earthquake it was possible to observe the performance of buildings 
which had been strengthened by relatively recent interventions specifically to 
improve their earthquake resistance (Fig. 1.15). 

The conclusions of such investigations reveal much of interest about the com- 
parative performance of different forms of traditional construction, and also about 
the performance of traditional structures by comparison with more recent 
engineered ones. In a variety of field reports, it has been observed that lightweight 
structures, using timber frames, have had a surprisingly good performance. Local 
traditions such as quincha and bahareque in Central and South America, himis and 
baghdadi in Turkey, and also masonry-infilled timber frame construction dhajji 
diwari in Kashmir performed comparatively well (Spence 2007) (Fig. 1.16). In 
Pakistan, as noted earlier, the UNESCO mission following the 1974 Pattan 
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Fig. 1.15 Investigation of 
the performance of 
strengthened historical 
structures formed part of the 
EEFIT reconnaissance 
following the 2010 Maule 
Chile earthquake 
(Lubkowski 2010) 


Fig. 1.16 Dhajji Diwari 
construction in Kashmir, 
found to have performed 
much better than more 
recent forms of construction 
in Indian Kashmir following 
the 2005 Kashmir 
earthquake (Langenbach 
2000) 


earthquake observed much better performance in stone masonry buildings in which 
the flat roof was independently supported on timber columns than in those buildings 
in which the roof was directly supported by the walls (Ambraseys et al. 1974) 
(Fig. 1.8). However, conversely, many local traditional building types, especially 
those using field stone masonry or earthen construction, performed very poorly, and 
uniformly collapsed at relatively low levels of ground motion. Buildings with heavy 
mud roofs, or vaulted roofs, have been found to perform very poorly. But also 
certain forms of timber-frame structure, such as the traditional heavy-roof con- 
struction in Kobe, often performed badly (Chandler and Pomonis 1995). 

For historical structures, several studies have concentrated on identifying the 
particular mechanisms of damage using methods proposed by Lagomarsino 
et al. 1997. Common mechanisms of damage found in the 1997 Umbria-Marche, 
2009 L'Aquila and 2010 Maule earthquakes include shear cracks in walls, separa- 
tion of walls at corners, overturning of facades, collapse of masonry arches and 
vaults, and separation of roof trusses from supporting walls. Strengthening inter- 
ventions intended to improve performance seem in some cases to have contributed 
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to the failure, as for example in the case of the Basilica of S Francesco at Assisi in 
1997 (Spence 1998), or more recent evidence of failure of several churches in 
L’ Aquila (Cimellaro et al. 2011) and Maule Chile (D’Ayala and Benzoni 2012). 

It is worth considering what have been the benefits of such field investigations 
for earthquake engineering, given that these are structure types which are not 
designed by engineers. One benefit is in loss modelling: the accumulation of data 
on damage enables us to model the performance of these building types, some of 
which continue to be built in large numbers, and to estimate, for future events, what 
damage and attendant casualties will occur given any particular ground motion 
scenario. A second, more positive benefit is that the observation of relative damage 
enables good practice to be identified. Many “building for safety” programmes have 
been set up, in recent years (ASAG 1996; Schilderman 2004), which have had the 
aim of bringing good earthquake resistant design practice to the construction of 
small buildings in rural areas through builder training, for example in the applica- 
tion of timber or reinforced concrete ring-beams to masonry structures, improving 
masonry bonding, promoting improved quincha construction etc., and nowadays 
using grouting or reinforced masonry (NSET 2005). There have been to date still 
relatively few such programmes and most have been confined to areas which are in 
the process of reconstruction following an earthquake; but they will be important as 
long as housing in earthquake risk areas continues to be owner-built rather than 
engineered. And this will continue to be an important role, currently rather 
overlooked, for the engineering profession. 

A further benefit is in the application to the protection of historical monuments. 
In countries such as Italy and Greece, protection of the national heritage of 
historical monuments has a high priority, and a huge number of valuable monu- 
ments are at risk from earthquakes and other hazards. The observation of damage 
from past earthquakes has enabled a number of common mechanisms of damage to 
be classified (Lagomarsino et al. 1997; D’Ayala 2013); and this enabled not only 
modelling of expected damage from future earthquakes, but also has led to devel- 
opment of techniques for improving the earthquake-resistance of such structures 
with minimal impact on the integrity of the ancient fabric of the monument. Such 
work has been the core of two recently completed EU-funded research programmes 
PERPETUATE (www.perpetuate.eu) and NIKER (www.niker.eu) (D'Ayala and 
Paganoni 2014). Thus earthquake field reconnaissance missions have fed directly 
and indirectly into important earthquake engineering work in the protection of 
Europe's historic monuments. 


1.8.2 Understanding Human Casualties 


Understanding of the direct and indirect causes of casualties (deaths and injuries) in 
earthquakes is of importance to help formulate appropriate mitigation strategies, to 
develop public advice for self-protection, for the planning of search and rescue, and 
also to enable loss modelling to include estimates of potential numbers of people 
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killed and injured in future earthquake scenarios. Most of what is currently under- 
stood about human casualties is derived from post-earthquake field investigations: 
although immediate post-earthquake reconnaissance missions have contributed 
important data on the most vulnerable locations and building types, much of the 
detailed understanding has come from a relatively small number of detailed surveys 
of earthquake survivors which have taken place in the months following earth- 
quakes. The factors influencing the likely numbers of casualties in any future event 
are numerous. An epidemiological summary of the available studies by Petal (2011) 
has identified 5 classes of variables affecting casualty rates: 


* [ndividual (demographics, location, individual behavior) 

* Hazard (nature of the ground motion) 

* Building (construction type, level and type of damage) 

* Mitigation (household preparedness and first response skills) 
* Response (speed and effectiveness of search and rescue) 


Alexander examined the casualty data following the 2009 L'Aquila earthquake, 
in which 308 people were killed, and related this to demographic factors and also to 
the nature of the damage and collapse of the local building stock (Alexander 2011), 
with a view to proposing better self-protective behavior. 

Koyama et al. (2011) carried out an extensive questionnaire survey in Ojiya City 
following the 2004 Niigata earthquake in Japan to understand the relationship 
between location, types and severity of injuries and the arrangement of the building 
and its furniture, and the activity of the occupants at the time of the earthquake. The 
aim was to help in loss modelling and to develop strategies for a life-loss reduction 
strategy. So et al. (2008), with the help of local co-workers, carried out investiga- 
tions using a survivor questionnaire following the 2005 Pakistan, 2006 Yogjakarta 
and 2007 Pisco earthquakes to identify the most important causal pathways of 
injuries and deaths, including examination of types level and causes of injuries, the 
form of construction and level of damage of the building occupied, and the extent of 
rescue and post-event treatment available. Figure 1.17 shows the interconnected set 
of factors found to affect the occurrence of deaths and injuries. 

From such investigations it is clear that it is the level and type of building 
damage that is the predominant variable affecting death and injury rates, the bulk of 
casualties occurring when the building not only suffers catastrophic damage, but 
collapses with significant volume loss. However, many other variables such as time 
of day, the nature of the ground motion, and the behavior of the occupants can have 
an important modifying influence on these casualty rates. Working with the USGS 
PAGER, So (2014) has developed estimates for the likely range of fatality rates 
which will be associated with building collapse for different classes of building 
taking account of their likely collapse patterns, to improve casualty estimates 
provided in the PAGER early post-earthquake alerts, which are now widely used 
by humanitarian agencies in the planning of emergency response (Jaiswal 
et al. 2011). 
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Fig. 1.17 Causes of human casualties in earthquakes: derived from post-earthquake reconnais- 
sance studies by So et al. (2008) 


1.8.3 Assembly of Data on Earthquake Consequences 


A number of the post-earthquake field missions considered have acquired damage 
data in a statistical form, either from field surveys or compiled from local reports. 
This has indeed been a main aim of several EEFIT missions. In the past, the data 
were made available through the mission-specific publication reports and through 
the research articles that discuss the observed vulnerability of selected building 
classes or cross-event summaries (Coburn and Spence 2002). However with the 
advent of new tools that allow the creation and design of web-accessible data 
architecture, a much wider accessibility of the data is now possible. Moreover, 
the publication in 2009 of the USGS ShakeMap archive (http://earthquake.usgs. 
gov/shakemap), provides an estimate of the ground shaking at any location in any 
past event. This enables cross-event analyses against a consistent set of estimated 
ground motions and their variable impacts for the first time. The Cambridge 
Earthquake Impacts Database (CEQID) (Spence et al. 2011) has been designed 
and assembled to take advantage of these new tools. 

CEQID (www.ceqid.org) is based on earthquake damage data assembled since 
the 1960s, complemented by other more recently published and some unpublished 
data. The database assembles the data into a single, organised, expandable and 
web-accessible format, with a direct access to event-specific shaking hazard maps. 
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Analytical tools are available which enable cross-event relationships between 
casualty rates, building classes and ground motion parameters to be determined. 
The Database is freely accessible to all users, and uses a simple xml format suitable 
for data mining. Location maps and images of damage are provided for each 
earthquake event. The Database links to the USGS ShakeMap archive to add data 
on local intensities and on measured ground shaking. 

Currently the database contains data on the performance of more than 1.3 
million individual buildings, in over 600 surveys following 51 separate earth- 
quakes, and the total is continuously increasing. The database also has a casualty 
element, which gives total recorded casualties (deaths, seriously and moderately 
injured), and casualty rates as a proportion of population with definitions of injury 
levels used, and information on dominant types of injury, age groups affected etc. 
Of the 51 events currently in the database, 23 were in Asia and the Pacific (12 of 
which were in Japan), 17 in Europe, Turkey and North Africa, and 11 in North or 
South America. Most of the surveys have been done in events since 1990; among 
these 51 events, 18 were prior to 1990, 21 between 1990 and 2000, and 14 since 
2000. Of the 1.3 million buildings in the database, 0.45 million do not have a well- 
defined building or structural typology given; of the remainder, 78 96 are of timber 
frame, 14 % masonry, 5 % reinforced concrete, and 3 % are of other structural 
types. Thus, in spite of its size, CEQID in its current state is patchy in global 
coverage, and in terms of building typologies. 

The cross event analysis tools of CEQID allow the construction of charts of 
empirical damage data related to consistent measures of ground motion derived 
from the USGS Shakemap archive to be used to show the relationship between 
damage and any chosen measure of ground motion. Thus post-earthquake damage 
data can be used directly to enable empirical vulnerability relationships to be 
developed for any given building type, making an important contribution to loss 
modelling capability. 


1.8.4 GEM Earthquake Consequences Database 


A more substantial assembly of earthquake consequence data has, over the last 
3 years, been taking place within the framework of GEM (the Global Earthquake 
Model), to complement a series of other hazard and risk components of the model 
(www.globalquakemodel.org). Like CEQID, GEMECD is also open-access, 
GIS-based and related to ground motion parameters derived from the USGS 
shakemap archive, but its scope and the number of events for which data are 
assembled is wider (So et al. 2012). 
GEMECD assembles consequence data of five different categories as follows: 


(a) Ground shaking damage to standard buildings (67 events) 
(b) Human casualty studies and statistics (26 events) 
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Fig. 1.18 Types of earthquake consequences considered in the GEM Earthquake Consequences 
database (So et al. 2012) 


(c) Ground shaking consequences on non-standard buildings, critical facilities, 
important infrastructure and lifelines (22 events), 

(d) Consequences due to secondary, induced hazards (landslides, liquefaction, 
tsunami and fire following) to all types of inventory classes (24 events, 13 of 
which are related to landslides) 

(e) Socio-economic consequence and recovery data (18 events) 


GEMECD has been designed in such a way as to be able to capture the full 
spectrum of earthquake consequences which can be visualised as a matrix of the 
interaction between the various inventory assets and the earthquake-related damage 
agents, as shown in Fig. 1.18. Like CEQID, GEMECD also has cross-event analysis 
tools which can be used to enable cross-event analyses to be derived for given 
inventory classes, and levels of ground motion, leading to more robust empirical 
vulnerability relationships. GEMECD can be accessed at http://www. 
globalquakemodel.org/what/physical-integrated-risk/consequences-database/ 


1.8.5 Post-Earthquake Image Archives 


Photographic images of geological impacts, damaged buildings and facilities have 
formed an important element of the record of field investigations from the earliest 
days, from Mallet's field investigation onwards. Photographs of damage accom- 
pany all UNESCO Mission reports though they were not separately archived. Both 
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EERI and EEFIT have compiled photographic datasets from all recent missions, 
including many images which were not included in mission reports, and these are 
now available in digital form. Since 2008, ImageCat, MCEER and UCL and several 
other collaborators have developed the Virtual Disaster Viewer (VDV) (www. 
virtualdisasterviewer.com) which links geolocated photos and other images with 
MS Virtual earth maps to provide an online tool for viewing damage and other 
earthquake effects from a particular event. Data from six earthquakes as well as 
several windstorm and tsunami events can be viewed. 

EEPImap is a new tool, currently under development at Cambridge Architectural 
Research which forms the first searchable photographic archive of earthquake 
damage photographs (http://www.eepimap.com). It is based on a georeferenced 
photographic database containing attributes of individual buildings and other struc- 
tures and the level of damage sustained. It can be searched online to provide cross- 
event datasets corresponding to a range of possible facility types and damage 
attributes. Currently it contains over 15,000 photographs from 40 events including 
most of those visited by EEFIT, and has facilities for easy uploading of additional 
data, so it is continually being expanded (Foulser-Piggott 2013). EEPImap is 
designed to be compatible with risk components of the Global Earthquake Model 
(GEM). 


1.8.6 Use and Limitations of Remote Sensing 


Aerial imagery for the identification of areas of serious damage in earthquakes has 
been used for some years (Saito et al. 2004), and an international consortium of 
research teams to promote this use has existed since 1994 (Eguchi and Massouri 
2005). Since their first availability around 2000, high-resolution optical satellite 
images as well as aerial images have been increasingly employed for early post- 
earthquake damage assessments at a building-by-building and local level. The 
potential benefits of such deployments are considerable: large damaged areas can 
be surveyed rapidly without being hampered by the emergency operation on the 
ground; rescue services can be directed to areas or buildings of greatest need; and 
the extent of damage can be assessed, leading to a valuable early estimate of 
reconstruction costs or insurance payouts, of value to international aid organiza- 
tions, bi-lateral/multi-lateral donors and to the insurance industry. Early work 
established that the human eye is better able to distinguish features of damage 
than computerised image analysis (Saito et al. 2004), and this has been the basis of 
much application since then. The Bam earthquake gave a strong spur to such work: 
13 separate papers on aspects of remote sensing were submitted to the Earthquake 
Spectra special issue on that event (Eguchi and Massouri 2005). 

The development of web-based crowd-sourcing techniques in recent years has 
created a further boost to the potential of such methods, enabling a large team of 
experienced people to share the task of building-by-building assessment over a 
large damaged area, so that an overall assessment can be produced very rapidly. 
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Fig. 1.19 Pictometry images of damage in the 2010 Haiti earthquake (Booth et al. 201 1a) 


After the 2010 Haiti earthquake, a team of more than 600 people, the GEOCAN 
network, was assembled by EERI within a few days of the earthquake, and 
produced a first damage map of the urban area of Port-au-Prince within a week of 
the occurrence of the event; and within 3 weeks a second more extensive and 
detailed study was prepared by the same team, involving damage assessments of 
107,000 buildings. The result of this was used for the validation of rapid sample 
ground-based assessment results carried out for the World Bank/UN/EU Post- 
Disaster Needs Assessment (Corbane et al. 2011). There are thus considerable 
financial implications for the accuracy of such estimates. 

Following the 2010 Haiti earthquake GEOCAN deployment, an independent on 
the ground validation exercise took place. The EEFIT reconnaissance mission 
looked closely on the ground at a very small sample of 142 buildings in the 
GEOCAN dataset. A new aerial imagery technique, Pictometry, which involves 
multi-angle images of each location with a horizontal resolution of better than 
25 cm, was also used to obtain a further damage dataset of 1241 buildings 
(Fig. 1.19) (Booth et al. 2011b). After the 2011 Christchurch earthquake, a further 
GEOCAN deployment took place, identifying damage levels for some 5000 build- 
ings in affected area, and this was able to be assessed against Building Safety 
Evaluations for these same buildings conducted by the Christchurch City Council 
(Foulser-Piggott et al. 2014). 

These two studies, though complicated by many methodological difficulties, 
were able to establish that, although most of the buildings identified by interpreta- 
tion of the remotely sensed image as being seriously damaged were in reality 
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seriously damaged, much of the heavy damage on the ground, including building 
collapses, were missed in the remote assessments. Heavy damage and collapse was 
obscured by vegetation, by proximity to other buildings, because the lower floor of 
a building collapsed, leaving upper stories and roofs intact, or because major 
damage ultimately leading to demolition was simply invisible from outside the 
building. Typically no more than around 40 % of the buildings which ground 
surveys identified as heavily damaged or collapsed were identified as such in the 
aerial imagery. The extent of underestimate depended on the resolution of the 
image, the level of experience of the image analyst, the construction typology of 
the building, and the type of damage. Damage to masonry buildings was easier to 
identify than that to either timber frame or reinforced concrete buildings; damage 
caused by foundation failure or subsoil liquefaction (a very important class of 
damage in the Christchurch earthquake) proved particularly difficult to identify 
(Foulser-Piggott et al. 2014). 

Many recommendations were made as a result of these studies to improve the 
results of future remotely-sensed damage assessments; and improvements in the 
quality of the available imagery will certainly continue to be made. Indeed it is 
probable that photography from low-level pilotless aircraft will in the near future be 
able to augment substantially the remotely sensed data available. But remote 
sensing cannot in the near future be expected to become a substitute for post- 
earthquake field reconnaissance. Assessments from remote sensing can be very 
useful to identify areas where damage is concentrated; to identify blocked roads and 
collapsed bridges; to identify areas of liquefaction (especially where these are 
associated with sand boils), and major landslides. They can also be used to make 
an approximate assessment of overall damage if enough is known about the likely 
omission errors in such assessments. But the detail of damage, the performance of 
different construction typologies, and the relationship of damage to quality of 
construction will continue to need investigations by experienced observers on the 
ground, at close quarters to, and where possible inside, the damaged buildings. 
Future remote sensing assessments should be planned to be coupled with field 
deployments to validate the results and to provide more of the detail which remote 
sensing cannot supply. 


1.9 The Future of Earthquake Field Missions 


Over the last 30 years there has been a huge change in the technology available to 
support earthquake field missions. Digital photography, GPS positioning, the inter- 
net, mobile phone networks, high resolution satellite reconnaissance, social media 
have all arrived and made their mark on the way earthquake reconnaissance mis- 
sions are conducted. This is in contrast to the construction technologies whose 
performance is being investigated, which have changed comparatively little in that 
time. Technology will continue to evolve at a rapid pace in both predictable and 
unpredicted ways, allowing improvements in speed of operation, in communication 
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between team members and base, and in the capturing of detail: through photo- 
graphic communication, some people will be able to contribute to the work of field 
missions without travelling to the affected area. For example, developments such as 
EEPI Map will allow for the crowdsourcing of photographs from general members 
of the public which can be assessed remotely and can help produce a rapid damage 
assessment of an area. 

As discussed above, the development of higher-resolution and other forms of 
remote sensing is not likely to eliminate the need for investigators in the field to 
view damage from close range. But it will enable teams to organise their field 
operations with support from continuously updated and pre-analysed remote sens- 
ing images. The development of databases of the building stock inventory (already 
in development through the GEM project) will enable teams to have access to pre- 
event data and images of each damaged object. As a response to such changes field 
teams may in future be smaller, more focussed on special aspects and deployed at 
different times. 

The collection of building-by-building data on damage has been an important 
feature of the work of some reconnaissance missions, and it is largely through such 
damage surveys that empirical fragility relationships for loss estimation have been 
developed. It is often assumed by reconnaissance teams that detailed building 
damage surveying will be done, over time, by national authorities and made 
available. But such official damage data often turns out to be inadequate for use 
in loss estimation, with damage levels and construction typologies poorly defined, 
and undamaged buildings often omitted. Assembling damage data through well- 
chosen local building-by-building sample datasets will continue to be of vital 
importance, and field surveys can now be supported through remote sensing to 
locate appropriate samples across a range of areas, not just those most heavily 
damaged. 

There is still a need to improve the level of international collaboration between 
field mission teams. Table 1.1 shows that the sites of a number of the most 
important earthquakes in recent years have been visited by multiple teams, which 
usually work independently of each other. In many of the affected countries 
significant expertise in earthquake engineering now exists, and it is vital for visiting 
reconnaissance teams to work with local experts, to learn from them, and share their 
own knowledge. This already happens, but should be extended in future. 

Recent events have shown that in many parts of the world, especially in poorer 
countries, there is an urgent need to improve the earthquake resistance of much of 
the existing building stock, as well as improve the standards of new buildings for 
the future. Thus future post-earthquake field missions are likely to be as much 
concerned with helping with developing resilience as recording damage: this will 
give rise to a need for a series of missions at different stages of the recovery cycle, 
and the involvement of more expertise from complementary disciplines such as 
sociology and urban planning. EEFIT and EERI already have funding in place 
permitting such operations. Given the probability of large urban disasters in the 
future it is important that field mission organisations make plans to be able to mount 
field missions in potentially challenging situations (such as that in Haiti in 2010). It 
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may also be that established field mission teams, now already familiar with study- 
ing tsunami impacts, should consider mounting, or supporting, field investigations 
following non-earthquake disasters such as volcanic eruptions or major typhoons 
where there is a similar need for rapid deployment to assemble perishable data. 


1.10 Conclusions 


* This paper set out to review the nature and practice of earthquake reconnaissance 
missions since the earliest examples to today’s practice, and to point out some of 
the ways in which the practice of earthquake engineering today has benefitted 
from field observations. 

* After a brief historical background the paper has concentrated on the missions of 
5 separate groups, active in the last 50 years, those of UNESCO, EERI, EEFIT 
and more briefly the Japanese Society for Earthquake Engineering, AFPS in 
France and the German Task force, all of whom have been involved in multiple 
international missions in that time. 

* Between these teams, 258 post-earthquake reconnaissance missions have been 
mounted , and they have investigated, and have reported on, 178 separate events. 
Of these 37 were in the European area, 64 in Asia, 64 in the Americas, 7 in 
Africa, and 6 in Australasia and the Pacific. The style of mission has varied 
considerably, from the small expert interdisciplinary scientist/engineer teams of 
UNESCO spending several weeks in the field to today's larger, more multidis- 
ciplinary teams with many specialists, but often on shorter initial missions 
sometimes backed by follow-up studies. 

* Reports on each mission have been prepared and those of current teams are 
available on their websites which have been referenced; often these have been 
accompanied by published papers. 

* The cumulative contribution of these field teams to earthquake engineering , 
seismology and to understanding the social and economic consequences of 
earthquakes has been considerable, leading to improved design codes and design 
practices, to better understanding of human behaviour and guidance to inhabi- 
tants of earthquake zones, and the accumulation of data on earthquake conse- 
quences enabling estimation of possible losses in future events to be made. 

* Animportant benefit to recent field studies has been the increasing availability of 
strong motion records of earthquakes, making it possible to link damage obser- 
vations to the level and characteristics of the causative ground motion. 

* Forengineered buildings, repeated observations of the same types of damage in 
many earthquakes has driven the development of the current generation of 
design codes; buildings designed and built to these codes have largely performed 
well in subsequent earthquakes. 

* Field investigations of the distribution of damage coupled with the increasing 
availability of strong ground motion recordings of the main shock and after- 
shocks, has led to a better understanding of the role played by site conditions on 
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the amplification of ground motion and the types and distribution of damage to 
structures. 

* The data on performance of lifelines assembled by field missions has identified 
both systems that have performed well and those that failed; and has resulted in 
numerous changes to design practices. 

* Studies of the behaviour of people and communities has made numerous con- 
tributions to preparedness planning, to organisation of search and rescue and to 
the improved planning of longer-term recovery. 

* The differences in the performance of domestic scale non-engineered structures 
of different forms of construction has become better understood, enabling 
guidelines to be developed for safer reconstruction in especially rural areas, 
and leading to effective building for safety programmes in reconstruction. 

* The likely mechanisms of collapse of historical masonry buildings have been 
identified, and some inappropriate earlier attempts at strengthening measures 
identified, leading to the development of appropriate techniques for strengthen- 
ing and protecting historical monuments. 

* The causes of human casualties resulting from building damage in earthquakes 
have become better understood, enabling better early estimation of likely losses, 
better design of effective measures for self-protection of the population, and 
better planning for early search and rescue activity. 

* The data acquired from past field missions has in recent years become more 
systematically documented and archived using web-based database technology, 
so that data can easily be accessed and retrieved, and so that cross-event analysis 
of damage and other impacts to particular components of the built environment , 
social and economic activities can be conducted. 

* Remote sensing technology has begun to make a contribution to the recording of 
earthquake damage, making possible early assessments of likely impacts. Much 
remains to be done to realise the full potential of these technologies, but their 
application will enhance rather than replace field investigations. 

* Future field missions will make use of rapidly developing technology for 
viewing, recording and communicating mission activities. They will be more 
interdisciplinary, carry out repeat missions, and concerned increasingly with 
developing resilience. They should not abandon collection of building-by-build- 
ing damage data through local surveys. 
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Chapter 2 
Rapid Earthquake Loss Assessment After 
Damaging Earthquakes 


Mustafa Erdik, K. Sesetyan, M.B. Demircioglu, C. Zülfikar, U. Hancilar, 
C. Tüzün, and E. Harmandar 


Abstract This article summarizes the work done over last decades regarding the 
development of new approaches and setting up of new applications for earthquake 
rapid response systems that function to estimate earthquake losses in quasi real time 
after an earthquake. After a critical discussion of relevant earthquake loss estima- 
tion methodologies, the essential features and the characteristics of the available 
loss estimation software are summarized. Currently operating near real time loss 
estimation tools can be classified under two main categories depending on the size 
of area they cover: Global and Local Systems. For the global or regional near real 
time loss estimation systems: GDACS, WAPMERR, PAGER, ELER and SELENA 
methodologies are. Examples are provided for the local rapid earthquake loss 
estimation systems including: Taiwan Earthquake Rapid Reporting System, Real- 
time Earthquake Assessment Disaster System in Yokohama, Real Time Earthquake 
Disaster Mitigation System of the Tokyo Gas Co., IGDAS Earthquake Protection 
System and Istanbul Earthquake Rapid Response System. 


2.1 Introduction 


As illustrated in Fig. 2.1 (after Bóse 2006), management of earthquake risks is a 
process that involves pre-, co- and post-seismic phases. Earthquake Early Warning 
(EEW) systems are involved in the co-seismic phase. These involve the generation 
of real time ground motion estimation maps as products of real-time seismology 
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Fig. 2.1 Pre- co- and post-earthquake risk management activities (After Bóse 2006) 


and/or generation of alarm signals directly from on-line instrumental data. The 
Rapid Response Systems take part immediately after the earthquake and provide 
assessment of the distribution of ground shaking intensity (so-called ShakeMaps) 
and information on the physical (buildings) damage, casualties (fatalities) and 
economic losses. This rapid information on the consequences of the earthquake 
can serve to direct the search and rescue teams to the areas most needed and assist 
civil protection authorities in the emergency action. As such, the need for a rapid 
loss estimate after an earthquake has been recognized and requested by govern- 
ments and international agencies. 

This study will critically review the existing earthquake rapid response systems 
and methodologies that serve to produce earthquake loss information (building 
damages, casualties and economic losses) immediately after an earthquake. 

Potential impact of large earthquakes on urban societies can be reduced by 
timely and correct action after a disastrous earthquake. Modern technology permits 
measurements of strong ground shaking in near real-time for urban areas exposed to 
earthquake risk. The assessments of the distribution of strong ground motion, 
building damage and casualties can be made within few minutes after an earth- 
quake. The ground motion measurement and data processing systems designed to 
provide this information are called Earthquake Rapid Response Systems. 

The reduction of casualties in urban areas immediately following an earthquake 
can be improved if the location and severity of damages can be rapidly assessed by 
the information from Rapid Response Systems. Emergency management centers of 
both public and private sector with functions in the immediate post-earthquake 
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period (i.e. SAR, fire and emergency medical deployments) can allocate and 
prioritize resources to minimize the loss of life. The emergency response capabil- 
ities can be significantly improved to reduce casualties and facilitate evacuations by 
permitting rapid and effective deployment of emergency operations. To increase its 
effectiveness, the Rapid Response data should possibly be linked with the incident 
command and emergency management systems. 

Ground motion data related with power transmission facilities, gas and oil lines 
and transportation systems (especially fast trains) allow for rapid assessment of 
possible damages to avoid secondary risks. Water, wastewater and gas utilities can 
locate the sites of possible leakage of hazardous materials and broken pipes. The 
prevention of gas-related damage in the event of an earthquake requires under- 
standing of damage to pipeline networks and prompt shut-off of gas supply in 
regions of serious damage. 

Available near real time loss estimation tools can be classified under two main 
categories depending on the size of area they cover: (1) Global/Regional Systems 
and (2) Local Systems. 

For the global or regional near real time loss estimation efforts, Global Disaster 
Alert and Coordination System (GDACS, http://www.gdacs.org), World Agency of 
Planetary Monitoring Earthquake Risk Reduction (QLARM, http://qlarm.ethz.ch), 
Prompt Assessment of Global Earthquakes for Response (PAGER, http://earth 
quake.usgs.gov/earthquakes/pager) and NERIES-ELER (http://www.koeri.boun. 
edu.tr/Haberler/NERIES %20ELER%20V3.1_6_176.depmuh) can be listed. 

Several local systems capable of computing damage and casualties in near real 
time already exist in several cities of the world such as Yokohama, Tokyo, Istanbul, 
Taiwan, Bucharest and Naples (Erdik et al. 2011). 


2.2 Earthquake Loss Estimation Methodology 


An extensive body of research, tools and applications exists that deals with all 
aspects of loss estimation methodologies. The components of rapid earthquake loss 
estimation will be addressed following the structures of the HAZUS-MH (2003) 
and the OpenQuake (Silva et al. 2013) earthquake loss assessment model. Both of 
these developments use comprehensive and rigorous loss assessment methodolo- 
gies that can only be adapted to rapid earthquake loss assessment after intelligent 
simplifications. 

The HAZUS-MH Earthquake Model (HAZUS-MH 2003) is developed to pro- 
vide a nationally applicable methodology for loss estimates of damage and loss to 
buildings, essential facilities, transportation and utility lifelines, and population 
based on scenario or probabilistic earthquakes. HAZUS first discusses the inventory 
data including the Collection and Classification schemes of different systems, 
attributes required to perform damage and loss estimation, and the data supplied 
with the methodology. The loss assessment methodology that HAZUS uses consists 
of the main components of: Potential Earth Science Hazard, Direct Physical 
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Fig. 2.2 Flowchart of the HAZUS earthquake loss estimation methodology 


Damage, Induced Physical Damage and Direct Economic/Social Loss, as illustrated 
in the flowchart provided in Fig. 2.2. As indicated by arrows on the flowchart, 
modules are interdependent with output of some modules acting as input to others. 

The main ingredients of the HAZUS loss assessment methodology are as 
follows. 


* Potential Earth Science Hazards: Potential earth science hazards include ground 
motion, ground failure (i.e., liquefaction, landslide and surface fault rupture) and 
tsunami/seiche. 

* Direct Physical Damage: Encompasses the modules for General Building Stock, 
Essential and High Potential Loss Facilities, Lifelines — Transportation and 
Utility Systems. The General Building Stock module determines the probability 
of Slight, Moderate, Extensive and Complete damage to general building stock 
through the use of fragility curves, that describe the probability of reaching or 
exceeding different states of damage given peak building response, and the 
building capacity (push-over) curves, that are used (with damping-modified 
demand spectra) to determine peak building response 
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* Induced Physical Damage: This module models the damage caused by Inunda- 
tion, Fires Following Earthquakes, Hazardous Materials Release and Debris. 

* Direct Economic/Social Losses: Casualties, Shelter Needs and Economic Loss 
models are encompassed under this component. The Casualty module describes 
and develops the methodology for the estimation of casualties, describes the 
form of output, and defines the required input. The methodology is based on the 
assumption that there is a strong correlation between building damage (both 
structural and nonstructural) and the number and severity of casualties. The 
module for Direct Economic Losses describes the conversion of damage state 
information into estimates of economic loss. The methodology provides esti- 
mates of the structural and nonstructural repair costs caused by building damage 
and the associated loss of building contents and business inventory. The Indirect 
Economic Losses are also treated as an extension of this module. 


A recent development on earthquake loss estimation based on comprehensive 
methodologies is the OpenQuake project (http://www.globalquakemodel.org/ 
openquake/) which has been initiated as part of the global collaborative effort 
entitled Global Earthquake Model (GEM) (http://www.globalquakemodel.org). 
OpenQuake is a web-based risk assessment platform, which offers an integrated 
environment for modeling, viewing, exploring and managing earthquake risk (Silva 
et al. 2013). The engine behind the platform currently has five main calculators 
(Scenario Risk, Scenario Damage Assessment, Probabilistic Event Based Risk, 
Classical PSHA-based Risk and Benefit-Cost Ratio). The Scenario Damage Assess- 
ment calculator uses a rigorous methodology in estimating damage distribution due 
to a single, scenario earthquake, for a spatially distributed building portfolio, which 
can be used for post-earthquake loss assessment. Workflow of the Scenario Damage 
Assessment is provided in Fig. 2.3, after Silva et al. (2013). 

In this methodology, a finite rupture definition of the earthquake needs to be 
provided, along with the selected GMPE. A set of ground-motion fields is com- 
puted, with the possibility of considering the spatial correlation of the ground- 
motion residuals. Then, the percentage of buildings in each damage state is calcu- 
lated for each asset the fraction of buildings in each damage state using the fragility 
models. By repeating this process for each ground-motion field, a list of fractions 
(one per damage state) for each asset is obtained to yield the mean and standard 
deviation of this list of fractions for each asset. The absolute building damage 
distribution is obtained by multiplying the number or area of buildings by the 
respective fractions with confidence intervals (Crowley and Silva 2013). 

The key ingredients of the OpenQuake scenario risk assessment methodology 
are as follows. 


* Rupture model (Finite Rupture Definition): The definition of the finite rupture 
model, specified by a magnitude and a rupture surface geometry, is a key input 
for scenario risk and damage analysis. The rupture surface geometry can be as 
simple as the hypocenter point or complex, described by the rake angle and other 
fault geometrical surface attributes, depending on the level of knowledge. 

* Fragility model: Fragility is defined as the probability of exceeding a set of limit 
states, given a range of intensity measure levels. A fragility model can either be 
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Fig. 2.3 Workflow of scenario risk assessment 


defined as: discrete fragility models, where a list of probabilities of exceedance 
per limit state are provided for a set of intensity measure levels, or as continuous 
fragility models, where each limit state curve is modeled as a cumulative 
lognormal function, represented by a mean and standard deviation. 

Exposure Model: The exposure model contains the information regarding on the 
assets (physical elements of value) exposed to the earthquake hazard within the 
region of interest. A number of attributes (such as: construction type/material, 
height, age and value) are required to define the characteristics of each asset. 
Building taxonomy (classification scheme) and the geographic location respec- 
tively allows for the association of the asset with the appropriate fragility 
function and the site-specific seismic hazard. 


The important ingredients of both of these earthquake loss estimation method- 


ologies, in consideration of the “rapid” assessment of earthquake losses, are Ground 
Motion, Direct Physical Damage to General Building Stock and as Direct Eco- 
nomic/Social (Casualties) Losses. 


2.2.1 Ground Motion 


Bird and Bommer (2004) has shown that 88 % of damage in recent earthquakes has 
been caused by ground shaking, rather than secondary effects (e.g. ground failures, 
tsunamis). As such the quantification of the vibratory effects of the earthquakes is of 
prime importance in rapid loss assessments. 
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Almost all deterministic earthquake loss assessment schemes rely on the quan- 
tification of the earthquake shaking as intensity measure parameters in geographic 
gridded formats. The earthquake shaking can be determined theoretically for 
assumed (scenario) earthquake source parameters through ground motion predic- 
tion relationships GMPE’s (i.e. attenuation relationships) or using a hybrid meth- 
odology that corrects the analytical data with empirical observations, after an 
earthquake. Either procedure yields the so-called, maps that display the spatial 
variation of the peak ground motion parameters or intensity measures. We owe this 
“ShakeMap” term to the USGS program that provides near-real-time maps of 
ground motion and shaking intensity following significant earthquakes in the 
United States as well as around the Globe (http://earthquake.usgs.gov/eqcenter/ 
shakemap/). ShakeMap uses instrumental recordings of ground motions, kriging 
techniques and empirical ground motion functions to generate an approximately 
continuous representation of the shaking intensity shortly after the occurrence of an 
earthquake (Wald et al. 2005). In this connection Harmandar et al. (2012) has 
developed a novel method for spatial estimation of peak ground acceleration in 
dense arrays. The presented methodology estimates PGA at an arbitrary set of 
closely spaced points, in a way that is statistically compatible with known or 
prescribed PGA at other locations. The observed data recorded by strong motion 
stations of Istanbul Earthquake Rapid Response System are used for the develop- 
ment and validation of the new numerical method. 

The data that are generated via ShakeMap can be used as inputs for the casualty 
and damage assessment routines for rapid earthquake loss estimation. In USA, and 
increasingly in other countries, these maps are used for post-earthquake response 
and recovery, public and scientific information, as well as for loss assessment and 
disaster planning. 

Needless to say, for rapid loss assessment after an earthquake the fast and 
reliable information on the source location and magnitude is essential. Most rapid 
loss basements (e.g. PAGER and QLARM) rely on teleseismic determinations of 
epicenters. This reliance can create error in loss estimations, especially in populated 
areas, since the mean errors in real-time teleseismic epicenter solutions, provided 
by U.S. Geological Survey (USGS, the PDE) and/or the European Mediterranean 
Seismological Center (EMSC), can be as large as 25-35 km (Wyss et al. 2011). 

Real-time seismology has made significant improvements in recent years, with 
source parameters now available within short time after an earthquake. In this 
context, together with the development of new ground motion predictive equations 
(GMPEs) that are able to account for source complexity, the generation of strong 
ground motion shaking maps in quasi-real time has become ever more feasible after 
the occurrence of a damaging earthquake (Spagnuolo et al. 2013). 

The increased availability of seismic intensity data (such as those from “Did You 
Feel It-DYFT" type programs) immediately following significant earthquakes offers 
the opportunity to supplement instrumental data for the rapid generation of 
ShakeMaps. With minor filtering and with sufficient numbers, the intensity data 
reported through DYFI were found to be a remarkably consistent and reliable 
measure of earthquake effects (e.g., Atkinson and Wald 2007). 
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2.2.2 Direct Physical Damage to Building Stock 


For the assessment of direct physical damages, general building stock inventory 
data and the associated fragility relationships are needed. 


2.2.2.1 Inventory 


To perform a seismic loss assessment, an inventory of the elements at risk should be 
defined. The classification systems used to define the inventories, the necessary 
inputs for each level of analysis and the default databases should be compatible 
with the fragility relationships. The definition of a classification system for the 
characterization of the exposed building stock and the description of its damage is 
an essential step in a risk analysis in order to ensure a uniform interpretation of data 
and results. For a general building stock the following parameters affect the damage 
and loss characteristics: structural (system, height, and building practices), 
nonstructural elements and occupancy (such as residential, commercial, and gov- 
ernmental). Building taxonomies define structure categories by various combina- 
tions of use, time of construction, construction material, lateral force-resisting 
system, height, applicable building code, and quality (HAZUS-MH 2003; 
EMS-98-Grünthal 1998; RISK-UE 2001—2004). The inter-regional difference in 
building architecture and construction practices should be reflected in building 
classifications for the development of inventories and fragility information. Only 
limited number of countries and cities has well developed building inventories. 
Several efforts are underway, such as PAGER and Global Earthquake Model-GEM 
(www.globalquakemodel.org) projects, to develop global building inventory 
databases. 

Publicly available data includes: UN-Housing database, UN-HABITAT, UN 
Statistical database on Global Housing (1993) housing censuses, Population and 
Housing Censuses of individual countries (United Nations 2005), the World Hous- 
ing Encyclopedia (WHE) database developed by EERI (2007). 

In order to quantify earthquake risk of any selected region or a country of the 
world within the Global Earthquake Model (GEM) framework (www. 
globalquakemodel.org/), a systematic compilation of building inventory and pop- 
ulation exposure is indispensable. Through the consortium of leading institutions 
and by engaging the domain-experts from multiple countries, the GED4GEM 
project has been working towards the development of a first comprehensive pub- 
licly available Global Exposure Database (Gamba et al. 2012). 

ELER software (Sect. 2.4.4 of this chapter) uses a proxy procedure that relies on 
land use cover and population distributions to develop regional scale building 
inventories (Demircioglu et al. 2009). 
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2.2.2.2 Fragility Functions 


A seismic fragility function defines loss (here, probability of buildings in various 
damage states as a result of direct physical damage) as a function of shaking 
intensity measure. The fragility functions can be classified under three main groups: 
Empirical (damage probability matrices or vulnerability functions based on field 
surveys, typology or expert judgement), Analytical (using capacity spectrum or 
other non-linear static procedures, collapse mechanism-based or displacement- 
based methods) or Hybrid. 

The statistical method for the development of structural fragility functions is 
empirical that is, it employs loss data from historical earthquakes. The observed 
damage at various locations can be correlated to instrumental ground motion, 
intensity or some measure of intensity (Spence et al. 1992). Statistically derived 
building damage probability matrices (DPM) where first proposed by Whitman 
et al. (1973). The DPMs developed in the ATC-13 (1985) use expert opinion. He 
essentially partitioned the observed damage data from the 1971 San Fernando 
earthquake using various structural classes (taxonomy) and damage state categories 
as a function of the ground motion intensity (MMI). The statistical (or observed) 
methods are of greater relevance with non-engineered buildings where substantial 
damage data is available. The statistical approach offers conceptual simplicity and 
confidence since it is based on empirical loss data. However, the averaging effect of 
the definition of the intensity between different building types and damage states 
sets a limit to their applications. Using the EMS’98 (Griinthal 1998) intensity 
definitions, Giovinazzi and Lagomarsino (2004) developed a method on the basis 
of beta damage distribution and fuzzy set theory to produce DPM’s. This method 
has been incorporated into the ESCENARIS and ELER earthquake loss assessment 
tools (Sect. 2.3). Empirical vulnerability curves (Rossetto and Elnashai 2003) and 
PSI-via-MSK (Spence et al. 1991) and are developed to give a continuous function 
of intensity versus damage. 

Analytical (or predicted) fragility refers to the assessment of expected perfor- 
mance of buildings based on calculation and building characteristics, or on judg- 
ment based on the “expert’s” experience. The fragility relationships refer to the 
structural damage states defined (essentially on the basis of displacement drifts) as 
Slight, Moderate, Extensive and Complete. Each fragility curve is associated with a 
standard deviation that encompasses the uncertainties stemming from damage 
threshold, capacity spectrum and the seismic demand. 

An analytical method for estimating seismic fragility that uses nonlinear pseudo- 
static structural analysis is described by Kircher et al. (1997), where the lateral force 
versus the lateral displacement curve of the building structure, idealized as an 
equivalent nonlinear, single degree of freedom (SDOF) system, is obtained. This 
curve is transformed to the spectral displacement-spectral acceleration space to 
obtain the so-called capacity spectrum. Building capacity spectra vary between 
different buildings reflecting structural types, local construction practices and 
building code regulations. 
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The analytical fragility procedure, commonly called the Capacity Spectrum 
Method, essentially involves the comparison of the capacity of a structure, 
represented by the capacity spectrum, with the seismic demand represented by an 
acceleration displacement response spectrum (ADRS — Mahaney et al. 1993). The 
“performance point” of a model building type is obtained from the intersection of 
the capacity spectrum and the demand spectrum and this is then input into fragility 
curves which allow the probability of exceeding a number of damage states, given 
this performance point. 

The capacity spectrum method, originally derived by Freeman (1998), is first 
implemented within the HAZUS procedure (FEMA 1999, 2003) as well as in many 
other earthquake loss estimation analyses: HAZ-Taiwan (Yeh et al. 2000, 2006), 
Risk-UE (Mouroux et al. 2004; Mouroux and Le Brun 2006), EQRM (Robinson 
et al. 2005), SELENA (Molina and Lindholm 2005 and ELER (Erdik et al. 2008, 
2010; Hancılar et al. 2010). 

DBELA (Displacement-Based Earthquake Loss Assessment) method (Crowley 
et al. 2004; Bal et al. 20082) relies on the principles of direct displacement-based 
design method of Priestley (1997, 2003). DBELA method compares the displace- 
ment capacities of the substitute SDOF models of the buildings are compared with 
the seismic demand at their effective periods of vibration at different levels of 
damage. Buildings are classified on the basis of their response mechanisms: beam- 
sway or column-sway and the displacement capacities and periods of vibration for 
each damage state computed. Structural displacements are used to define the limit 
states of damage. 


2.2.3 Casualties as Direct Social Losses 


One of main reasons for rapid earthquake loss estimation is to estimate the spatial 
distribution of casualties, such that the search and rescue (SAR) and other emer- 
gency response activities can be prioritized and rationally coordinated. Casualty 
estimations encompass significant uncertainties since the casualty numbers vary 
greatly from one earthquake to another and they are poorly documented. 

Apart from simple correlations with intensity or magnitude and population 
density, the casualty numbers are generally estimated via a correlation with the 
damage state experienced by a structure, the time of day, the structural use, and 
other factors. ATC-13 (1985) casualty estimation model consists of tabulated injury 
and death rates related to a building's level of damage, or damage state, providing a 
4:1 ratio of serious injuries to deaths, and 30:1 ratio of minor injuries to deaths. The 
model does not provide any differentiation of structural types, suggesting only 
taking 10 96 of the rates for light steel and wood-frame structures. 

The casualty estimation model of Coburn and Spence (2002) is based on the 
distribution of buildings in the complete damage state (D5) as defined in EMS’98. 
The number of deaths is obtained by multiplication of D5, average people in each 
collapsed building, percentage of occupants at time of shaking, expected trapped 
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occupants, mortality at collapse and mortality post-collapse. However, it is not in 
event tree format and does not account for non collapse (damage) related casualties, 
nor does it account for the population not indoors at the time of earthquake. Coburn 
and Spence (2002) notes that especially for cases of moderate levels of damage, 
i.e. those where fewer than 5000 buildings were damaged, the casualty estimations 
could be highly inaccurate. Irrespective of the methodology chosen, casualty 
numbers are computed for three different day time scenarios (night time, day 
time, and commuting time). This methodology was then improved through the 
LessLoss methodology of Spence (20072) with other damage states also taken into 
account in terms of fatalities. In addition, updated casualty and injury ratios were 
produced based on a greater set of earthquakes. So and Spence (2009) explored 
further the relationship of building. 

HAZUS-MH (2003) model estimates casualties directly caused by structural or 
nonstructural damage under four severity levels to categorize injuries, ranging from 
light injuries (Severity Level 1) to death (Severity Level 4). The model provides 
casualty rates for different structural types and damage states. Relevant issues in 
casualty estimation such as occupancy potential, collapse and non-collapse vulner- 
ability of the building stock, time of the earthquake occurrence, and spatial distri- 
bution of the damage, are included in the methodology. Casualties caused by a 
postulated earthquake can be modeled by developing a tree of events leading to 
their occurrence. 

Recent empirical methods of Porter et al. (2008a, b), Jaiswal et al. (2009) and 
Jaiswal and Wald (2010c) have concentrated on the key parameters of intensity as 
the hazard metric versus fatality to population ratios or the death rate in collapsed 
buildings, using expert opinion related collapse ratios and historical data. The 
earthquake fatality rate is defined as total killed divided by total population exposed 
at specific shaking intensity level. The total fatalities for a given earthquake are 
estimated by multiplying the number of people exposed at each shaking intensity 
level by the fatality rates for that level and then summing them at all relevant 
shaking intensities. The fatality rate is expressed in terms of a two-parameter 
lognormal cumulative distribution function of shaking intensity. The parameters 
are obtained for each country or a region by minimizing the residual error in 
hindcasting the total shaking-related deaths from earthquakes recorded between 
1973 and 2007. A new global regionalization scheme is used to combine the fatality 
data across different countries with similar vulnerability traits. 

The study of the socio-economic losses associated with past earthquakes has 
gained a new dimension with the development of the worldwide catalogue of 
damaging earthquakes and secondary effects database (CATDAT) (Daniell 
et al. 2011c, 2012b). CATDAT has been created using over 20,000 information 
sources to present loss data from 12000+ historical damaging earthquakes since 
1900, with 7000+ examined and validated before insertion into the database. In 
addition to seismological information, each earthquake includes parameters on 
building damage data and socio-economic losses. CATDAT have facilitated the 
study of socio-economic earthquake losses and the derivation of associated fragil- 
ity/vulnerability relationships. Daniell (2014) has developed an approach to rapidly 
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calculate fatalities and economic losses from earthquakes using the input of inten- 
sity based map and historical earthquakes as a proxy over multiple temporal and 
spatial scales. The population and its social and economic status for each earth- 
quake were compared to the detailed socio-economic data in CATDAT to produce 
the functions. Temporal relationships of socio-economic losses were explored in 
order to calibrate loss functions. 


2.2.4 Estimation of Economic Losses 


Financial loss is, essentially, the translation of physical damage into total monetary 
loss using local estimates of repair and reconstruction costs. Studies on economic 
impacts of earthquakes have been usually examined in two categories: (a) loss 
caused by damage to built environment (direct loss), and (b) loss caused by 
interruption of economic activities (indirect loss). Simple economic loss models 
are based on direct calculation of property values multiplied by some form of 
damage metric. 

HAZUS-MH (2003) estimates losses at three levels of accuracy: Levels 1, 2, and 3. 


Level 1: A rough estimate based solely on data from national databases (demo- 
graphic data, building stock estimates, national transportation and infrastructure 
data) included in the HAZUS-MH software distribution. 

Level 2: A more accurate estimate based on professional judgment and detailed 
information on demographic data, buildings and other infrastructure at the local 
level. 

Level 3: The most accurate estimate based on detailed engineering input that 
develops into a customized methodology designed to the specific conditions of 
a community. 


The level of accuracy encompassed in “Level 1” can be suitable for post- 
earthquake rapid economic loss assessment. 

Through use of statistical regression techniques, data from past earthquakes can 
be used to develop relationships (Loss Functions) for predicting economic losses. 
However the existing economic loss data are scarce, biased for heavy damage and 
could also be proprietary. Loss functions can be estimated by using analytical 
procedures in connection with a Monte Carlo simulation technique. However, 
such procedures are not intended for rapid loss estimation type applications. 

Losses are generally calibrated to damage states in order to determine direct 
losses. The definition of the slight, moderate and heavy damage classes in terms of 
losses has a large variation in terms of potential loss estimates. Let alone the rapid 
assessment, even the formal quantification of economic losses is a very challenging 
issue. The technical manual of HAZUS-MH states that the total uncertainty 
(including that of the ground shaking) is “possibly at best a factor of two or more". 

Chan et al. (1998) have proposed a quick and approximate estimation of 
earthquake loss using with detailed local GDP and population data, instead of the 


2 Rapid Earthquake Loss Assessment After Damaging Earthquakes 65 


detailed building inventory required in traditional loss estimation methodologies. 
This method has been used for numerous case studies. Their method combines 
seismic hazard, GDP, population data, published earthquake loss data, and the 
relationship between GDP and known seismic loss, to estimate earthquake loss 
from the following relationship: 


L — E P(I) x F(I,GDP) x GDP (2.1) 


where L is the economic loss, P(I) is the probability of an earthquake of intensity I, 
and F(LGDP) is a measure of the area's fragility to earthquake damage for the given 
GDP value and the earthquake of intensity I. The GDP is used as a macroeconomic 
indicator to represent the total exposure of an area in the earthquake loss estimation. 
In this study F(LGDP) is determined from the relationship between reported losses 
from earthquakes to the computed GDP of the affected area. Since GDP is usually 
provided for a country, it must be apportioned over the nation to the affected area. 
For this purpose Chan et al. (1998) relies on the correlation between GDP and 
population density. 

The estimates of the direct economic losses due to building damage, which 
consist of capital stock loss, are relatively easier to be included in rapid loss 
assessments. These losses are generally quantified as Loss Ratios (LR) — the loss 
as a percentage of the building replacement value. The economic losses to other 
elements of the built environment and indirect economic losses, representing the 
losses due to various forms of post-earthquake socioeconomic disruptions (such as 
employment and income, insurance and financial aids, construction, production and 
import-export of goods and services) cannot be rationally included in rapid earth- 
quake loss assessment estimations. 

Jaiswal and Wald (2011, 2013) have developed a model of economic losses 
based on economic exposure versus intensity correlations to rapidly estimate 
economic losses after significant earthquakes worldwide. The requisite model 
inputs are shaking intensity estimates made by the ShakeMap system, the spatial 
distribution of population available from the LandScan database, modern and 
historic country or sub-country population and Gross Domestic Product (GDP) 
data, and economic loss data from Munich Re’s historical earthquakes catalog. 
Earthquakes from 1980 to 2007 were examined using economic loss estimates from 
past events from the MunichRe NatCat Service database. The methodology uses a 
wealth index as a proxy for exposure, multiplying this in much the same way as a 
multiplier-output ratio has been applied in Chen et al. (1997a). The process consists 
of using a country specific multiplicative factor to accommodate the disparity 
between economic exposure and the annual per capita GDP, and it has proven 
successful in hindcasting past losses. Although loss, population, shaking estimates, 
and economic data used in the calibration process are uncertain, approximate 
ranges of losses can be estimated for the primary purpose of gauging the overall 
scope of the disaster and coordinating response. The proposed methodology is both 
indirect and approximate and is thus best suited as a rapid loss estimation model for 
applications. 
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Daniell et al. (2012a) has analysed the trends in economic losses (direct, indirect 
and insured) in earthquakes since 1900 using CATDAT Damaging Earthquakes 
Database and developed methodologies for the rapid assessment of economic losses 
(Daniell 2014). In order to compare the economic losses of the historic earthquakes, 
the losses were converted into today’s dollars. 


2.2.5 Uncertainties in Loss Estimation 


Uncertainties are inherent in any loss estimation methodology. They arise in part 
from incomplete scientific knowledge concerning earthquakes, earthquake ground 
motion and their effects upon buildings and facilities. They also result from the 
approximations and simplifications that are necessary for comprehensive analyses. 
Incomplete or inaccurate inventories of the built environment, demographics and 
economic parameters add to the uncertainty. These factors can result in a range of 
uncertainty in loss estimates produced by the HAZUS-MH Earthquake Model, 
possibly, at best, a factor of two or more. HAZUS-MH (2003). 

The earthquake loss estimations should consider the uncertainties in seismic 
hazard analyses, and in the fragility relationship. There exits considerable amount 
of epistemic uncertainty and aleatory variability in ShakeMaps. Accuracy of the 
ShakeMap is mainly related to two factors: (1) the proximity of a ground motion 
observation location, i.e. the density of the strong ground motion network in the 
affected area, and (2) the uncertainty of estimating ground motions from the GMPE, 
most notably, elevated uncertainty due to initial, and unconstrained source rupture 
geometry. The epistemic uncertainties become highest for larger magnitude events 
when rupture parameters are not yet well constrained (Wald et al. 2008). Aleatory 
uncertainties may be reduced if the bias correction with recorded amplitudes is 
performed directly on the ground surface rather than at bedrock level which the case 
in the current ShakeMap application (USGS, ShakeMap). 

The reliability of the fragility relationships is related to the conformity of the 
ground motion intensity measure with the earthquake performance (damage) of the 
building inventory. Estimates of human casualties are derived by uncertain relation- 
ships from already uncertain building loss estimates, so the uncertainties in these 
estimates are compounded (Coburn and Spence 2002). 

It is possible to examine the effect of cumulative uncertainties in loss estimates 
using discrete event simulation (or Monte-Carlo) techniques if the hazard and that 
the probability distribution of each of the constituent relationships is known. The 
general finding of the studies on the uncertainties in earthquake loss estimation is 
that the uncertainties are large and at least as equal to uncertainties in hazard 
analyses (Stafford et al. 2007). 
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2.3 Earthquake Loss Estimation Software Tools 


For known inventories of buildings and under conditions where the earthquake 
hazard in terms of ground shaking distribution can be assessed rapidly after an 
earthquake, these tools can be adapted for rapid loss estimation. Daniell (2009, 
2011b) has provided a comprehensive comparison between different earthquake 
loss estimation software packages, in terms of their applicability regions, exposure 
resolution (district, city, regional, country), hazard (deterministic predicted, deter- 
ministic observed, probabilistic), vulnerability type (analytical, empirical, socio- 
economic). Strasser et al. (2008) has provided a comparison of five selected 
European earthquake loss estimation software packages (KOERILOSS-ELER, 
SELENA, ESCENARIS, SIGE-DPC and DBELA), using Istanbul as a test bed. 
The packages considered common inputs in terms of ground motions, building 
inventory and population; however the fragility functions and modelling assump- 
tions differed in each package. The overall estimates of building damage were close 
to each other. However, the results often substantially differed at grid cell level. In 
terms of social losses, the predictions from the various approaches show a large 
degree of scatter, mostly driven by differences in the casualty rates assumed. 

A brief description and references for the selected earthquake loss assessment 
software can be given as follows: 


2.3.1 HAZUS 


HAZUS-MH (FEMA and NIBS 2003) is developed by the United States Federal 
Emergency Management Agency (FEMA) for the prediction and mitigation of 
losses due to earthquakes (HAZUS), hurricanes and floods (Whitman et al. 1997; 
Kircher et al. 2006). The package is intended for U.S. applications only and 
includes federally collected data as default. The inventory is classed based on 
36 different types of building based on construction standards and material as 
well as size and building use. HAZUS-MH MRZ2 version, released in 2006, includes 
the capability for rapid post-event loss assessment. 


2.3.20 EPEDAT 


The EPEDAT (Early Post-Earthquake Damage Assessment Tool) is designed by 
EQE International, Inc. for post-earthquake loss estimation (Eguchi et al. 1997). 
The output encompasses damage (building and lifelines) and casualty for California 
based on county specific housing and demographic data. It is Windows-based and 
uses Modified Mercalli Intensity to quantify the hazard. 
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2.3.8 SIGE 


SIGE, developed by Italian National Seismic Service of the Civil Protection 
Department, is used for rapid approximate estimate of the damage (Di Pasquale 
et al. 2004). The first update of the program (FACES) considers linear sources, 
directivity effects, and the influence of focal depth. The most recent modification of 
the codes has been implemented in a new model called ESPAS (Earthquake 
Scenario Probabilistic Assessment). 


2.3.4 KOERILOSS 


A scenario-based building loss and casualty estimation model developed by 
Bogazici University (Erdik and Aydinoglu 2002; Erdik et al. 2003a, b; Erdik and 
Fahjan 2006) for estimating earthquake losses in Istanbul, Izmir, Bishkek and 
Tashkent. Derivatives of the model were used in the EU FP5 LessLoss project as 
well as for the assessment of scenario earthquake losses in Amman. The method- 
ology considers both deterministic (scenario) and probabilistic forecasting 
approaches. The fragility calculations can be based on empirical results (EMS 
intensity-based) or on a response-spectrum-based method similar to HAZUS. It is 
used for rapid loss assessment in connection with the Istanbul Earthquake Rapid 
Response System, described in Sect. 2.5.3 of this chapter. 


2.3.5 ESCENARIS 


ESCENARIS (Roca et al. 2006) is the software tool developed for Catalonia. The 
methodology relies on the use of scenario-based earthquake hazards and intensity- 
based empirical fragility functions of Giovinazzi (2005). The losses are based on 
the building stock and classes of social impact. 


2.3.6 CAPRA 


CAPRA (Central American Probabilistic Risk Assessment — www.ecapra.org) 
Project has developed a region-specific Earthquake Loss Estimation model using 
a Web 2.0 format. It is currently under construction (Anderson 2008). 
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2.3.7 LNECLOSS 


LNECLOSS is a software package developed by the Laboratorio Nacional de 
Engenharia Civil (LNEC) in Lisbon, Portugal (Sousa et al. 2004). LNECloss is an 
earthquake loss assessment tool, integrated on a Geographic Information System 
(GIS), which comprises modules to compute seismic scenario bedrock input, local 
soil effects, fragility and fragility analysis, human and economic losses. LNECloss 
was applied to Metropolitan Area of Lisbon (Zonno et al. 2009). 


2.3.8 SELENA 


SELENA (Seismic Loss Estimation Using a Logic Tree Approach) is a software 
package developed at NORSAR for earthquake building damage assessment 
(Molina and Lindholm 2005). SELENA uses the capacity-spectrum method 
(HAZUS methodology, ATC-55-ATC 2005) with a logic tree-based weighting of 
input parameters that reportedly allows for the computation of confidence intervals. 
GIS software can be utilized at multiple levels of resolution to display predicted 
losses graphically. Detailed information on SELENA is provided in Sect. 2.4 of this 
chapter. 


2.3.9 DBELA 


DBELA (Displacement-Based Earthquake Loss Assessment) is an earthquake loss 
estimation tool currently being developed at the ROSE School/EU-Centre in Pavia 
(Crowley et al. 2004; Calvi et al. 2006; Bal et al. 2008a). The methodology is 
essentially based on comparison of the displacement capacity of the building stock 
(grouped by structural type and failure mechanism) and the imposed displacement 
demand from a given earthquake scenario. The methodology aims to allow a good 
correlation with damage, ease of calibration to varying building stock characteris- 
tics and systematic treatment of all sources of uncertainty. It takes into account the 
uncertainties associated through the process for demand and capacity. Applications 
of the methodology were carried out for loss assessment in the Marmara Region 
(Bommer et al. 2006). 


2.3.10 EQSIM 


EQSIM (EarthQuake damage SIMulation) is the rapid earthquake damage estima- 
tion component of the Disaster Management Tool (DMT) currently being 
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developed at the University of Karlsruhe (Baur et al. 2001; Markus et al. 2004). The 
loss estimation methodology is based on the adaptation capacity spectrum method 
used in HAZUS to reflect the European building practice. EQSIM has been used to 
assess earthquake losses in Bucharest on the basis of scenario earthquakes (Wenzel 
and Marmuraenu 2007). 


2.3.11 QUAKELOSS 


QUAKELOSS is a computer tool for estimating human loss and building damage 
due to Earthquakes developed by the staff of the Extreme Situations Research 
Center in Moscow. An earlier version of this program and data set is called 
EXTREMUM (Larionov et al. 2000). QUAKELOSS software is used by the 
World Agency of Planetary Monitoring and Earthquake Risk Reduction 
(WAPMERR) to provide near-real-time estimates of deaths and injuries caused 
by earthquakes anywhere in the world. The building inventory reportedly incorpo- 
rates data from about two million settlements throughout the world. 


2.3.12. NHEMATIS 


NHEMATIS (Natural Hazards Electronic Map and Assessment Tools Information 
System) has been developed Emergency Preparedness Canada (Couture 
et al. 2002). It is a national-scale automated facility for the collection and analysis 
of natural hazard information combined with characterizations of population and 
infrastructure to allow analyses of risks. Similar to HAZUS, NHEMATIS integrates 
an expert system rule base, geographic information system (GIS), relational data- 
bases, and quantitative models to permit assessment of the hazard impact. 


2.3.13 EQRM 


EarthQuake Risk Management (EQRM), developed by Geoscience Australia, is an 
event-based tool for earthquake scenario ground motion and scenario loss modeling 
as well as probabilistic seismic hazard and risk modeling (Robinson et al. 2005, 
2006). The risk assessment methodology is based on the HAZUS methodology with 
some modifications to adapt it to Australian conditions. It has the potential to be 
used with earthquake monitoring programs to provide automatic loss estimates. 
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2.3.14 OSRE 


The Open Source Risk Engine (OSRE), developed in Kyoto University — Graduate 
School of Engineering — Department of Urban Management, is multi-hazards open- 
source software that can estimate the risk (damage) of a particular site (object) 
given a hazard and the fragility with their associate probability distributions 
(AGORA-Alliance for Open Risk Analysis, http://www.risk-agora.org). The cata- 
logue fragility data for different facility classes was obtained from ATC-13. 


2.3.15 ELER 


The Joint Research Activity 3 (JRA3) of the EU Project NERIES has developed a 
methodology and software “Earthquake Loss Estimation Routine - ELER” (ELER 
V3.1 2010; Erdik et al. 2008, 2010) for rapid estimation of earthquake damages and 
casualties throughout the Euro-Med Region. ELER is designed as open source 
software to allow for community based maintenance and further development of 
the database and earthquake loss estimating procedures. The software provides for 
the estimation of losses in three levels of analysis. These levels of analysis are 
designed to commensurate with the quality of the available building inventory and 
demographic data. Detailed information on ELER is provided in Sect. 2.4 of this 
chapter. 


2.3.16 MAEVIZ 


MAEviz, developed in the Mid-America Earthquake Center in University of Illi- 
nois, integrates spatial information, data, and visual information to perform seismic 
risk assessment and analysis (http://mae.ce.uiuc.edu/software and tools/maeviz. 
html). It can perform earthquake risk assessment for buildings (structural and 
non-structural damage), bridges and gas networks with a built-in library of fragility 
relationships. In addition to applications in USA and important application of the 
software has been conducted for the Zeytinburnu District of Istanbul (Elnashai 
et al. 2007). 


2.4 Earthquake Rapid Loss Assessment Systems 


Available near real time loss estimation tools can be classified under two main 
categories depending on the size of area they cover: (1) Global or Regional Systems 
and (2) Local Systems. For the global or regional near real time loss estimation 
efforts the following developments will be considered: 
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* Global Disaster Alert and Coordination System — GDACS (http://www.gdacs. 
org), 

* World Agency of Planetary Monitoring Earthquake Risk Reduction — 
WAPMERR (http://www.wapmerr.org), 

* Prompt Assessment of Global Earthquakes for Response — PAGER (http:// 
earthquake.usgs.gov/eqcenter/pager/), 

* Earthquake Loss Estimation Routine — ELER (http://www.koeri.boun.edu.tr/ 
Haberler/NERIES %20ELER%20V3.1_6_176.depmuh) 

* Seismic Loss Estimation using a Logic Tree Approach - SELENA (http://selena. 
sourceforge.net/selena.shtml) 


A description of the important rapid earthquake loss assessment systems with 
global or regional coverage will be provided in the following sub-sections. 


2.4.1 PAGER (Prompt Assessment of Global Earthquakes 
for Response) 


PAGER (Prompt Assessment of Global Earthquakes for Response) is an automated 
system that produces content concerning the impact of significant earthquakes 
around the world, informing emergency responders, government and aid agencies, 
and the media of the scope of the potential disaster. PAGER has three separate 
methodologies for earthquake loss estimation as part of their package (empirical, 
semi-empirical and analytical). PAGER rapidly assesses earthquake impacts by 
comparing the population exposed to each level of shaking intensity with models of 
economic and fatality losses based on past earthquakes in each country or region of 
the world (Earle et al. 2009a, b). PAGER products are generated for all earthquakes 
of magnitude 5.5 and greater globally and for lower magnitudes of about 3.5-4.0 
within the US. PAGER’s results are posted on the USGS Earthquake Program Web 
site (http://earthquake.usgs.gov/) and sent in near real-time to emergency 
responders, government agencies, and the media. In the hours following significant 
earthquakes, as more information becomes available, PAGER’s content is 
modified. 


2.4.1.1 Process 


The following steps are used in the PAGER methodology: 


1. After the magnitude and hypocenter of an earthquake are determined. The 
PAGER process begins for each new event with the determination of the 
earthquake source parameters, macroseismic data and the resulting ShakeMap. 
For large earthquakes ShakeMaps are further constrained (if available, within 
several hours) by finite-fault waveform inversions (Wald et al. 2008). The 
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ShakeMaps are constrained, if available, by measurements from strong-motion 
seismometers in the region surrounding the ruptured fault. In case ground motion 
recordings are insufficient, ShakeMaps are constrained using empirical ground 
motion prediction equations based on magnitude, site amplification, and distance 
to the fault. Observations reported by people in the shaken region using the 
USGS “Did You Feel It" system (Wald et al. 1999) are converted to estimates of 
shaking intensity and also used to constrain the ground motion distribution. 
ShakeMap generates a soil/rock site-specific ground-motion amplification map 
based on topographic slope and then converts the estimated ground motions to a 
map of seismic intensities. 

2. Following the determination of the shaking distribution, PAGER takes the grid 
shaking parameter values produced by ShakeMap and determines the settle- 
ments (Geonames, http://www.geonames.org) and the population (LandScan) 
database in each grid cell (accounting for time of day, Jaiswal and Wald 2008a) 
exposed to each level of Intensity (MMI). 

3. Based on the population exposed to each shaking intensity level, the PAGER 
system estimates total shaking-related losses based on country-specific models 
developed from economic and casualty data collected from past earthquakes. 

4. PAGER’s output is distributed by e-mail and is available on the USGS Earth- 
quake Program webpage (http://earthquake.usgs.gov/pager/). The maps and 
tables in this output provide a quick assessment of the estimated impact of the 
earthquake. The maps provide an indication of the geographic extent of the 
shaking and distribution of the affected population. The Earthquake Impact 
Scale provides alert levels for fatalities and economic losses. These alert levels 
are based on the range of most likely losses due to earthquake shaking and the 
uncertainty in the alert level can be gauged by the histogram, depicting the 
percent likelihood that adjacent alert levels (or fatality/loss ranges) occur. The 
table included provides information on the impact of an earthquake by providing 
the total number of people within the map boundary estimated to have experi- 
enced each MMI level from I (not felt) to X (extreme) and information on 
possible building damage at different MMI levels for resistant and vulnerable 
structures. 


2.4.4.2 Building and Population Inventories and Fragilities 


EXPO-CAT  (http://earthquake.usgs.gov/research/data/pager/expocat) provides 
first-order estimates of the number of people exposed to significant global earth- 
quakes since 1973 using current PAGER methodology (Allen et al. 2009a, b). It 
combines earthquakes in the Atlas of ShakeMaps (Allen et al. 2008) with a gridded 
global population database to estimate population exposure at discrete levels of 
macroseismic intensity. Present-day population exposure is estimated using the 
Landscan global population database. Combining this population exposure dataset 
with historical earthquake loss data provided for the calibration loss methodologies 
against the set of ShakeMap hazard outputs. 
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Currently a first-order building inventory database compiled from: the housing 
data of the United Nations (UN 1993) and UN Habitat (2007); data compiled by 
Population and Housing Censuses of individual countries (UN 2005) and; the 
World Housing Encyclopedia (WHE) database developed by the Earthquake 
Engineering Research Institute (EERI 2007) is available (Jaiswal and Wald 
2008a, b; Wald et al. 2009a, b). At the country level, the inventory database 
contains estimates of building types categorized by material, lateral force-resisting 
system, use, and occupancy characteristics. 

In a collaborative effort between the US Geological Survey, the Earthquake 
Engineering Research Institute, and the World Housing Encyclopedia (http://www. 
world-housing.net/), experts from around the world have estimated the distribution 
of predominant buildings types in each of 26 countries, and provided by judgment 
or statistical survey collapse fragility functions for the predominant structure types 
in each country (Jaiswal and Wald 2008b; Porter et al. 20082, b). Operationally, the 
current PAGER system relies on the empirically-based loss approach (Wald 
et al. 2008). 

The collapse fragility functions developed for global building types using the 
procedure described in Jaiswal et al. (2011) is expected to form a starting building 
damage estimation model within the PAGER semi-empirical vulnerability model. 

PAGER's fatality loss models (Wald et al. 2008; Jaiswal and Wald 2010) stems 
from the wide, global variability in the built environment and uncertainty associ- 
ated with inventory and structural vulnerability data, as well as the knowledge 
about past casualties in different countries. The empirical model relies on country- 
specific earthquake loss data from past earthquakes and makes use of calibrated 
casualty rates for future prediction. For this purpose, a three tiered approach is 
adopted for fatality estimation. In the empirical approach, a fatality rate is proposed 
as a proportion of the population exposed at each intensity level, and depends on the 
shaking intensity according to a lognormal function, with values of the two separate 
parameters defining the function, and an uncertainty factor, each for different 
countries or regions of the world. This empirical approach is mostly adaptable for 
the developing regions of the world, where the available data does not permit for an 
analytical analysis to be conducted. The PAGER semi-empirical approach aims to 
develop a better casualty estimate by using, for the area affected at each intensity 
level, the number of buildings and their vulnerability to collapse at the estimated 
ground shaking, combined with an estimate of the fatality (or lethality) rate as a 
proportion of total occupants, given collapse. 


2.4.1.3 Economic Loss Estimation 


In order to estimate economic losses an assessment of the economic exposure at 
various levels of shaking intensity is used. Since the economic value of all the 
physical assets exposed at different locations in a given area is generally not known 
and extremely difficult to compile at a global scale, In the absence of such a dataset, 
the total Gross Domestic Product (GDP) exposed at each shaking intensity is 
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estimated by multiplying the per-capita GDP of the country by the total population 
exposed at that shaking intensity level. The total GDP thus estimated at each 
intensity is then scaled by an exposure correction factor, which represents a 
multiplying factor to account for the disparity between wealth and/or economic 
assets to the annual GDP (Jaiswal and Wald 2011). 

For this development at least four damaging earthquakes that occurred within a 
country or region during the observation period between 1973 and 1980. Since only 
a few countries experienced large, damaging earthquakes for which loss values are 
available during the observation period, it was necessary to aggregate some coun- 
tries into regions using the *Human Development Index" (HDI) to estimate the 
parameters of the economic loss ratio function. The economic exposure obtained 
using this procedure is a proxy estimate for the economic value of the actual 
inventory that is exposed to the earthquake. 


2.4.0 GDACS: The Global Disaster Alert and Coordination 
System 


The Global Disaster Alert and Coordination System — GDACS (http://www.gdacs. 
org/) provides near real-time alerts about natural disasters around the world and 
tools to facilitate response. GDACS is a joint initiative of the United Nations Office 
for the Coordination of Humanitarian Affairs (OCHA) and the European Commis- 
sion that serves to consolidate and improve the dissemination of disaster-related 
information, in order to improve the coordination of international relief efforts. It 
started as GDAS, but was later coupled with the coordination information system of 
the UN Office of Coordination of Humanitarian Affairs-Virtual On-site Operations 
Coordination Center (the OCHA Virtual OSOCC, http://vosocc.unocha.org, http:// 
vosocc.gdacs.org). GDACS collects near real-time hazard information and com- 
bines this with demographic and socio-economic data to perform a mathematical 
analysis of the expected impact. This is based on the magnitude of the event and 
possible risk for the population. The result of this risk analysis is distributed by the 
GDACS website and alerts are sent via email, fax, and SMS to subscribers in the 
disaster relief community, and all other persons that are interested in this 
information. 

GDACS collects earthquake information from: United States Geological Survey 
National Earthquake Information Center (NEIC), European-Mediterranean Seis- 
mological Centre (EMSC), GEOFON Program of the GFZ Potsdam and Japan 
Meteorological Agency (JMA). 

Using the reported earthquake parameters, a three level alert based on the 
LandScan population dataset and the population fragility (European Commission 
Humanitarian Aid Department Global Needs Assessment Indicator) in the region of 
interest. Currently, the evaluation of the potential humanitarian impact of earth- 
quakes considers (1) earthquake magnitude, (2) earthquake depth, (3) population 
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within 100 km of epicenter, and (4) national population fragility. The last two 
elements are automatically calculated by GIS based on the earthquake epicenter, 
the LandScan population dataset and ECHO's Global Needs Assessment indicator. 
The alerts are considered on the basis of the so-called alert score which combines 
the earthquake magnitude and depth, size of the exposed population and the 
country-specific fragility index. The alert score is transformed into three alert 
levels: red, orange and green. 


2.4.5 WAPMERR-QLARM World Agency of Planetary 
Monitoring and Earthquake Risk Reduction 


QLARM (http://qlarm.ethz.ch) provides loss estimates for earthquakes in global 
scale after the event. The post-earthquake alerts issued include number of fatalities 
and injured, as well as average damage to buildings in the affected settlements. This 
service is being carried out in partnership between WAPMERR (World Agency of 
Planetary Monitoring and Earthquake Risk Reduction) and the Swiss Seismological 
Service (SED-ETH, Zurich). The estimates in the current version include: (1) The 
expected percentage of buildings in each of five damage states in each settlement, 
(2) the mean damage state in each settlement, (3) the numbers of fatalities and 
injured, with error estimates, in each settlement (Trendafiloski et al. 2009b). The 
loss estimates are reportedly provided in about 30 min after the earthquake. 

QLARM is an outgrowth of the former QUAKELOSS software, the computer 
tool used to estimate the building damage and casualties (Trendafiloski 
et al. 2009a). Loss estimations are done for the QLARM worldwide database 
constructed of: (1) point city models for the cases where only summary data for 
the entire city are available; and, (2) discrete city models where data regarding city 
sub-divisions (districts) are available (Trendafiloski et al. 2009b). The ground 
shaking for the settlements is computed based on the magnitude, epicenter and 
depth of the event using global and regional ground motion prediction models. Soil 
amplification is estimated using either local data to derive an amplification factor 
for each discrete city model or global data based on Vs30 values derived from 
topographic slopes from Allen and Wald (2007). 

QLARM calculates the expected building damage using intensity based fragility 
models, calibrated using about 1,000 earthquakes for which losses are known. 
Distribution of building stock and population are attributed to these city models. 
In the data base of QLARM, the population of about two million settlements is 
known and each settlement has a profile of building fragility. Fragility classes are 
assigned to different building types considering the fragility table given by the 
European Macroseismic Scale EMS-98 (Grünthal 1998). Building and population 
distributions are constructed using the percentage of the number of buildings and 
population belonging to a particular fragility class. QLARM population database is 
constructed using national census data and the online sources World Gazetteer and 


2 Rapid Earthquake Loss Assessment After Damaging Earthquakes TI 


Geonames. Opinion of local experts, World Housing Encyclopedia and PAGER 
database are additional sources used to improve the population database. Popula- 
tion distribution by time of the event is taken into account using the model proposed 
by Coburn and Spence (2002). 

The European Macroseismic Method of Giovinazzi (2005) is used to calculate 
building damages. The fragility models are pertinent to EMS-98 fragility classes 
and correlate the mean damage grade uD (0 € uD <5) with the seismic intensity 
and the fragility index. 

Human losses are estimated using the casualty event-tree model proposed by 
Stojanovski and Dong (1994). The probability of occurrence of casualty state for a 
given seismic intensity is calculated as a product of the damage probabilities for 
seismic intensity and the casualty probabilities for damage grades of EMS-98. It is 
claimed that the human losses are estimated within a factor of 2 for past 
earthquakes. 


2.4.4 ELER: Earthquake Loss Estimation 


The Joint Research Activity JRA-3 of the EU Project NERIES aims at establishing 
rapid estimation of earthquake damages, casualties, shelters and food requirements 
throughout the Euro-Med Region. Within the scope of this activity, a rapid loss 
estimation tool (ELER, http://www.koeri.boun.edu.tr/Haberler/NERIES%20ELER 
%20V3.1_6_176.depmuh) is developed by researchers from KOERI, Imperial 
College, NORSAR and ETH-Zurich. The loss estimation is conducted under 
three levels of sophistication as elaborated in Fig. 2.4. 

The ground motion estimation methodology is common in all levels of analysis. 
The shake mapping methodology is similar to the USGS Shake Map (Wald 
et al. 2005). Based on the event parameters the distribution of PGA, PGV, SA 
(T=0.2 s) and SA (T— 1 s) are estimated based on a choice of ground motion 
prediction models. Local site effects are incorporated either with the Borcherdt 
(1994) methodology or, if available, with the use of Vs30 based amplification 
functions within the ground motion prediction equations (GMPE). If strong ground 
motion recordings are also available, the prediction distributions are bias corrected 
using the peak values obtained from these recordings. Geo-spatial analysis can be 
also employed in this step, through the Modified Kriging Method. EMS-98 Inten- 
sity distributions are obtained based on computed PGA and PGV values using the 
procedure proposed by Wald et al. (1999). For site-specific analysis, Vs30 values 
(average shear wave propagation velocity in upper 30 m of the soil medium) are 
obtained from regional geology (Quaternary, Tertiary, Mesozoic (QTM) maps) or 
slope-based Vs30 maps (Allen and Wald 2007). 

After the estimation of the spatial distribution of selected ground motion param- 
eters, earthquake losses (damage and casualty) can be estimated at different levels 
of sophistication, namely Level 0, 1 and 2. The differentiation of these levels of 
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Fig. 2.4 The levels of analysis incorporated in the ELER software 


analysis is essentially controlled by the availability of building inventory and 
demographic data (Demircioglu et al. 2009; ELER v3.1 2010; Erdik et al. 2010). 

Both Level 0 (quite similar to PAGER system of USGS) and Level 1 analyses of 
ELER software are based on obtaining intensity distributions analytically and 
estimating total number of casualties either using regionally adjusted intensity- 
casualty or magnitude-casualty correlations (Level 0) or using regional building 
inventory databases (Level 1). Level 1 type analysis uses EMS98 (Grünthal 1998) 
based building fragility relationships of Lagomarsino and Giovinazzi (2006) to 
estimate building damage and casualty distributions. 

Level 2 type analysis corresponds to the highest sophistication level in the loss 
estimation methodology developed. The building damage and casualty distribu- 
tions are obtained using analytical fragility relationships and building damage 
related casualty fragility models, respectively. The Level 2 module of ELER aims 
at assessing the building damage and the consequential casualties using methodol- 
ogies similar to HAZUS-MH (2003). 
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2.4.4.1 Demographic and Building Inventory 


For all levels of analysis the 30 arc sec (about | km) grid based LandScan (Oak 
Ridge National Laboratory 2011) population data are used. For both the Level 1 and 
Level 2 analyses options exist for the use of local demographic data for casualty 
estimation. 

ELER is structured in such a way that a building inventory can be classified in 
terms of any classification system as long as the empirical and/or mechanical 
fragility relationships associated with each building type is defined by the user. 
The HAZUS (FEMA 2003), EMS-98 (Grünthal 1998), and RISK-UE (2001-2004) 
building taxonomies are used as the default main classification systems in the 
development of ELER. The user has the capability of defining custom fragility 
curves by “Building Database Creator" tool. 

The regional scale building inventory used in Level 1 analysis corresponds to an 
approximated (proxy) European database consisting of the number of buildings and 
their geographic distribution. This approximated building database is obtained from 
CORINE Land Cover (European Environment Agency 1999), LandScan popula- 
tion database and Google Earth (http://earth.google.com) and is provided within 
ELER as the default data for Level 1 analysis. Following the determination 
governing land cover classes for each country, the basic methodology used in 
obtaining the country basis proxy distribution of the number of buildings (per 
unit area in each building class) is as follows (Demircioglu et al. 2009; ELER 
v3.1 2010; Erdik et al. 2010): 


1. Select suitable sample areas from Google Earth for each Corine Land Cover 
class in all countries 

2. Obtain the actual number of buildings in each sample area, automatically using 
image processing techniques. 

3. Approximate the total number of buildings in each country by spreading the 
sample area building counts to the country 

4. Verify (and adjust) the number of buildings thus obtained by computing the 
population per building for each Corine Land Cover class, and by also checking 
with the actual number of buildings in a country if such information has been 
obtained from the corresponding country’s statistical office. 


The corresponding RISK-UE building taxonomy classes were identified and the 
associated percentages have been used to convert the grid based number of build- 
ings to an inventory of differentiated structural types in each country. The grid 
based distribution of the number of buildings and population thus obtained is 
aggregated to 30 and 150 s arc grids to form the default data for Level 1 analysis. 


2.4.4. Building Damage Estimation 


Different fragility relationships and building damage assessment methodologies are 
used under the different levels of analysis. 
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The Level 0 analysis does not include any building damage assessment. The 
physical damage in cities and other populated areas can be inferred through the 
intensities given by the Shakemaps. 

For Level 1 damage assessment analysis, the intensity based empirical fragility 
relationships developed by Lagomarsino and Giovinazzi (2006) are used. ELER 
software allows for the incorporation of a regional variability factor in these 
relationships. 

Level 2 analysis is essentially intended for earthquake risk assessment (building 
damage and consequential human casualties) in urban areas (Hancilar et al 2010). 
As such, the building inventory data for the Level 2 analysis will consist of grid 
(geo-cell) based urban building (HAZUS or user-defined similar typology) and 
demographic inventories. The building damage assessment is based on the analyt- 
ical fragility relationships based on the Capacity Spectrum Method (so-called 
HAZUS methodology). 

For the representation of seismic demand the 5 %-damped elastic response 
spectrum provided EC8 Spectrum (Eurocode 8, CEN 2003) or IBC 2006 Spectrum 
(International Building Council 2006) is used. For the estimation of the so-called 
“Performance Point", the intersection pint of the capacity and the demand curves, 
ELER uses the procedures based on: the Capacity Spectrum Method specified in 
ATC-40 (1996), its recently modified and improved version Modified Acceleration- 
Displacement Response Spectrum Method (FEMA-440) and the Coefficient 
Method originally incorporated in FEMA-356 (2000). ELER also incorporates 
another nonlinear static procedure, the so-called *N2 — Reduction Factor Method" 
method (Fajfar 2000) where the inelastic demand spectra is modified using ductility 
factor based reduction factors. 


2.4.4.3 Casualty Estimation 


The casualty estimation is done by using regionally adjusted intensity casualty or 
magnitude-casualty correlations based on the Landscan population distribution 
inventory. The module can use previously calculated intensity grid (with the Hazard 
Module) or a custom intensity grid. There are three possible algorithms for com- 
puting the casualty estimation: (a) Samardjieva and Badal (2002), (b) RGELFE 
(1992), and (c) Vacareanu et al. (2005). The uncertainty regarding the results of this 
module is substantial, however, it can be a very fast way of providing casualty 
estimates, based on minimum data that can be easily available. 

Casualties in Level 1 analysis is assessed on the basis of the simple correlations 
with fatalities and the number of buildings damaged beyond repair. The rates of 
severe injuries were obtained by revising those suggested in ATC-13 (1985) using 
regional post-earthquake casualty data. The casualty estimation methodology of 
Coburn and Spence (2002) based on the number of buildings in D5 damage state of 
EMS98 is also coded in ELER. 

The estimation of casualties in Level 2 analysis is the one used in HAZUS based 
on the number of buildings of a given type at different damaged states and the 
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associated casualty rates. The casualty rates corresponding to reinforced concrete 
and masonry structures given in HAZUS-MH (FEMA 2003) are adopted in ELER. 
The module computes, after obtaining probabilities for buildings in different 
damage states (five damage states: slight, moderate, extensive, complete and total 
collapse), estimates for human casualties, based on HAZUS-MH rates. The output 
from the module consists of a casualty breakdown by injury severity level, defined 
by a four level injury severity scale. 


2.4.5 SELENA: Seismic Loss Computation Engine 


SELENA (Seismic Loss Estimation using a Logic Tree Approach) is a software tool 
for seismic risk and loss assessment (http://selena.sourceforge.net/selena.shtml). It 
relies on the principles of capacity spectrum methods (CSM) and follows the same 
approach as the loss estimation tool for the United States HAZUS-MH (2003). A 
logic tree-computation scheme has been implemented in SELENA to account for 
epistemic uncertainties in the input data. The user has to supply a number of input 
files that contain the necessary input data (e.g., building inventory data, demo- 
graphic data, definition of seismic scenario etc.) in a simple pre-defined ASCII 
format. SELENA computes ground shaking maps for various spectral periods 
(PGA, Sa(0.3 s) and Sa(1.0 s), damage probabilities, absolute damage estimates 
(including Mean Damage Ratios MDR) as well as economic losses and numbers of 
casualties. Flowchart of a deterministic analysis using SELENA is provided in 
Fig. 2.5. 

In SELENA the provision of seismic demand can be done by assigning PGA or 
spectral accelerations at 0.3 and 1 s, obtained from seismic hazard assessment, to 
the geographical units. SELENA can compute the ground motion parameters by 
built-in GMPRs for deterministic scenario earthquakes. For real time analysis, data 
from strong motion stations (at least PGA values) can also be used with certain 
limitations. Based on these ground motion parameters SELENA generates site- 
specific response spectra based on IBC-2006 (International Code Council 2006), 
Eurocode 8 (CEN 2003) and Indian seismic building code IS 1893. 

SELENA uses analytical approach for obtaining building damage with different 
user-selectable methodologies: (1) the traditional capacity spectrum method (CSM) 
as proposed by ATC-40 (ATC 1996), (2) the Modified Acceleration Displacement 
Response Spectra (MADRS) method according to FEMA 440 (FEMA 2005) and 
(3) the Improved Displacement Coefficient Method (I-DCM) as given by FEMA 
440 (FEMA 2005). Damage probabilities and absolute estimates of structural 
building damage are computed for the five damage states no, slight, moderate, 
extensive and complete. The associated economic losses and casualties are esti- 
mated on the basis of available building stock inventory, replacement values and 
demographic information, by adopting the methodology described by HAZUS- 
MH (2003). 
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Fig. 2.5 Principle flowchart of a deterministic analysis using SELENA 


The methodology applied in order to estimate the number of human casualties 
follows basically the HAZUS-MH (2003) approach or the basic approach following 
Coburn and Spence (2002). For the estimation of economic losses HAZUS-MH 
(2003) approach is adopted with the possibility to modify the replacement cost 
percentage. 


2.5 Local Earthquake Rapid Loss Assessment Systems 


Several local systems (country-, city- or, facility-specific) capable of computing 
damage and casualties in near real time already exist in several regions of the world. 
For example the Taiwan Earthquake Rapid Reporting System, the Real-time Earth- 
quake Assessment Disaster System in Yokohama (READY), The Real Time Earth- 
quake Disaster Mitigation System of the Tokyo Gas Co. (SUPREME) and the 
Istanbul Earthquake Rapid Response System (IERRS) provide near-real time dam- 
age estimation after major earthquakes (Erdik and Fahjan 2006). Almost all of these 
systems are based on the assessment of demand in real time from dense strong 
motion instrument arrays and the estimation of damage on the basis of known 
inventory of elements exposed to hazard and the related fragility relationships. 
After an earthquake the shaking and damage distribution maps are automatically 
generated on the basis of the ground motion intensity measure data received from 
the field stations, building inventory and the fragility relationships. 


2.5.1 Earthquake Rapid Reporting System in Taiwan 


Earthquake Rapid Reporting and Early Warning Systems in Taiwan, operated by 
Taiwan Central Weather Bureau, uses a real-time strong-motion accelerograph 
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network that currently consists of 82 telemetered strong-motion stations distributed 
across Taiwan, an area of 100 km x 300 km. The rapid reporting system can offer 
information about | min after an earthquake occurrence, that includes earthquake 
location, magnitude and shaking maps (Tsai and Wu 1997; Teng et al. 1997; Wu 
et al. 1998, 1999, 2004; Shin and Teng 2001; Wu and Teng 2002). 

Central Weather Bureau of Taiwan operates two dense digital strong-motion 
networks: (1) The Taiwan Rapid Earthquake Information Release System 
(TREIRS), and (2) The Taiwan Strong Motion Instrumentation Program (TSMIP). 

TREIRS can obtain earthquake magnitude, epicenter location and focal depth 
within 90 s after occurrence of earthquakes. The TSMIP system consist of more 
than 650 stations spaced approximately every 5 km in populated areas in Taiwan. 
The Early Seismic Loss Estimation (ESLE) module has been developed and 
integrated with the application software “Taiwan Earthquake Loss Estimation 
System (TELES) provides decision support soon after occurrence of strong earth- 
quakes for emergency providers (Yeh et al. 2003). TELES software, essentially 
modeled after HAZUS, acts as a decision support tool in emergency responses. The 
ESLE module is automatically triggered after receiving earthquake alerts. The 
estimated damages and casualties are then provided in the form of maps and tables 
automatically. Currently, the time span to complete the hazard analysis and damage 
assessment needs 3—5 min depending on the earthquake magnitude, epicenter 
location and focal depth. 


2.5.2 Istanbul Earthquake Rapid Response System 


To assist in the reduction of losses in a disastrous earthquake in Istanbul a dense 
strong motion network has been implemented. All together this network and its 
functions is called Istanbul Earthquake Rapid Response and Early Warning System 
(IERREWS). The system is designed and operated by Bogazici University with the 
logistical support of the Governorate of Istanbul, First Army Headquarters and 
Istanbul Metropolitan Municipality (Erdik et al. 2003a, b; Erdik and Fahjan 2006; 
Sesetyan et al. 2011). Currently 230 strong motion recorders (including those from 
the IGDAS network) are stationed in dense settlements in the Metropolitan area of 
Istanbul in on-line mode for Rapid Response information generation. Post- 
earthquake rapid response information is achieved through fast acquisition, analysis 
and elaboration of data obtained from these stations. 

The Rapid Response part of the IERREWS System satisfies the COSMOS (The 
Consortium of Organizations for Strong-Motion Observation Systems) Urban 
Strong-Motion Reference Station Guidelines (www.cosmos-eq.org) for the location 
of instruments, instrument specifications and housing specifications. The relative 
instrument spacing is about 2-3 km which corresponds to about 3 wavelengths in 
firm ground conditions and more than 10 wavelengths for soft soils for horizontally 
propagating 1 s shear waves. For communication of data from the rapid response 
stations to the data processing center and for instrument monitoring a reliable and 
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redundant GSM 3G communication system (backed up by dedicated landlines and a 
microwave system) is used. 

After an earthquake, the ground motion parameters, spectral displacements at 
selected periods, are calculated at each station location, are interpolated to deter- 
mine the spectral displacement values at the center the geo-cells. The earthquake 
demand at the center of each geo-cell (0.005° units) is computed through interpo- 
lation of these spectral displacements using two-dimensional splines. For the 
generation of Rapid Response information (Loss Maps) the ELER software is 
used (Sesetyan et al. 2011). 

The loss estimation relies on the building inventory database, fragility curves 
and the direct physical damage and casualty assessment techniques. The building 
inventories (in 24 groups) for each geo-cell together with their spectral displace- 
ment curves are incorporated in the software. The casualties are estimated on the 
basis of the number of occupancies and degree of damage suffered by buildings. 
The resulting rapid response (i.e. LossMap) information is communicated to the 
concerned emergency response centers (currently Istanbul Governorate, Istanbul 
Municipality and First Army Headquarters). 

Another application called “SOSEWIN-Self Organizing Seismic Early Warning 
Information Network", based on the innovative technology of self-organizing 
networks, has been set up in the Atakoy region of Istanbul as a prototype (Picozzi 
et al. 2008). In contrast to centralized conventional Early Warning approach, the 
SOSEWIN system uses new, low-cost wireless sensing units, specifically designed 
to form a dense decentralized wireless mesh network (Fleming et al. 2009). The 
sensors allow the performance of onsite, independent analysis of the ground motion 
and the real-time communication of estimated parameters. The dedicated algo- 
rithms in the system provide the decision to issue warning within the wireless mesh 
network itself and reduces the lead-time for early warning activities. As a long-term 
aim of the SOSEWIN system, the use of low-cost sensing nodes by a range of end 
users including the general public will provide valuable input for higher resolution 
ShakeMaps with neighborhood-scale loss assessments. In this regard, the increase 
of SOSEWIN sensing units will complement existing earthquake early warning and 
rapid response systems. 


2.5.3 IGDAS: Istanbul Natural Gas Earthquake Response 
System 


Istanbul Gas Distribution (IGDAS) is the primary natural gas provider in Istanbul to 
5 Million subscribers, and operates an extensive system of 9,867 km of gas lines, 
with 704 district regulators and 474,000 service boxes. 

A real time risk mitigation system, currently encompassing 110 strong motion 
accelerometers located at critical district regulators, became operational in 2013 
(Biyikoglu et al. 2012 The real-time ground motion data is transmitted to the 
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IGDAS server at SCADA center and KOERI through 3G. The system works 
integrated with IERREWS with the total of 230 strong motion stations. The real- 
time ground shaking maps and grid based pipeline damage maps including pipeline 
components such as bends, tees, district regulators, isolation joints, valve rooms and 
service boxes are obtained. 

The IGDAS Earthquake Response System follows four stages as below: 


1. Real-time ground motion data is transmitted from IGDAS and KOERI stations 
to the IGDAS Scada Center and KOERI. 

2. During an event EW information is sent from IGDAS Scada Center to the 
IGDAS stations at district regulators. 

3. Automatic Shut-Off depending on the treshold level of certain parameters at 
each IGDAS district regulator is applied, and calculated parameters are sent 
from stations to the IGDAS Scada Center and KOERI. 

4. Integrated ground shaking and damage maps are prepared immediately after the 
earthquake event. 


2.5.4 REaltime Assessment of Earthquake Disaster 
in Yokohama (READY) 


In 1997 the city of Yokohama installed a dense strong-motion array for earthquake 
disaster management. The array (called, REal-time Assessment of earthquake 
Disaster in Yokohama -READY System) consists of 150 strong motion 
accelerographs at a spacing of about 2 km. In addition borehole strong motion 
systems at installed at nine different locations for liquefaction monitoring. It is 
currently used for strong motion monitoring, real-time seismic hazard and risk 
assessment and damage gathering systems (Midorikawa 2005). These stations are 
connected to three observation centers, the disaster preparedness office of the city 
hall, the fire department office of the city and Yokohama City University, by the 
high-speed and higher-priority telephone lines. 

When the accelerograph is triggered by an earthquake, the station computes 
ground-motion parameters such as the instrumental seismic intensity, peak ampli- 
tudes, predominant frequency, total power, duration and response spectral ampli- 
tudes. The seismic intensity data is conveyed to the city officials by the pager, and 
the intensity map of the city is drawn within a few minutes after the earthquake. The 
map is immediately open to the public through the Internet and local cable TV. 

Rapid assessment of the damage to the timber houses is computed and mapped 
on the basis of their dynamic characteristics and the response spectrum of ground 
motion. The damage map is displayed with other information such as locations of 
hospitals, refuges and major roads for emergency transportation (Midorikawa 2004; 
Ariki et al. 2004). 
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2.5.5 Tokyo Gas: Supreme System 


To cope with earthquake related secondary disasters, the new real-time disaster 
mitigation system for a city gas network has been developed by Tokyo Gas 
Company. since 1998 for the purpose of realization of dense real-time seismic 
motion monitoring, quick gas supply shut-off, prompt emergency response and 
efficient restoration work. In 2001, Tokyo Gas successfully started the operation of 
SUPREME, which employs 3,800 SI sensors and remote control devices at all the 
district regulator stations in its service area (3,100 km”). In order to avoid earth- 
quake risks due to leakage of gas from breakage of buried pipes, Tokyo Gas 
Co. Ltd. has developed and put into use a real-time safety control system, called 
SUPREME (http://www.tokyo-gas.co.jp/techno/stp3/97c1l_e.html). The system 
monitors the earthquake motion at 3,800 district regulators using spectrum intensity 
sensors, interprets the data, and assesses gas pipe damage in order to decide whether 
or not the gas supply should be interrupted (Yamazaki et al. 1995; Shimizu 
et al. 2004 and 2006; Inomata and Norito 2012). Spectrum intensity sensors 
computes the Housner Intensity (Housner 1961) based on the integral of the 5 96 
damped response spectra between the periods of 0.1 and 2.5 s. 

SUPREME interpolates SI values for 50 m meshes to calculate the number of 
damaged locations in each mesh in real time, based on SI values observed after 
disasters and data of geotechnical investigations (local site effects on ground 
motion) obtained in advance. SUPREME is also equipped with logic to simulta- 
neously estimate the risk of liquefaction and to calculate damaged locations 
(Inomata and Norito 2012). 


2.6 Comments and Conclusions 


Impact of large earthquakes in urban and critical facilities and infrastructure can be 
reduced by timely and correct action after a disastrous earthquake. Today’s tech- 
nology permits for the assessments of the distribution of strong ground motion and 
estimation of building damage and casualties within few minutes after an 
earthquake. 

The reduction of casualties in urban areas immediately following an earthquake 
can be improved if the location and severity of damages can be rapidly assessed by 
the information from Rapid Response Systems. The emergency response capabil- 
ities can be significantly improved to reduce casualties and facilitate evacuations by 
permitting rapid, selective and effective deployment of emergency operations. 

The ground motion measurement hardware, data transmission systems and the 
loss assessment methodologies and software needed for the implementation of such 
Earthquake Rapid Response Systems have reached to a degree of development that 
can ensure the feasible application of such systems and services throughout the 
world. 


2 Rapid Earthquake Loss Assessment After Damaging Earthquakes 87 


Recent earthquakes provided opportunities for evaluation of the operational 
rapid loss assessment systems. The Center for Disaster Management and Risk 
Reduction Technology (CEDIM, www.cedim.de) has critically evaluated rapid 
loss assessments done after the M7.2 Van Earthquake (Eastern Turkey) of 
23 October 2011 in connection with their comprehensive forensic investigations 
(Wenzel et al. 2012). In Van earthquake event, alerts of major earthquake activity 
came first from from KOERI, SARBIS, EMSC and USGS. There was much 
difference in initial hypocenter information from different agencies and the esti- 
mates from ELER, PAGER, WAPMERR, CATDAT-EQLIPSE showed a large 
range of losses. The ELER based rapid loss assessment provided by KOERI proved 
to be very close to the final losses doe to correct location of the earthquake source 
used (Wenzel et al. 2012; Erdik et al. 2012; CEDIM 2011). 

The 2011 Tohoku earthquake is an example that illustrates the importance of 
post-event analysis. Fifteen alerts were issued by PAGER/ShakeMap in time 
periods ranging from within 23 min to 6 months after the earthquake. Rapid loss 
estimations loss estimation for the Tohoku earthquake of 11 March 2011 is com- 
pared in Daniell et al. (201 1a). It is shown that a number of rapid earthquake loss 
estimation software packages (PAGER, QLARM, EXTREMUM ) have created 
reasonable estimates of loss in quick time after a disaster. However, the earthquake 
data alone was not sufficient to produce reliable loss estimates because of the 
associated tsunami. 

Uncertainties in real-time estimates of human losses are a factor of two, at best. 
And the size of the most serious errors can be an order of magnitude. They can be 
generated by hypocenter errors, incorrect data on building stock, and magnitude 
errors, especially for large earthquakes. Several studies have shown that casualty 
models currently used for rapid post-event casualty estimation involve a high 
degree of uncertainty. This is essentially due to uncertainty in the earthquake’s 
source parameters and also our lack of knowledge on built environment, its fragility 
characteristics, and of the survival rates in an earthquake. For example, Spence and 
So (2011) have compared the performance of WAPMEER and PAGER in the 
estimation of casualties in several recent earthquakes. They found significant 
underestimations and overestimations depending on the earthquake. The reduction 
of the uncertainties inherent in the basic ingredients of earthquake loss assessment 
is an important issue that needs to be tackled in the future for viability and 
reliability of rapid loss assessments. Improvement in the speed and quality of 
moment tensor information, including estimates of rupture direction and fault 
finiteness, will be needed for refining loss estimates especially in regions without 
dense local seismograph networks. 

Much remains to be done to produce more reliable rapid loss estimates after 
earthquakes. It is believed that the increasing number of scientific studies, outcomes 
of the relevant EU projects (such as NERIES, SAFER, NERA and REAKT), 
ongoing refinements in PAGER methodologies, as well as the expected achieve- 
ments of the Global Earthquake Model (www.globalquakemodel.org) project will 
provide the correct directions and developments in this regard. 
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Chapter 3 

Existing Buildings: The New Italian 
Provisions for Probabilistic Seismic 
Assessment 


Paolo Emilio Pinto and Paolo Franchin 


Abstract In Europe, the reference document for the seismic assessment of buildings 
is the Eurocode 8-Part3, whose first draft goes back to 1996 and, for what concerns its 
safety format, has strong similarities with FEMA 276. Extended use of this document, 
especially in Italy after the 2009 L'Aquila earthquake has shown its inadequacy to 
provide consistent and univocal results. This situation has motivated the National 
Research Council of Italy to produce a document of a level higher than the one in 
force, characterized by a fully probabilistic structure allowing to account for all types 
of uncertainties and providing measures of performance in terms of mean rates of 
exceedance for a selected number of Limit States (LS). The document, which covers 
both reinforced concrete and masonry buildings, offers three alternative approaches 
to risk assessment, all of them belonging to the present consolidated state of knowl- 
edge in the area. These approaches include, in decreasing order of accuracy: 
(a) Incremental dynamic analysis on the complete structural model, (b) Incremental 
dynamic analysis on equivalent SDOF oscillator(s), (c) Non-linear static analysis. In 
all three approaches relevant uncertainties are distinguished in two classes: those 
amenable of description as continuous random variables and those requiring the set- 
up of different structural models. The first ones are taken into account by sampling a 
number of realizations from their respective distributions and by associating each 
realization with one of the records used for evaluating the structural response, the 
latter by having recourse to a logic tree. Exceedance of each of the three considered 
Limit States: Light or Severe damage and Collapse, is signaled by a scalar 
indicator Y, expressing the global state of the structure as a function of that of its 
members, taking a value of one when the Limit State is reached. For the first two 
LS’s, which relate to functionality and to economic considerations, the formulation of 
Y is such as to leave to the owner the choice of the acceptable level of damage, while 
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for the Collapse LS the formulation is obviously unique. An application to a real 
school building completes the paper. 


3.1 Preamble 


In spite of the availability (officially since 2005, but with preliminary versions since 
1996) of Eurocode 8 Part3 (EC8/3) dealing with seismic assessment and retrofitting 
of buildings, the relevance for Italy of a document of this type had escaped the 
attention of both the authorities and the profession until a small earthquake 
occurred in 2002 caused the complete collapse of a school and the death of all 
the young students inside. This fact produced a national scandal and the awakening 
in the general public of the consciousness of the seismic risk potentially affecting 
all types of constructions, the old as well as the recent ones. 

The situation prompted the Department of Civil Protection to take action in two 
directions: preparing a technical document dealing with the analytical seismic 
assessment of buildings, and emanating an ordnance requiring that all important 
public facilities be subjected to assessment within 5 years time. The technical 
document can be regarded essentially as the translation of the EC8/3: it has been 
made official in 2008 by the competent Ministry (NTC2008) Ministero 
Infrastrutture (2008) and its use mandatory in July 2009, right after the April 6th 
2009 L’ Aquila earthquake. 


3.1.1 The Present Normative State and the Purpose 
of the New Document Issued by the National Research 
Council 


It will be understood that due to the ordnance of 2003 a very large number of 
buildings has been by now subjected to seismic assessment using basically EC8/3, 
so that experience on its merits and limitations rests on solid statistical bases. 
Critical aspects have emerged from the use of EC8/3, not only in Italy, but in a 
number of other European Countries as well, and plans for an improved version are 
under way. The consensus existing on major critical aspects allows for just a brief 
mention to be made here. 


(a) Performance must be checked with reference to three Limit States. These are 
formulated in terms of system performance, but then the verifications, for 
reinforced concrete (RC) buildings, must be carried out in terms of member 
behavior, independently of the number and the importance of non-complying 
members. This inconsistency is a major cause of dispersion of the results 
obtained by different analysts. 
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(b) The uncertainties regarding the structure are grouped into three types, namely: 
those related to geometry, to the properties of the materials and to the details of 
reinforcement (for RC structures.) Three levels of knowledge are considered, 
each one characterized by a combination of the knowledge acquired on the 
three types of uncertainty, and a so-called “confidence factor (CF)” is associ- 
ated to each level. In many cases in practice, however, the achievable state of 
knowledge does not fit in any of the levels above, due to non-uniform quality/ 
quantity of information on the three aspects, with the consequent uncertainty on 
the value of CF to be adopted. 

(c) The CF factors are to be applied to the material properties, which are only one 
of the many sources of uncertainties, and in the majority of cases are of 
comparatively much lesser relevance on the outcome of the assessment. 

(d) Little if any guidance is given on the modeling of the structure, e.g. on the use 
of classical fiber elements or of stiffness/strength degrading models. Yet 
different choices on these aspects are rather consequential on the definition of 
the attainment of the LS’s, especially for that of collapse. 


In consideration of the above mentioned limits, the National Research Council 
(CNR) decided to prepare a document of a level higher than the one in force, in 
which the performance-based concept, which is claimed to be at the base of most of 
the modern design codes, is implemented in explicit probabilistic terms, allowing 
thus uncertainties of all nature to be taken into consideration and introduced into the 
assessment process, with their relevance on the final outcome properly reflected. 

For what concerns the probabilistic procedures adopted the choice has been to 
adhere to the now well consolidated state-of—the-art, avoiding refinements deemed 
as inessential, in order to make the document accessible to a larger audience. 

The CNR documents, denominated “Instructions”, do not have the status of 
“state laws", as it is the case for the Ministerial norms, so they cannot replace or 
contrast with the latter, but they enjoy a high scientific reputation, and recourse to 
them is frequent in case of dubious or absent indications in the norms. It is 
auspicable and plausible that the future revision of the norms will take profit of 
both the format as well of the content of the new document. 


3.1.2 The Content of the CNR Instructions 


The main content of the document is subdivided into the following chapters. 


1. Introduction 
2. Methodological aspects common to all typologies: 


— Limit States 

Target performances 
Seismic action 

— Knowledge acquisition 
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QN tA 


— Uncertainty modeling 

— Structural analysis 

— Identification of LS exceedance 
— Assessment methods. 


. Specific provisions for masonry buildings 


— Response modeling 
— Probabilistic capacity models 


. Specific provisions for reinforced concrete buildings 


— Response modeling 
— Probabilistic capacity modeling 


. Commentary to the text 
. Example application to a masonry building 
. Example application to a reinforced concrete building 


The present paper illustrates all material devoted to reinforced concrete 


buildings. 


3.2 Methodological Aspects Common to All Typologies 


3.2.1 Limit States 


The Limit States are defined with reference to the performance of the building in its 
entirety including, in addition to the structural part, also non-structural ones like 
partitions, electrical and hydraulic systems, etc. 


The following three Limit States are considered: 


Damage Limit State (SLD): negligible damages (no repair necessary) to the 
structural parts, and light, economically repairable damages to the 
non-structural ones. 

Severe Damage (also called life safeguard) Limit State (SLS): loss of use of 
non-structural systems and a residual capacity to resist horizontal actions. State 
of damage uneconomic to repair. 

Collapse prevention Limit State (SLC): the building is still standing but would 
not survive an aftershock. 


Check against the attainment of the SLC is mandatory, in consideration of the 


general lack of reserve ductility of non-seismically designed buildings (contrary to 
the proven large reserve possessed by buildings designed according to present 
seismic codes). 


3 Existing Buildings: The New Italian Provisions for Probabilistic Seismic. .. 101 


Table 3.1 Minimum levels of protection in terms of maximum tolerated A, s (values in the table 
are multiplied by 10%) as a function of building class 


Limit state Class I Class II Class III Class IV 
SLD 64.0 45.0 30.0 22.0 
SLS 6.8 4.7 3.2 24 
SLC 3.3 2.3 1.5 1.2 


3.2.2 Target Performances 


A distinction is made among buildings depending on the socio-economic conse- 
quences of their LS exceedance, and four Classes of importance are identified. 

The required level of protection for each Class and each Limit State is formu- 
lated in terms of the mean annual frequency of exceedance (MAF): àis. 

The proposed maximum values of A; s are such as to ensure approximately the 
same level of protection as currently required by the national seismic code for the 
different Classes and LS's for new buildings. They are reported in Table 3.1. 

The values in the table have been calculated using the approximate expression 
due to Cornell et al. (2002): 


1 
Ais = As (Spe) exp (3.1) 


expressing the MAF of the LS as the MAF of the seismic intensity inducing a 
median demand equal to the median capacity, times an amplification factor 
accounting for the uncertainty in demand fp and capacity fp, as well as the slopes 
of the hazard curve k; and of the intensity — demand relation b. If the common 
values k; —3, b= 1, Bp = Pp — 0.3 are introduced, the exponential factor takes the 
value ~2.25. Taking for As (S D ze) the inverse of the mean return period Tp of the 
seismic action to be considered for each Class and LS in the current deterministic 
code, leads to Aj; — 2.25/Tg, which corresponds e.g. for Class II buildings (ordi- 
nary) and the severe damage LS to: 2.25/475 = 0.0047. 


3.2.3 Seismic Action 


In line with the adopted IM-based approach, the seismic action is characterized in 
terms of: 


* the mean hazard curve for the site 
* a set of time histories of the seismic motion, used for the calculation of the 


fragility py s(s) 
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Fig. 3.1 Median and 16 %/ -1 
84 % fractile hazard curves 


Mean annual frequency 


0 0.1 0.2 0.3 0.4 0.5 
Seismic intensity S=PGA (9) 


A discrete hazard curve (Fig. 3.1) for any site in Italy can be obtained from the 
median uniform hazard spectra (UHS) provided in the national code for nine values 
of the mean return periods, ranging from 30 to 2,475 years. The UHS are provided 
at the nodes of a square grid with sides of about 5 km. The hazard in a point inside a 
grid is obtained by interpolation of the values at its four corners. 

For any given value T of the structural period the nine values of S,(T) provide a 
point-wise median hazard curve to which, for the purpose of the evaluation of Azs, a 
quadratic interpolation function is applied. 

As suggested in the SAC-FEMA procedure (Cornell et al. 2002), the epistemic 
uncertainty on the hazard curve is accounted for by using its mean value, instead of 
the median, which is obtained by multiplying the latter by an amplification factor: 


is) = Asa Sexo (50% (3.2) 


where the uncertainty on the hazard is: 


InSgay, — InSy69 
By = Ons =— R (3.3) 


The above expression is obtained assuming a lognormal distribution for the 
intensity S at any given Ag, and the uncertainty should be evaluated at the intensity 
with MAF close to A, (an iteration is therefore required). 

The time histories to be used for response analysis can be either natural records or 
artificially generated motions, provided these latter are able to reproduce the same 
mean, variance and correlation of the spectral ordinates of the natural motions. 
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The selection of the natural records can be made, according to the state of the 
practice, using the technique of disaggregation of the hazard in terms of 
magnitude M, distance R and epsilon: it is suggested that the above data are 
obtained for values of the IM characterized by a MAF in the interval from 1/500 
to 1/2,000. The use of more refined techniques for record selection is also allowed 
(Bradley 2013; Lin et al. 2013). 

The minimum number of motions is 30. 

The selection of the records should be made among those recorded on rock or stiff 
soil. If the site is characterized by soft soil (e.g. V.3o in the interval 180—360 m/s, or 
less) a site response analysis is mandatory. Equivalent linear methods can be used for 
this purpose if significant inelastic response at the higher intensities is not expected, 
otherwise fully non-linear methods must be employed. 

Uncertainties regarding soil profile and geotechnical parameters should be 
treated in the same way as those related to the structure above soil, see 3.2.5). 

For sites in proximity of known active faults the probability of occurrence of 
pulse-like motions must be evaluated and the selection of records should propor- 
tionately reflect it. 


3.2.4 Knowledge Acquisition 


Given that a fully exhaustive (i.e. deterministic) knowledge of an existing building 
in terms of geometry, detailing and properties of the materials is realistically 
impossible to achieve, it is required that every type of incomplete information be 
explicitly recognized and quantified, for introduction in the assessment process in 
the form of additional random variables or of alternative assumptions. Since the 
number and the relevance of the considered uncertainties has an obvious bearing on 
the final evaluation of the risk, and consequently on the cost of the upgrading 
intervention, the search for a balance between the cost for additional information 
and the potential saving in the intervention should be a guiding criterion in the 
knowledge acquisition process. 

Based on the above consideration the provisions do not prescribe quantitative 
minima for the number of elements to be inspected, the number of samples to be 
taken, etc. They ask instead for a sensitivity analysis to be carried out on one or 
more preliminary models of the building (variations on a first approximation of the 
final model). For RC structures this analysis is of the linear dynamic type (modal 
with full elastic response spectrum), which is adequate to expose global modes of 
response (regular or less regular) and to provide an estimate of the member chord 
rotations demands to be compared with yield chord rotation capacities. The latter, 
being quite insensitive to the amount of reinforcement, can be obtained based on 
gross concrete dimensions and nominal steel properties. The results of these 
analyses would then provide guidance on where to concentrate tests and 
inspections. 
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The extension of these tests depends on the initial amount of information. If 
original construction drawings are available, only limited verification of the actual 
reinforcement details is required, through concrete removal over an area sufficient 
to expose longitudinal and transverse reinforcement (and estimate spacing). When 
drawings are incomplete or missing, the extension of test/inspections must increase 
to understand the “designer’s modus operandi” in view of replicating it (this is 
regarded as more effective than blindly applying the ruling provisions at the time in 
a simulated design). 


3.2.5 Uncertainty Modeling 


All types of uncertainties are assumed to belong to either one of the following two 
classes: 


* those describing variations of parameters within a single model, amenable to a 
description in terms of random variables, with their associated distribution 
function 

* those whose description requires consideration of multiple models, to each of 
which a subjective mass probability function is associated. 


The uncertainties belonging to the first class include: the seismic intensity at the 
site, governed by the hazard function, the record-to record variability, described by 
a set of records, all material properties, related both to the soil and to the structure, 
normally described as lognormal variables, and the model error terms of the 
capacity models, also usually described as lognormal variables. 

The uncertainties belonging to the second class include, among others, the 
geometry of the structure (e.g. presence and dimension of certain elements whose 
precise identification would be too invasive), the reinforcement details in important 
places, alternative models for the capacity of the elements, alternative models for 
the behavior of the components (e.g. degrading or non degrading). 

Uncertainties of this class are treated with the logic tree technique, where mass 
probabilities are assigned to the alternative assumptions for each of uncertain 
factor. The concept is illustrated in Fig. 3.2 in which the alternative assumptions 
are made at each node, and the result obtained with any particular sequence of 
assumptions (the branches of the tree) is weighted by the product of the mass 
probabilities assigned to the each of them, due to the assumed independence of the 
factors (X, Y and Z in the figure). 


3.2.6 Structural Analysis and Modeling 


Exclusive recourse to non-linear methods of analysis, accounting for material and 
geometric non-linear phenomena, is considered in the provisions. The analysis can 
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p1 = pxipy1pz1 
p2 = pxipy1pz2 
p3 = pxipy2pz1 


p4 = pxipy2pz2 


p5 = px2py1pz1 


pe = pxepy:pze 


p7 = px2py2ņpzı 


pa = px2py2ņpz2 


Fig. 3.2 Logic tree 


be either static or dynamic, and guidance is given for the application, as it will be 
illustrated in the following (recall that for reason of space this paper covers only the 
part relative to RC buildings, the part devoted to masonry buildings is at least 
equivalent in terms of extension and detail). 

The structural model must be tri-dimensional, with simultaneous excitation 
applied along two orthogonal directions. 

Regarding the behavior of the structural members (beams and columns) under 
cyclic loading of increasing amplitude two modeling approaches are considered, as 
shown in Fig. 3.3. 


* Non-degrading, i.e. stable hysteretic behavior without degradation of strength 
but overall degradation of stiffness (Takeda-type models) 

* Degrading, where both stiffness and strength degrade with increasing cyclic 
amplitude down to negligible values. 


The document provides in Chap. 4 an overview of the state of the art on this 
latter type of models for RC structures. 

It is important to note from now that the use of the two different types of models 
has important reflexes in the identification of the collapse limit state of the structure. 
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Monotonic 
Envelope 
(in-cycle 
degradation) 


Fig. 3.3 Non-degrading (a) vs degrading (b) nonlinear modeling 
3.2.7 Identification of LS Exceedance 


Exceedance of each LS is signaled by a scalar indicator Y, expressing the global 
state of the structure as a function of that of its members, taking a value equal or 
larger than unity. Its definition depends on the considered LS. For the first two LS’s, 
of light and severe damage, which pertain functionality and economic feasibility of 
repair actions, the choice of an appropriate threshold is left to the analyst in 
accordance to the owner/stakeholder requirements. The formulation of Y for the 
collapse limit state, related to safety, is stricter and does not leave space for 
subjective choices on the analyst side. 


3.2.7.1 Light Damage 


For the purpose of the identification of the light damage LS, the building is 
considered as composed by N,, structural members and N,,,, non-structural 
components: 


1 Ng D; N, D; 
Ysp = —— max ~ will ———]; wd J 3.4 
SLD bw (c ) b J e) (3.4) 


i,SLD 


In the above expression, D and C indicate the appropriate demand and capacity 
values, / is an indicator function taking the value of one when D > C and zero 
otherwise, and the w's are weights summing up to one, accounting for the impor- 
tance of different members/components. The indicator Y attains unity when the max 
function equals 7r;;5, a user-defined tolerable maximum cumulative damage. 
(e.g. something in the range 3—5 %). 


3.2.7.2 Severe Damage 


For the purpose of the identification of the severe damage LS, the indicator Y is 
formulated in terms of a conventional total cost of damage to structural and 
non-structural elements as: 
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1ifYsc>1 
(3.5) 


where a, is the economic “weight” of the structural part (i.e. about 20 % in a low- to 
mid-rise residential building); c(D/C) is a conventional cost function which starts 
from zero for D=0 and reaches unity, i.e. the replacement cost for the element, for 
D=Csrs (with Cszs usually a fraction of the ultimate capacity of the element); as 
for the light damage LS, the indicator function attains unity when the quantity 
within square brackets equals 75; s, a user-defined fraction of the total building value 
over which repair is considered economically not competitive with demolition and 
replacement. Obviously if collapse occurs Yszs is set to 1. 


3.2.7.3 Collapse 


As anticipated, the identification of this LS depends on the modeling choices (see 
§2.6). 

If non-degrading elements are adopted, the system is described as a serial 
arrangement of a number of elements in parallel, so that the Y variable takes the 
expression (Jalayer et al. 2007): 


Y TN 
sLC = max min 
i=1, N, j€l; Cj, sic 


(3.6) 
where Ns is the number of parallel sub-systems (cut-sets) in series, and /; is the sets 
of indices identifying the members in the i-th sub-system. This formulation requires 
the a priori identification of the cut-sets. Carrying out this task is in general not 
immediate, since the critical cut-set depends on the dynamic response and changes 
from record to record. 

If all elements are of the “degrading” type, i.e. they are able to simulate all types 
of failure, accounting for the interaction of bending and shear, the collapse state 
Y = 1 is identified with the occurrence of the so-called “dynamic instability", that 
is, when the curve intensity-response becomes almost flat. In order to identify the 
point on the curve corresponding to Y = | one can use the expression: 


/ 


S / / 
Ysuc = (1+ A) - s with 0 < $ < So (3.7) 
0 


with values for A in the interval 0.05—0.10, corresponding to a small residual 
positive stiffness, in order to avoid numerical problems. 
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Fig. 3.4 Intensity vs S 
response curve (also known 

as IDA curve, see 3.2.8.1), 
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Finally, if the elements are of the degrading type but the adopted formulation 
cannot account for all possible collapse modes, the indicator variable can be 
expressed as: 


Yuscndk lc TUM m (2 ) (3.8) 


which simply indicates that the collapse condition is attained for the most unfavor- 
able between dynamic instability and the series of the “non simulated (collapse) 
modes”. Typically, this set includes the axial failure of columns. Care should be 
taken in selecting the columns to be included in the evaluation of (3.8), limiting it 
only to those that can really be associated with a partial/global collapse. 

The Fig. 3.4 shows an idealized intensity-response relation S vs Omax (maximum 
interstorey drift ratio), with marks on the points corresponding to LS's according to 
the above definitions. 


3.2.8 Assessment Methods 


As already indicated in 3.2.2, the outcome of the assessment is expressed in terms 
of the mean annual frequency of exceeding any of the proposed three Limit States: 
Ars. Differently formulated or additional Limit States could be considered without 
any modification of the procedure. 

The mean annual frequency is obtained using the Total Probability Theorem, as 
the integral of the product of the probability of exceedance of the LS conditional to 
the value S=s of the seismic intensity (denominated as "fragility"), times the 
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probability of the intensity being in the neighborhood of s. This latter is given by the 
absolute value of the differential of the hazard function at S=s: 


TE I: Pus S) das(S)| (3.9) 


The integral can be evaluated numerically. However, if the hazard is approxi- 
mated with a quadratic fit in the log-log plane (Inds = Inky + k;Ins + k;ln?s), and the 
fragility function is assumed to have a lognormal shape, closed forms for the 
evaluation of the integral are available. 

The lognormal assumption is indeed adopted in the provisions based on the 
international general consensus. The fragility thus takes the form: 


Ins — Minsy_ 
Pis(S) = p(Yis 2 1$ = s) = p(Srs=1 < $) = e (9 e : ; 2) (3.10) 
MO y—=] 


requiring evaluation of two parameters only: the mean and the standard deviation of 
the logarithm of the seismic intensity inducing the unit value of the Limit State 
indicator: Y = 1. 

The document provides three alternative methods, indicated in the following 
as A, B and C, for the evaluation of the fragility. All methods require a 3D model of 
the structure. 


3.2.8.1 Method A: Incremental Dynamic Analysis on the Complete 
Model 


Recourse is made to the well known technique usually referred to as Incremental 
Dynamic Analysis (IDA) (Vamvatsikos and Cornell 2002): it consists in subjecting 
the complete 3D model of the structure to a suite of n time-histories (each with two 
orthogonal horizontal components, the vertical component being normally omitted 
in case of ordinary buildings), each time-history being scaled at increasing intensity 
levels. At each level of S the value of Y is calculated, and the set of (S, Y) points are 
plotted to obtain a curve in the intensity-response plane, denoted as "IDA" curve. 

A sample of values of S leading to Y — 1 is obtained from the set of n IDA 
curves, as shown in Fig. 3.5, left: this sample is used to evaluate the parameters 
Hinsy_, ANd Ops, ,. 

The effect of the uncertainties that can be modeled as continuous can be 
approximately determined by associating to each ground motion a sample of the 
uncertainties taken from their distributions (the approach is acceptable if the 
number of time-histories is adequate to describe at least approximately the distri- 
bution of the r.v.’s). The effect of the introduction of the uncertainties is visible on 
the IDA curves by their larger spread (Fig. 3.5, right). 
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Fig. 3.5 IDA curves and samples of the SY — 1 intensity values: (a) including record-to-record 
variability only, (b) with structural uncertainty 


3.2.8.2 Method B: Incremental Dynamic Analysis on an Equivalent 
Single Degree-of-Freedom Oscillator 


This method differs from the previous one for the fact that the incremental dynamic 
analyses are carried out on a (number of) “equivalent” single degree—of—freedom 
(SDOF) oscillators, obtained through nonlinear static (NLS) analysis on the 3D 
model. Any of the available types of NLS analysis can be adopted, as appropriate 
for the case at hand. 

The global curve relating base shear to the top displacement obtained from the 
pushover becomes the force-displacement relationship of a simple oscillator, which 
for the purpose of the response analysis is approximated with a multi-linear 
relationship. 

The number of the needed SDOF oscillators equals the number of modes 
contributing significantly to the total 3D response. On each SDOF an IDA analysis 
is performed for all of selected time-histories: for any time-history, modal 
responses, obtained translating the maximum dynamic response of each SDOF in 
the response of the 3D structure, at the same intensity level are combined by an 
appropriate rule (SRSS or CQC) to yield the total response. The latter is used to 
compute the indicator variable for each LS. Then collection of Sy=; values and 
evaluation of the fragility parameters pj,s, , and ojys, , proceeds as per method A. 

The effect of the uncertainties that can be modeled as continuous can be treated 
in the same approximate way as in Method A. In this case the pushover analyses 
must be repeated on different structures each one characterized by a different 
realization of the uncertainties, and associated one-to-one with the selected 
motions. 
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3.2.8.3 Method C: Non-linear Static Analysis and Response Surface 


This method is again based on nonlinear static analysis. The main differences with 
respect to method B are two: demand on the SDOF oscillators is determined using 
the response spectra of the selected time-histories (the actual response can be 
obtained using any of the available methods for obtaining the inelastic displacement 
response from an elastic spectrum), and the effect of the system-related uncer- 
tainties that can be modeled as continuous is determined through the use of the 
Response Surface technique (Pinto et al. 2004). 

The two parameters of the fragility function are determined as follows. 

The log-mean is obtained from the median response spectrum of the selected 
time-histories (scaled to the same S—s), whose intensity is scaled upwards until 
Y = | is obtained: 


Finsy_, = InSy_, (3.11) 


Sa, sos (T) 


The logarithmic standard deviation is assumed as independently contributed by 
two factors: the variability of the response due to the variability of the ground 
motions (given S — s), and the variability due to the randomness of the material 
properties: 


E 2 2 
OlnSy, md hss + OlnSy. ,,C (3.12) 


The first of the two terms is evaluated from the response spectra fractiles at 
16 and 84 % from the selected time-histories (scaled to the same S=s) according to: 


InSy—1)16% — InSy—1)ga% 
Oln$y-,,$ = | 2 (3.13) 


The influence on Sy_; of the continuous random variables, denoted by X+, is 
studied by expressing InSy_, as a linear response surface, in the space of the 
normalized variables x, = (Xy — pxa)J/oxac: 


In$y-i = ao + 9 Lax +e (3.14) 
k 


The normalized variables are assigned the values +1 in correspondence of their 
fractile values of 16 % and 84 96. The N parameters a, are obtained through a 
complete factorial combination of the variables at two levels (+1,—1). For each of 
the M = 2" combinations the median spectrum is increased up to the value produc- 
ing Y = /. The values attributed to the normalized variables (-1or —1) for each of 
the combinations are the rows of a so-called “matrix of experiments” Z, and the 
corresponding values of InSy_, form a vector of “response” denoted as y. 

The parameters a, are then obtained from the expression: 
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a= (zz) zy (3.15) 


from which the component of ojs, , related to the uncertainty in the structure 
(“capacity”) follows as: 


a [Evo +o (3.16) 
k j 


where o? is the variance of the residuals, and the facts that e and x are independent, 
and the latter are correlated standard variables with correlation coefficient o has 
been used. 


3.3 RC Specific Provisions 


This chapter complements the general Chap. 2, by providing detailed indications on 
modeling of response and capacity for RC structures. As mentioned before the 
document is based exclusively on nonlinear analysis and prescribes a mandatory 
verification of the collapse LS. Inelastic models that describe response up to 
collapse, however, are still not in the average technical background of engineers, 
and, also, they are still evolving toward a more mature and consolidated state. In 
recognition of this, the document introduces formulations for the identification of 
the collapse LS that allow a correct use of the mainstream non-degrading models 
(3.6), but leaves the door open to the use of more advanced degrading models (3.7). 
Further, in order to guide the user in the selection of the latter, it provides a brief 
reasoned classification of inelastic response models. 


3.3.1 Response Models 


Models for beam-columns, joints and masonry infills are presented, though the 
former are obviously given the major attention. In particular, collapse modes of RC 
columns are described, as schematically shown in Fig. 3.6. The figure illustrates the 
possible modes of collapse in a monotonic loading condition, in terms of shear 
force-chord rotation of the member. In all three cases the plot shows with dashed 
grey lines the monotonic response in a pure flexural mode, with the usual I, II and 
III stages up to ultimate/peak strength, followed by a fourth descending branch to 
actual collapse, and the shear strength envelope. The latter starts with Vg and 
decreases as a function of deformation, measured in terms of ductility u. Depending 
on whether the two curves cross before flexural yield, after, or do not cross at all, the 
member fails in brittle shear, ductile shear or flexure. In all cases, collapse occurs 
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Fig. 3.6 Collapse modes of 
RC columns (chord 
rotations at peak strength, 
usually denoted as ultimate 
values 0,, are here 
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In cyclic loading at large amplitude the response presents a second contribution 
to degradation, which is cyclic degradation, as shown in Fig. 3.7. 

Available models can be classified in mechanical and phenomenological. The 
state of the art of purely mechanical models is not yet capable of describing the full 
range of behaviour of RC members illustrated in Figs. 3.6 and 3.7 (especially for 
brittle and ductile shear collapse). Currently, if the analyst wishes to incorporate 
degrading models, the only viable option is to use phenomenological (e.g. Ibarra 
et al. 2005) or hybrid models (Elwood 2004). These models, however, also have 
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Fig. 3.7 Cyclic and in-cycle components of degradation (Response shown is from Ibarra 
et al. model) 


their limitations and, for instance, rely heavily on the experimental base used to 
develop them, which is often not large enough (e.g. for the Ibarra et al. model, the 
proportion of ductile shear and flexural failures dominate the experimental base, 
resulting in limited confidence on the model capability to describe brittle failures). 
Further, computational robustness is an issue with all these models. 

Figure 3.7 shows the monotonic backbone (e.g. for the ductile shear collapse 
mode) and the cyclic response. It is important to note that the deformation thresh- 
olds corresponding to state transitions and ultimately to collapse are different for 
monotonic and cyclic loading. This fact is highlighted in Fig. 3.8, where the peak/ 
ultimate and axial failure rotations are clearly identified as different in the mono- 
tonic and cyclic loading. 

The user is advised that consistency is essential in the choices of response, 
capacity and LS identification formulas. 

If non-degrading models are chosen, one should use (3.6) for collapse identifi- 
cation, with peak deformation thresholds 0, cyclic that account on the capacity side 
for the degradation disregarded on the response side. 

If degrading models are used, (3.7) or (3.8) are employed, and the monotonic 
deformation thresholds, 0, mono» 98amono» etc are used as input parameters for the 
response model (together with degradation parameters). 


3.3.2 Capacity Models 


A survey of probabilistic models for the deformation thresholds shown before, 
grouped by LS, is presented in the document. Requirements for an ideal set of 
models are stated explicitly: consistency of derivation of thresholds of increasing 
amplitude (i.e. yield, peak and axial deformation models derived based on the same 
experimental tests, accounting also for correlations), and an experimental base 
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covering the full range of behaviours (different types of collapse, different rein- 
forcement layouts, etc) in a balanced manner. Such a set of models is currently not 
available. 

One set of models that comes closer to the above requirements, and is used in the 
application illustrated in the next section, is that by Haselton et al. (2008), which 
consists of predictive equations for the parameters of the Ibarra et al. (2005) 
degrading hysteretic model. Haselton et al, however, provide only mean and 
standard deviation of the logarithm of each parameter, disregarding pair-wise 
correlation, in spite of the fact that the equations were established on the same 
experimental basis. Also, as already anticipated, brittle shear failures are not 
represented. 

Figure 3.9 shows the tri-linear moment-rotation monotonic envelope according 
to the Ibarra model, with qualitative (marginal) probability density functions 
(PDFs) for its parameters, as supplied by Haselton et al. (2008). Not all the 
parameters can be independently predicted at the same time, to maintain physical 
consistency of the moment-rotation law. In the application the stiffness at 40 % and 
100 % of yield, and the rotation increment A0; and A0, have been used (darker 
PDFs in the figure). Use of the latter two in place of 0; and 0, ensures that situations 
with 0; > 0, cannot occur. The equation for 0, is redundant since 0, is obtained from 
M, and K,. As described in the application, care has been taken in ensuring that Ky 
is always larger than K4oq,. The latter is used as an intermediate value between I and 
II stage stiffness, since the model is tri-linear. Finally, Haselton et al. (2008) 
provide also a marginal model for the parameter regulating cyclic degradation in 
the Ibarra model, i.e. the normalized total hysteretic energy E/(Myj0y). 

The document provides also equations by Biskinis and Fardis (2010a, b), 
adopted since 2005 in earlier form in Eurocode 8 Part 3 (CEN 2005) and in latest 
fib Model Code (fib 2010), as well as by Zhu et al. (2007). These equations, 
however, are calibrated to provide cyclic values of the deformation thresholds, 
and their use is thus appropriate for LS identification when non-degrading models 
are used. 
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3.3.2.1 Biaxial Verification 


Most response and all available capacity models are applicable for deformation in a 
single plane of flexure, while the document requires mandatory use of 
tri-dimensional models. While this does not represent a limitation for beams and 
for joints, with the exception of corner ones, columns are always subjected to 
biaxial deformation. 

If degrading models are employed, currently the only option is to use the same 
model independently in the two orthogonal planes of flexure, disregarding 
interaction. 

When non-degrading models are employed, interaction can be accounted for on 
the response side e.g. by use of fibre-discretized sections, and on the capacity side 
through the use of an “elliptical” rule for the evaluation of the local, member-level 
capacity-to-demand ratio (Biskinis and Fardis 2010a, b): 


* j ( s ) 
= + 3.17 
á TO 3,15 (7) 


where 0; and 05 are the rotation demands in the two orthogonal planes, and 05 zs and 
05 , s are the corresponding (cyclic) capacities for the LS under consideration. 


3.4 Example Application to an RC Building 


3.4.1 Premise 


The document contains example applications to two real buildings, one in 
unreinforced masonry and the other in reinforced concrete. Together, the two 
examples illustrate the application of the three assessment methods presented in 
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the provisions: methods A and C with reference to the masonry building and 
method B with reference to the RC building. 

The seismic risk assessment of the RC building has been carried out twice, using 
both non-degrading and degrading models, denoted as A and B, respectively. This 
has been done to provide users with an order of magnitude of the expected 
differences between the two approaches. Actually, the document provides results 
also for a third analysis with masonry infills, not reported here. 


3.4.2 Description of the Structure 


The building, shown in Fig. 3.10, is one of three blocks making up a school complex 
in southern Italy, built in the early 1960s. The structure consists of an RC space 
frame with extradosed beams and one-way hollow-core slabs, developing for three 
storeys over a sloping site. The lower storey is constrained since it is under-ground 
on three sides. 


3.4.3 Seismic Action 


For the purpose of the evaluation the building has been located at a site in the 
Basilicata region. Seismic hazard from the current design code, in terms of uniform 
hazard spectra at nine return periods, has been used to reconstruct median and 
fractile hazard curves at the first mode period of the structure (see later). The 
median curve has been interpolated with a quadratic polynomial in log-log space 
(ko = 8.134 x 102, k; =3.254, k5 —0.303). Fractile curves have been used to 
compute a value of the hazard dispersion Jy — 0.3 (at a frequency between 1/500 
and 1/1,000 years, close to the value of collapse MAF). 

Thirty ground motion records have been selected from an aggregated database 
obtained merging the European Strong Motion database, and the Italian ITACA and 
SIMBAD databases. Records have been selected in the M,,— [5.66.5] and 
depi = [10 km;30 km] ranges (Fig. 3.11), centred around the values obtained from 
PSHA deaggregation in the same 1/500 and 1/1,000 years frequency range. 


3.4.4 Preliminary Analysis and Test Results 


No construction or design drawings were available. Based on an existing architec- 
tural survey, a structural survey was conducted to reconstruct the gross concrete 
frame dimensions. Based on these and on values for material properties, loads and 
reinforcement assumed based on the ruling design code at the time of construction a 
preliminary model was set-up (Fig. 3.12, where loads are shown in red, with height 
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Fig.3.11 Magnitude and distance bin used in the selection of recorded motions. Red dots indicate 
selected records 


proportional to intensity). Modal analysis with full elastic response spectrum has 
provided the location where the largest inelastic deformation demand is expected. 
The most stressed columns are framed in red in Fig. 3.13, where actual members 
chosen for inspection and material sampling (at ground floor) are circled in blue. 
The results are reported in Table 3.2. 


3.4.5 Structural Modeling 


Structural analysis has been carried out using the general-purpose FE package 
OpenSees (McKenna et al. 2010). The behaviour of RC beam-column joints has 
not been modelled. Beams and columns have been modelled by means of elastic 
frame elements with zero length at the two ends, with independent uniaxial 
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Fig. 3.12 View of 
preliminary analysis model 
with loads distributed to 
beams (one-way slabs) 


constitutive laws on each degree of freedom.' The adopted moment-rotation law is 
the tri-linear one by Ibarra et al. (2005), in the implementation by (Lignos and 
Krawinkler 2012), and shown in Fig. 3.14 for the two orthogonal planes of flexure 
of one of the columns. Axial force-bending moment interaction is not included in the 
model, therefore a constant axial force needs to be assigned at the beginning of the 
analysis for determination of the model parameters. A single gravity load analysis on 
the median model has been used to determined axial forces in all columns, and these 
have been used for all random realizations of the structure (see next section). 

Parameters for the Ibarra model have been predicted with the set of equations 
calibrated by Haselton et al. (2008). These equations include one that provides the 
degradation parameter: 


(3.18) 


Actually, the Opensees implementation of the Ibarra model requires in input the 
degradation parameter in the form: 


E 
A = 10, = A 0, = y0, (3.19) 


Since method B has been used for the assessment (see later), a unique value of 
the degradation parameter needs to be assigned to the equivalent oscillator of each 
mode. The average value of A over the columns has been used. 


! This option is easy to implement with a simple script in Tcl/Tk and is more robust than using a 
lumped plasticity element formulation, since it leaves complete control to the analyst through the 
global solution algorithm. 
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Fig. 3.13 Plan of inspections 


As anticipated, the risk analysis has been performed twice, for both degrading 
and non-degrading models. In the latter case, for the sake of simplicity, the same 
Ibarra model has been used, but with zero, rather than negative, post-peak stiffness 
(e.g. M-0 curves in Fig. 3.14 go flat after 3.1 % and 3.2 %, respectively). Equation 
(3.6) has been used to check the collapse LS, and cyclic thresholds by Zhu 
et al. (2007) have been used for the ductile shear (Oy) or flexural (Oş) peak 
deformation. Each member has been attributed a ductile shear or flexural threshold 
based on the classification criterion proposed in Zhu et al., i.e. shear if geometric 
transverse reinforcement percentage lower or equal to 0.002, or shear span ratio 
lower than 2 (squat member), or plastic shear Vp = 2M,/L larger than 1.05 the shear 
strength (according to Sezen and Mohele 2002). Zhu et al. model for cyclic axial 
failure threshold 0, has also been used for the non-degrading model. 
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Table 3.2 Results of tests on columns at ground floor 


Member B (mm) H (mm) Long. Reinf. Transv. Reinf. fe (MPa) fy (MPa) 


P3 300 500 60920 26/200 16.7 - 
P15 300 600 60920 26/200 15.4 - 
P26 300 300 4012 246/200 17.8 - 
P34 300 1,000 820 246/200 11.9 337 
P39 300 500 612 246/200 11.6 370 
Fig. 3.14 Moment-rotation MA 
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3.4.6 Uncertainty Modeling 


In this application uncertainties that require analysis of alternative models, to be 
treated with the logic tree technique, have not been considered. 
The uncertainties included in the assessment are: 


e Material strengths: f. and f,, and ultimate concrete deformation £y, which 
determine the constitutive law of the materials and enter into: (a) the stiffness 
of the elastic members, (b) section analysis leading to M,, c) predictive formulas 
for deformation thresholds; 

e Monotonic incremental deformation A0;— 0;-0, and A0, = 0,-0;, and the cyclic 
degradation parameter y, the latter two only for the degrading model; 

e Cyclic deformation thresholds Of, 0, and 0,, for the non-degrading model; 


All variables have been modelled as lognormal. As anticipated, statistical 
dependence of parameters within the same member or between same-parameter 
across different members has been modelled through assumed correlation 
coefficients. 

In particular, in order to ensure that within each member Kyo > Ky, perfect 
correlation has been assumed, a single standard normal random variable e; ^ N 
(0,1) has been sampled in each member, and then amplified by the corresponding 
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Table 3.3 Distribution RV Median Log-std Correlation 
parameters for the random 
variables f. (MPa) 14.0 0.20 0.7 
Ecu 0.006 0.20 0.7 
fy (MPa) 338.0 0.10 0.8 
Kao Haselton et al. 0.38 0.8 
Ky Haselton et al. 0.36 0.8 
A0; Haselton et al. 0.61 0.8 
A0, Haselton et al. 0.72 0.8 
Or Zhu et al. 0.35 0.8 
Ov Zhu et al. 0.27 0.8 
0, Zhu et al. 0.35 0.8 
Haselton et al. 0.50 0.8 


logarithmic standard deviation to yield the factors exp(e; oj,ka4o) and exp(€ i oiky) 
that multiply the corresponding medians. 

Similarly, in order to avoid situations where a very ductile element loses axial 
bearing capacity prematurely, the variables A0; and A0, have been considered 
perfectly correlated and a single normal variable has been sampled as done for 
the stiffnesses. 

Finally, in a way of simplicity, same-variables across different members (stiff- 
nesses, deformation thresholds and material properties) have been considered 
equicorrelated, independently of distance (one could have used a distance- 
dependent correlation coefficient, with an exponential or squared exponential 
model, differentiating correlation lengths in the vertical and horizontal directions), 
with values reported in Table 3.3. 

Figure 3.15 shows the moment-rotation law of a member for median values and 
one of the 30 samples of the random variables. The figure reports also in dashed line 
the non-degrading branch of the M-0 law, and the corresponding cyclic thresholds 
used for LS checking. 


3.4.7 Method B and Response Analysis via Modal Pushover 


The assessment has been carried out with method B, which uses IDA on equivalent 
oscillators obtained through nonlinear static analysis to characterize response. 
Several proposals are available in the literature for the determination of an approx- 
imate IDA curve starting from nonlinear static analysis, e.g. (Vamvatsikos and 
Cornell 2005; Dolsek and Fajfar 2005; Han and Chopra 2006). The latter, based on 
the modal pushover analysis (MPA) technique (Chopra and Goel 2002), has been 
chosen here due to its easy implementation with commercial analysis packages, 
since it uses invariant force patterns, and its applicability to general spatial geom- 
etries (Reyes and Chopra 2011). Differently from (Reyes and Chopra 2011), 
however, herein a single excitation that accounts for both orthogonal components 
of ground motion has been used. This excitation is derived as follows. 
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The equations of motion for a discrete nonlinear MDOF system subjected to two 
components of ground motion along the X and Y axes are: 


with usual meaning of symbols and omitting the time dependence of input accel- 
eration and response quantities. Adopting, according to the MPA method, the 
modal decomposition also in presence of nonlinear resisting forces, one gets: 


Mig; + Cig; + Fi = —(Lixax + Liyay) i= 1, eae ght (3.21) 


where M; = @;'Mq@;, C; — bi Có, F; = @;' F is the projection of F on the i-th mode, 
and Liy y = $; Mt, y. Upon dividing (3.16) by the modal mass one gets: 


: .QFi 
Qi + 2€;Wiq; dx = —(Tjxay -- Lay) l = 1, D ll (3.22) 


Finally, by further dividing (3.17) by the largest (dominant) of the two load 
participation factors L, e.g. that associated with the X component, one arrives at the 
equation of motion of a nonlinear oscillator having F/L-D force-displacement law, 
excited by an excitation which combines the two orthogonal input motions: 


; E. Fi T; . 
Di + 2€,@,D; + = (a= Lar) i=1,...,n (3.23) 


Li Ix 


The assessment starts with modal analysis. For each significant vibration mode 
two nonlinear static analyses are carried out, one for each sign of the forces. The 
result of each nonlinear static analysis will consist of a database of local responses, 
i.e. matrices of nodal displacements, of size (Nsteps X Nnodes X Ndofs), or of member 
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deformations, of size (Nsteps X members X Ndeformations), Plus a curve, usually called 
capacity curve, linking the base shear V, to the displacement of a control degree of 
freedom u., usually taken to be that with the largest modal coordinate. The capacity 
curves are approximated by trilinear laws and transformed into F/L-D format. Each 
trilinear equivalent oscillator is then subjected to IDA with the 30 selected motions 
and local responses are obtained by interpolation of the corresponding database at 
the maximum displacement of the oscillator (for each motion and intensity level). 
Total responses are obtained from modal ones, at the same intensity S —s, by a 
suitable combination rule (SRSS or CQC). Based on total response, LS indicator 
functions Y are evaluated. 


3.4.8 Results 


Modal analysis of the median model (i.e. a model with median values assigned to 
all random variables) shows that the first three modes cumulatively account for 
more than 80 % of the total mass in both plan directions (Fig. 3.16). These mode 
shapes are the same for models A and B, since they have the same elastic properties. 

These three modes are chosen for nonlinear static analysis. Figure 3.17, left, 
shows the corresponding results in terms of capacity curves with reference to model 
A. The figure shows also the tri-linear approximations of the curves used as 
monotonic backbone for the equivalent oscillators. The post-peak negative stiffness 
for this non-degrading model is entirely due to geometric effects (P-6). Figure 3.17, 
right, compares the capacity curves for the three considered modes obtained with 
model A (red) and B (black), respectively. The curves depart from each other only 
after some excursion in the inelastic range, when the first local failure (exceedance 
of the ultimate/capping deformation) occurs. The total number of pushover analysis 
amounts to 2 signs x 3 modes x 30 models — 270, as shown in Fig. 3.18. 

Figure 3.19 shows further details of the nonlinear static analysis, with the 
capacity curve of one of the 30 random realizations of Model B, subjected to 
modal forces according to its 3’ mode, in the positive sign, and the deformed 
shapes (same scale) at three steps corresponding to increasing levels of inelastic 
demand. The first and second step (S1 and S2 in the figure) correspond to the yield 
and peak displacement in the tri-linear approximation of the capacity curve, the last 
step S3 is midway between the peak and the last point. The deformed shapes report 
also the level of inelastic demand in plastic hinges, according to the convention 
already used in (Haselton and Deierlein 2007): hollow circles denote potential 
plastic hinge zones, blue and red circles denote inelastic demands lower and higher 
of the peak rotation, respectively. The diameter, for blue and red circles, is 
proportional to the D/C ratio. The blue circle fills completely the hollow black 
circle when y= 1 (Eq. 3.12), with 0; ; = 0; or Oy. It can be observed that along the 
descending branch increases at some locations to more than three times the diam- 
eter of the black circle. This situation is numerically possible since the loss of axial 
load-bearing capacity is not modelled, and the analysis proceeds with redistribution 
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Fig. 3.16 Plan view of the first three mode shapes, with participating mass ratios in the dominant 
direction of each mode (“median” model) 
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Fig. 3.17 Pushover curves for model A and B 
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Fig. 3.18 Pushover curves of 30 random samples of model A 
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Fig. 3.19 Model B, Mode 3, pushover curve and deformed shapes at three different displacement 
levels, with indication of plastic hinge deformations (hollow circles, blue circles and red circles 
denote potential plastic hinges, active hinges before peak/ultimate deformation and hinges in the 
degrading post-peak branch, respectively) 


of shear demand on the adjacent members. This fact, however, does not compro- 
mise the analysis since the axial collapse mode is actually checked a posteriori, 
using the 0, model from Zhu et al. (2007) in conjunction with (3.8). 

Figure 3.20 shows the response time-series for the equivalent oscillator 
(Model B, Mode 3, first random sample and associated motion) at three increasing 
intensity levels, shown below in terms of force-displacement loops. Depending on 
whether the largest response displacement has a positive or negative sign, the local 
responses at node/member level are interpolated from the database relative to the 
positive or negative pushover. 

Finally, Figs. 3.21 and 3.22 show the IDA and the fragility curves for model A 
(left) and B (right), respectively. Green, blue and red dots on the IDA curves mark 
the attainment (Y — 1) of the damage, severe damage and collapse LS. Each cloud 
of points is used to determine the log-mean and log-standard deviation of the 
intensity leading to the corresponding LS: Sy..,, parameters of the fragility curves 
reported below. 
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Fig. 3.20 Model B, Mode 3, response of the equivalent oscillator to the same motion at three 
increasing intensity levels (top) and corresponding force-deformation loops (bottom) 


Convolution of the fragility curves in Fig. 3.22 with the hazard curve for the 
corresponding intensity measure, S = S,(T;), yields the values of the mean annual 
rate of exceedance of the three LS's reported in Table 3.4. The table reports also the 
MAF thresholds for this school building (Class III structure, Table 3.1). As it can be 
seen, for the considered example the MAFs from the two modelling approaches are 
practically coincident for all LSs. 

In conclusion, the example shows that the method is of relatively lengthy but 
rather straightforward application to real buildings, requiring in sequence a modal 
analysis, random sampling of model realizations, pushover analyses with invariant 
modal patterns, tri-linear approximation of capacity curves, expeditious IDA on 
equivalent SDOF oscillators, interpolation in the local response databases and 
CQC/SRSS combination, fragility parameters evaluation by simple statistical oper- 
ations on the $y.., intensity values. As long as MPA can provide a reasonable 
approximation of the dynamic response, Method B is a computationally effective 
alternative to Method A (IDA on complete model), since it requires determination 
and handling of much smaller response databases: where Method A requires 
determination Of Nyesponses X Nsteps X Nrm-levels QUantities per each record/model 
pair (with e.g. Ngteps = 2,000 steps and nyy-tevels = 10), Method B requires determi- 
nation Of Nyesponses X Nsteps X Ilmoges quantities only (with e.g. Nsteps = 100 steps and 
Ilmodes = 3+5), since the IDA is carried out on a SDOF oscillator. 


128 P.E. Pinto and P. Franchin 


5 5 
Model B 
4 AH / a 
ae”. ill 

c3 3r 
£ 
ap 2! 

1 1} 

0 0 r ^ 

0 0 0.02 0.04 


Model A 
^ 
a 0.5 
e 
a 
0 
0 0.1 0.2 
S, (9) 
Fig. 3.22 Fragility curves 
Table 3.4 Mean annual Model A B Threshold 


frequencies of LS exceedance 


Fs AU m 0.03150 0.03040 0.0300 
Eorespandite thresholds Mars 0.01270 0.01310 0.0032 
M 0.00119 0.00117 0.0015 


3.5 Conclusions 


The paper illustrates the latest Italian provisions issued by the National Research 
Council as Technical document 212/2013, for the probabilistic seismic assessment 
of existing RC and masonry buildings. These provisions are thought to overcome 
the limitations of the current normative, though they are not intended to replace 
them but, rather, to provide higher-level methods and tools for special applications 
and to inform possible revisions of the code in the future. The main merits of the 
document are: 
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(a) The systematic treatment of the problem of identification of global LS exceed- 
ance, in a manner consistent with their verbal description, with the introduction 
of LS indicator variables differentiated as a function of LS and modelling 
option. 

(b) The explicit probabilistic treatment of all uncertainties, related to ground 
motion, material properties, modelling, geometry, detailing. In particular, the 
distinction of uncertainties that can be described within a single structural 
model via random variables and uncertainties that require the use of multiple 
models (logic tree) is introduced. 

(c) The mandatory use of nonlinear analysis methods for response determination, 
and of ground motion time-series (preferably natural recorded) for the descrip- 
tion of the seismic motion variability, irrespectively of the analysis method 
(dynamic or static). 
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Chapter 4 
Seismic Response of Precast Industrial 
Buildings 


Matej Fischinger, Blaz Zoubek, and Tatjana Isakovic 


Abstract The most common structural system of the precast industrial buildings in 
Europe consists of an assemblage of cantilever columns tied together with beams. 
Typical beam-to-column connection in these structures is constructed with steel 
dowels. Although this system has been used for decades, its seismic response was 
poorly understood, which reflected in ambiguous code requirements and conserva- 
tive approach. Therefore, along with innovative precast structural solutions (not 
discussed in this paper), this system was the main focus of the continuous European 
research in the past two decades. The key results of this vast research effort 
(including unprecedented cyclic, PSD and shake table experiments on large-scale 
structures) led by the associations of the precast producers in Europe and the 
Politecnico di Milano are presented and discussed in this paper. The details are 
provided for the work done at the University of Ljubljana. The results of these 
research projects led to some major modifications and improvements of the relevant 
chapter in Eurocode 8, when this was evolving from the initial informative annex to 
the final code provision. Refined FEM models for the complex behaviour of the 
dowel beam-to-column connections as well as macro models for the post-critical 
analysis of the complete structures were proposed. Single-storey and multi-storey 
structures were investigated and the design formulas to estimate high shear and 
storey-force amplification due to higher-modes effect in multi-storey structures 
were derived. The design guidelines for connections of precast structures under 
seismic actions were prepared. Systematic risk studies were done indicating that 
this structural system can be safe in seismic regions if all Eurocode 8 provisions as 
well as the recommendations based on the presented research are considered. These 
include the capacity design of the connections. Behaviour factor for such precast 
systems was studied and the values initially proposed in preEC8 were modified 
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(increased). However, it was shown that drift limitations typically govern the 
design and that the nominal value of the behaviour factor is not so decisive. The 
key factors contributing to the good seismic behaviour of this system (assuming that 
the connections are properly designed) is the low value of the compressive axial 
force in the columns confined with adequate hoops and the overstrength caused by 
drift limitation requirements. Cladding-to-structure interaction has been one of the 
most poorly understood components of the system, which is now the topic of the 
on-going research. 


4.1 Introduction 


Seismic behaviour and seismic safety of precast structures has been frequently 
discussed. However, when such discussion refers to precast structures in general, it 
is pretty much displaced and meaningless. Precast buildings are defined as struc- 
tures made of pre-fabricated elements assembled into the structural system on the 
construction site. Obviously the behaviour of such systems depends predominantly 
on the details of the connections, which may differ essentially from one to the other 
precast system. So, empirical evidence from the past earthquakes shows everything 
from good structural response (Fig. 4.1) to complete disasters (Fig. 4.2). 

While the tragedy of the Spitak 1988 earthquake in Armenia (EERI 1989) 
imposed large distrust onto precast structures in general, it should be noticed that 
at the same time large panel precast structures behaved quite well in spite of the 
poor construction practice. Therefore any generalized and superficial conclusions 
that precast structures are bad or good are non-professional and unacceptable. We 
should be fully and constantly aware that even a single life, which might be lost in 
the structures designed by ourselves or by the codes developed by us imposes a 
huge moral obligation onto us. 

For these reasons the specific precast system, discussed in this paper, was 
extensively studied for two decades. Based on these results the relevant sections 
of Eurocode 8 were substantially modified and hopefully improved. The overview 
of the main research results is given in the following sections. Although, in general 
the observations are positive, one should be aware of the strict design requirements 
that are needed to ensure good performance. It is hoped that this presentation will 
give better insight into the seismic response and behaviour of this frequently used 
precast system, which is required for the objective evaluation of its performance. 

Simply speaking, the analysed system consists of an assemblage of cantilever 
columns tied together with beams (Figs. 4.3 and 4.4). 

The key element in this system is the beam-to-column connection. Among many 
different solutions the dowel beam-to-column connection is most frequently used 
(Fig. 4.5). This connection is practically hinged and the system indeed behaves as 
an assemblage of cantilever columns tied by beams. 
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Fig. 4.1 Undamaged 
structural system of the 
precast industrial building 
after the L’ Aquila 2009 
earthquake 


Fig. 4.2 Large panel 
precast structure standing 
among the rouble of the 
precast frames, which 
caused a terrible tragedy 
during the Spitak 1988 
earthquake 


This precast system has been used in Europe to construct about 50 millions of 
square meters of buildings per year. Such buildings house a predominant share of 
industrial facilities in many European countries. Recently they are also used for 
multi-storey office buildings and shopping centres housing thousands of people 
(Fig. 4.6). Therefore the potential seismic risk is high. However, due to the complex 
and complicated seismic behaviour of these buildings our knowledge is still limited 
and the design practice and codes need further improvements. 

The paper is built predominantly on the research results gained within several 
large EU projects organized during the past two decades. The authors have been 
actively participating in these projects and cooperating with large consortia 
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Fig. 4.3 Schematic 
representation of the 
structural system of an 
industrial building 


Fig. 4.4 Structural system 
consists of an assemblage of 
cantilever columns tied 
together with beams and 
floor structures 


Fig. 4.5 Beam-to-column 
dowel connection is clearly 
seen in the upper floor. In 
the lower floor the beam has 
been already installed and 
the steel sockets will be 
grouted 
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Fig. 4.6 The analysed 
precast system is frequently 
used for large multi-storey 
buildings. The picture 
shows a huge shopping 
centre in Ljubljana to be 
visited by several 10,000 
visitors a day 


(Fischinger et al. 2011b) of European Associations of precast producers, enterprises 
and research institutions. While the results were always discussed within the 
consortia and the conclusions were typically agreed by all participants, the opinions 
and conclusions presented in this paper are those of the authors and do not always 
reflect the views of all the partners. 

Most important general results of these projects are only briefly summarized and 
they are used as the framework of the paper. The details are then provided for the 
work done at the University of Ljubljana with the particular emphasis on the 
response of beam-to-column dowel connections and cladding-to-structure connec- 
tions, inelastic response analysis of precast industrial buildings, behaviour factors 
and higher modes effects in multi-storey buildings. The most important result of 
this research has been the improvement of the design practice governed by the 
modified provisions in the relevant chapter of Eurocode 8 (CEN 2004), which has 
been immediately applied by sponsoring associations and companies. 


4.2 Post-Earthquake Inspections 


In spite of the frequent use of the analysed precast system, the information about its 
behaviour during the earthquakes has been sparse and sometimes controversial (see 
also the Introduction). Although good structural behaviour prevails (Fig. 4.7), it 
sometimes goes hand in hand with collapses. Again one should pay attention on 
seemingly small but important details. During Friuli earthquake, good behaviour 
was observed (Fajfar et al. 1978; EERI 1979). However, in Friuli quite long period 
structures were exposed to short, high-frequency ground motion with relatively 
weak energy content and low displacements in the range of predominant structural 
periods. During the recent Emilia earthquakes, which occurred near-by, a lot of 
damage was reported (i.e. Bournas et al. 2013a). But here, most of this damage 
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Fig. 4.7 Structural system 
of most precast industrial 
buildings designed for 
seismic action remained 
undamaged during recent 
Italian earthquakes 


Fig. 4.8 Many cladding 
panels fell off the structures 
during recent Italian 
earthquakes (Toniolo and 
Colombo 2012) 


should be attributed to the fact that the majority of the buildings were not designed 
for the earthquake action (this region has been considered as seismic only from the 
year 2003 on). However, there were also some collapses in new buildings. A strong 
low frequency content of the N-S component of the May 29th earthquake might 
contribute to the increased damage. Similar reason might increase damage in the 
case of Vrancea earthquake (Tzenov et al. 1978) and during some Turkish 
earthquakes. 

After the other recent Italian earthquake — L’ Aquila, good structural behaviour 
of the precast industrial buildings was reported (Figs. 4.1 and 4.7; Toniolo and 
Colombo 2012). But in both, Emilia and L’ Aquila earthquakes heavy damage to 
claddings was observed (Fig. 4.8; Toniolo and Colombo 2012). The problem of 
claddings will be discussed in a separate chapter. 

During the Montenegro earthquake (Fajfar et al. 1981) damage to precast 
structures was small and it was predominantly due to the soil effects and the rotation 
of foundations (Fig. 4.9). After the recent earthquakes in Turkey (Saatcioglu 
et al. 2001; EERI 2000; Arslan et al. 2006) statistics show small, but nevertheless 
considerable number (3 % of the total inventory) of collapses and heavy damage 
(Fig. 4.10). 
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Fig. 4.9 Collapse of the roof structure in Montenegro earthquake due to soil effects and poor 
connections 


Fig. 4.10 This collapsed precast structure illustrates the importance of ties in precast buildings 
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Fig. 4.11 Collapse of the beam during Emilia earthquake due to the loss of the seating; general 
view — left and the detail of the support — right (Bournas et al. 2013a) 


+ es 


Fig. 4.12 Collapse of the roof system during Montenegro earthquake due to soil effects and poor 
connections 


Regardless all the differences in observations, the main causes of the damage to 


the investigated precast system were similar in all cases and all countries: 


Failure of the connections, as the main cause of damage and collapse (Figs. 4.2, 
4.9, 4.11 and 4.12); 

Lack of mechanical connections between the columns and roof girders in old 
buildings and in supposedly aseismic regions (Bournas et al. 20132); 

Lack of ties (Fig. 4.10); 

Insufficient in-plain stiffness of the roof/floor structures; 
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Fig. 4.13 Displacements 
are typically very large 


— Torsional response due to asymmetric stiffness distribution; 

— Poor detailing of hoop reinforcement in columns (Figs. 4.14 and 4.15); 

— Unpredicted large displacements (Fig. 4.13) associated with too-short seating 
and poor connections; 

— Poor foundation in soft soil (Fig. 4.12); 

— Detachment of claddings (Fig. 4.8). 


4.3 Past Research — General Overview 


Compared to cast-in-place structures, all types of precast structures have received 
relatively little attention which has reflected in slow development of codes. In 
particular, precast industrial buildings, which are discussed in this paper, are not 
used in some countries (USA, Japan, New Zealand) that lead in earthquake engi- 
neering. Research there has predominantly addressed systems with flexural- 
resistant and prestressed connections (i.e. PRESS — PREcast Seismic Structural 
System; Priestley 1996; Shiohara and Watanabe 2000). Consequently, there has 
been very little information about the precast industrial buildings in the state-of 
the-art (at the time of publication) reports as it was the ATC-8 action — Design of 
prefabricated buildings for earthquake loads (ATC-08 1981). More recent report 
(FIB 2003) of the fib-Task group 7.3 (the first author of this paper was a member of 
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Fig. 4.14 Collapse of a 
precast column due to poor 
confinement 


Fig. 4.15 The mistake in 
the construction of the 
hoops (and the resulting 
impaired confinement) led 
to heavy damage of the 
precast column in the 
PRECAST full-scale test 


the group) contains some, but still very limited information. Surprisingly so, in the 
past even the major Balkan research project (UNDP/UNIDO 1985) addressed 
predominantly the large panel precast systems with very little attention to precast 
industrial buildings. 

Due to the poor knowledge the only possible and right solution in the early 
developments of Eurocode 8 was to adopt quite conservative approach for seismic 
design of precast (industrial) buildings. Simply speaking, practically elastic 
response was required for the analysed system (see also the discussion of the 
behaviour factors in Sect. 4.10). This was a great shock for the industry, used to 
the same or at least similar seismic forces and structural details in precast and cast- 
in-situ structures. The authors of this paper fully support the idea that energy 
dissipation capacity of any precast system to be used in mass production should 
be first experimentally and analytically verified. For the precast system addressed in 
this document, systematic verification has been done within five large research 
projects (Toniolo 2012): 


— Cyclic and PSD tests of precast columns in socket foundations (ASSOBETON; 
1994/96) 

— Comparison of the seismic response of the precast and cast-in-situ portal frame 
(ECOLEADER project; 2002/03) 
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— PRECAST - Precast Structures EC8; 2003/06 

— SAFECAST - Performance of Innovative mechanical Connections in Precast 
Building Structures under Seismic Conditions; 2009/12 

— SAFECLADDING - Improved Fastening systems of Cladding Wall Panels of 
Precast Buildings in Seismic Zones; on-going project; 2013/15 


All these projects were sponsored by the associations of precast producers and 
SMEs in Italy, Greece, Turkey, Portugal, and Spain, which demonstrates the 
interest of the industry in this topic. The research providers (European Laboratory 
for Structural Assessment, JRC-ELSA; Istanbul Technical University — ITU; 
LABOR; National Laboratory of Civil Engineering in Lisbon, LNRC; National 
Technical University of Athens, NTUA; Politecnico di Milano., POLIMI and 
University of Ljubljana; UL) were coordinated by The Politecnico di Milano 
under the scientific leadership of Professor Giandomenico Toniolo. The key activ- 
ities and results of these projects are very briefly introduced in the next section, 
followed by more detailed description of the selected results contributed by the 
research group in Ljubljana. 


4.4 European Research in Support of the Eurocode-8 
Developments 


4.4.1 Cyclic and PSD Tests of Precast Columns in Socket 
Foundations (ASSOBETON) 


The aim of the research (Saisi and Toniolo 1998) was to investigate the ductility 
and energy dissipation capacity of precast columns at realistic foundation condi- 
tions (Fig. 4.16). Substantial ductility (3.5—4.5) was demonstrated. This is to be 
expected for an element with relatively low compressive axial force (typical for the 
columns in one-storey industrial buildings), symmetric reinforcement and consid- 
erable confinement. Good behaviour was further enhanced due to the absence of the 
splice in the critical region and construction in controlled environment. It should be 
noted that the larger ductility displacement value was achieved only if the spacing 
of the hoops in the critical region was 3.5 times of the longitudinal bar diameter 
(about 7.5—10 cm). It is interesting to note that this complies with the practice in 
Slovenia (former Yugoslavia) after the Montenegro earthquake. On the other hand 
the valid Eurocode requirements can be less stringent. 
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Fig. 4.16 ASSOBETON tests on precast columns with pocket foundation performed at ELSA 


4.4.2 Comparison of the Seismic Response of the Precast 
and Cast-In-Situ Portal Frame (ECOLEADER) 


The project (Ferrara et al. 2004; Biondini and Toniolo 2002; Biondini and Toniolo 
2004), approved for ECOLEADER (European Consortium of Laboratories for 
earthquake and Dynamic Experimental research) funding, was aimed at demon- 
strating the practical equivalence between the behaviour factor of precast and cast- 
in-situ single-storey industrial buildings (Fig. 4.17). 

Both structures were designed to have the same fundamental period. Quite 
similar behaviour of both structures was observed — Fig. 4.18 

This supports the supposition that the same behaviour factor can be used for the 
precast and cast-in-situ structure of this type (Biondini and Toniolo 2002, 2004). 
But this result by itself does not mean, in any case, that either of the structures had 
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Fig. 4.18 The PSD response of the precast (left) and cast-in-situ (right) ECOLEADER prototypes 


the same energy dissipation capacity as the multi-storey, multi-bay frame designed 
with the weak-beam-strong-column concept (see discussion in Sect. 4.10). There- 
fore further research of this important issue was needed. 


4.4.3 PRECAST - Seismic Behaviour of Precast Concrete 
Structure with Respect to EC8 


The goal of the PRECAST project (Toniolo 2007) was to assess (experimentally 
and numerically) and to calibrate the design rules for (industrial) precast concrete 
structures in Eurocode 8. It was a logical continuation of the ECOLEADER project. 
Similar to ECOLEADER a full scale one-storey precast structure (Figs. 4.19a, b) 
was tested with PSD and cyclic experiments. However, this structure, supported by 
six 5 m high columns, had two bays and realistic floor/roof structure (the one in 
ECOLEADER was rigid slab) composed with slab panels, once oriented in the 
direction of the loading (Fig. 4.19b), and the other time perpendicular to this 
direction (Fig. 4.19a). In initial — elastic tests, cladding panels were added 
(Fig. 4.19a), which were then removed at higher levels of loading. Tolmezzo record 
modified to fit EC8 (soil B) spectrum with peak ground acceleration 0.05, 0.14, 
0.35 g (design acceleration) and 0.525 g was used in tests. PRECAST project 
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Fig. 4.19 (a) PRECAST ECS building with cladding panel; load perpendicular to the slab panels. 
(b) PRECAST ECS building; claddings removed; load in the direction of panels 


provided valuable information about the seismic response, which was subsequently 
used in numerical analyses (see Sect. 4.5) and systematic risk studies (see Sect. 4.9). 
Most important results of the project were: 


— The structure had large overstrength. Yielding in the columns was not observed 
until the last PSD test with maximum ground acceleration 0.525 g. Only much 
stronger cyclic loading, applied at the end of testing, imposed near collapse 
mechanism. It should be noted, however, that even this very large structure had 
still smaller spans (mass) compared to those in real structures. 

— Therefore a systematic numerical study was done showing good response and 
acceptable risk for a whole set of realistic one-storey structures used in practice 
(Kramar et al. 20102). 

— Extremely large top displacements (8 % drift or 40 cm) were recorded at the 
ultimate stage. As a surprise yield drift was over 2 96. See more details in the 
following Sect. 4.5, discussing the inelastic model for the columns. 

— Seemingly quite flexible floor structure worked pretty much as a rigid dia- 
phragm, regardless of the orientation of the floor panels 

— Cladding panels changed the response significantly 


4.4.4 SAFECAST - Performance of Innovative Mechanical 
Connections in Precast Building Structures Under 
Seismic Conditions 


As discussed in the previous section, PRECAST project demonstrated good seismic 
performance of one storey precast industrial buildings. However, this result was 
still far for being conclusive. First of all, it has been obvious that realistic behaviour 
of connections determines the response of any precast structure. And even the 
capacity of most commonly used connections was not known. Furthermore, the 
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(a: prototype 1) (b: prototype 2) (c: prototype 3) (d: prototype 4) 


Fig. 4.21 Structural layouts of the four prototypes (Bournas et al. 2013b) 


inelastic response and the behaviour of multi-storey structures were far from being 
understood. To fill these gaps in the knowledge project SAFECAST was initiated 
(Toniolo 2012). Together with many parallel tests on individual existing and 
innovative connections, the main experimental research consisted of PSD tests on 
a full-scale 3-storey precast concrete building, performed at ELSA (Fig. 4.20; for 
the details of the structure see Negro et al. 2013 and Bournas et al. 2013b). 

To use the expensive specimen as efficiently as possible, for different structural 
solutions were tested one after another (Fig. 4.21). The level of damage in the 
columns was limited to enable to carry out this sequence of tests. 

Structural system of the prototype 2 complied with the definition given in the 
introduction of this paper (an assemblage of multi-storey columns with all hinged 
beam-to-column joints). In prototype 1 two symmetrically placed precast structural 
walls were added to stiffen the system. These walls were disconnected after the test 
of the prototype 1. In prototype 3 it was attempted to reduce the flexibility of the 
system by making the joints in the top story moment-resistant. Innovative dry 
connections were installed and activated for this purpose. In prototype 4 all joints 
were subsequently made moment-resistant. Different floor diaphragms were used in 
each floor. Box type elements were used in the first floor. Pre-topped double tee 
diaphragm was used in the second floor. Separated slab elements were installed in 
the third floor to simulate openings in the roofs used for architectural reasons. The 
same ground motion as in the case of PRECAST was used. Prototypes 1 and 2 were 
exposed to maximum ground accelerations 0.15 and 0.30 g, prototype 3 to 
Agmax = 0.3 g and prototype 4 to agmax = 0.3 g and 0.45 g. 
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Only brief overview of the key observations and conclusions is given below: 


— Overall, the response of the structure was good up to the ultimate limit state 
design levels. 

— However, extremely high influence of higher mode effects was observed in 
prototype 2 (see Sect. 4.8 for more detailed analysis). This imposes very high 
seismic storey forces and the demand on joints. This demand would not be 
identified by traditional design. The structure was very flexible with inter-story 
drifts up to 2.4 96. It is believed that such multi-storey precast structures are 
difficult to be designed without some kind of stiffening measures. 

— '[he use of precast structural walls in prototype 1 reduced the maximum inter- 
story drift to 0.7 %. At the same time the rigid diaphragm action was not 
impaired (with a certain exception of the top story with separated floor panels). 
But it should be noted that the walls (with the same stiffness) were placed 
symmetrically in the floor plan. Asymmetry in real design may impose signif- 
icant torsional effects and large forces to transfer through the floor structures into 
the walls. 

— Making moment-resistant connections only at the top floor in the prototype 
3 (which could be a practical solution in real life) reduced the fundamental 
period for only 23 % in comparison with the structure with hinge joints. 

— '[he solution in prototype 4 was more efficient. However, the innovative dry 
joints were only semi-rigid (large slips were observed due to the problems in 
technology of construction) 

— '[he tests provide valuable data for numerical modelling 


SAFECAST project provided important knowledge about the strength and 
deformation capacity of the most common types of connections used in the design 
practice (in particular beam-to-column connection, which will be discussed in more 
detail in Sect. 4.6). Additionally many innovative connections were proposed and 
tested (these results cannot be published here). 

The most important outcome of the SAFECAST project, based on the mutual 
effort of all the partners in the consortium, is a set of design guidelines for 
connections of precast structures under seismic actions (Negro and Toniolo 
2012). It is hoped that this document (or at least parts of it) will be subsequently 
incorporated into Eurocode 8 provisions. 

These guidelines are based on the experience obtained by testing a large number 
of different typical connections. However, it is obvious that there are many different 
variations and even completely different types of connections used in the construc- 
tion practice. Therefore, one should be extremely careful when extrapolating the 
design guidelines to other types of connections (more detailed discussion is given in 
Sect. 4.10) (Fig. 4.22). 
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Fig. 4.22 Most important 
result of the SAFECAST 
project 


JRC SCIENTIFIC AND POLICY REPORTS 


Design Guidelines 
for Connections of Precast Structures 
under Seismic Actions 


Paolo Negro and Gandomerico Toniolo 
Editors 


4.4.5 SAFECLADDING - Improved Fastening Systems 
of Cladding Wall Panels of Precast Buildings 
in Seismic Zones 


SAFECAST project indicated that the most poorly (in fact wrongly) understood 
connection in the precast industrial buildings is the cladding-to-structure connec- 
tion. It was traditionally supposed that the existing connections separate the clad- 
ding panel from the structure. Panels were usually considered only as added mass in 
the structural model. Therefore these connections were designed for the inertia 
forces contributed by the mass of the panel only as well as only in the direction 
perpendicular to the panel. However, in many cases traditional connections cannot 
accommodate the very large relative displacements between the structure and the 
panels. In such a case the panel and the columns begin to act together as a single 
structure. The connections are then loaded by inertia forces contributed by the total 
mass of the structure, which act in the plane of the panel. This observation was 
drastically confirmed during the recent L’ Aquila and Emilia earthquakes (Figs. 4.8 
and 4.23). 
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Fig. 4.23 Failure of the 
traditional hammer-head 
connection during the 
Emilia earthquake 


In SAFECLADDING project four different solutions to this problem are being 


proposed and analysed: 


Additional research is under way to understand better the capacity and the 
demand in the case of the existing connections. This will improve the design 
practice. However, it is expected that in cases of strong earthquakes the collapse 
of existing types of connections cannot be always prevented. In such cases 
second line of defence measures will be proposed. This research will be 
presented in more detail in Sect. 4.7. 

New connections allowing for larger relative displacements will be proposed. 
Integrated (dual) systems are studied. In these studies panels are designed as a 
part of the lateral resisting (dual) system 

Dissipative connections seemed to be very promising solution. 


In addition to a large number of tests on the individual types of connections the 


key experiment will be again performed at ELSA. A sequence of 22 tests are 
planned to be performed on a single-storey two-bay full-scale structure. In each 
test the arrangement of panels and the type of the connections will be varied. 


4.5 Modelling of the Inelastic Seismic Response of Slender 


Cantilever Columns 


A slender cantilever column may represent a class of one-storey industrial buildings 
with strong connections. Therefore, we start more detailed discussions of the research 
done with the presentation of the inelastic model for slender columns. Whatever, this 
problem might appear trivial and several extensive data bases (PEER 2007; 
Panagiotakos and Fardis 2001) related to the cyclic behaviour of RC columns exist, 
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Fig. 4.24 Plan of the analyzed PRECAST structure, showing the typical column cross-section 


practically no information was available about the behaviour of very slender canti- 
lever columns having shear span ratios of more than ten. This is especially true for the 
post-peak behaviour at large drift ratios, which should be understood and clearly 
defined when using up-to-date performance-based procedures and seismic risk stud- 
ies. Therefore, a numerical model based on the full-scale PSD and cyclic tests done at 
ELSA (see Sect. 4.4.3) within the PRECAST project (Toniolo 2007) was proposed 
and verified by the research team at UL (Kramar 2008; Fischinger et al. 2008). 

The plan of the tested structure (Fig. 4.19; walls were disconnected) is given in 
Fig. 4.24. The shear-to-span ratio of the columns was 12.5. They were designed 
according to the ECS standard. The study was later extended to the lightly 
reinforced columns, not observing the minimum requirements of EC8. 

Very specific behaviour of the columns with high shear-span ratio was observed 
(Fischinger et al. 2008). The deformability and the deformation capacity of the 
columns were large (Fig. 4.25). The yield drift was 2.8 % (much more than the 
values reported for columns with smaller shear-spans). In the final cyclic test, the 
columns exhibited quite stable response up to a large drift close to 7 %. Buckling of 
the longitudinal reinforcement bars then led to subsequent tension failure of the bars 
in the first column. The strength of the structure dropped considerably, but it was 
stabilized by the other five columns. A 20 96 drop in maximum strength was 
observed at about 8 % drift, following considerable in-cycle strength degradation 
and the flexural failure of several columns. Very short height of the plastic hinge 
(only half of the cross-section dimension of the column) was observed. 

The beam-column model with lumped plasticity was chosen. However, most 
existing hysteretic models had problems to describe the observed behaviour. The 
best results were obtained using Ibarra hysteretic model (Ibarra et al. 2005) that 
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Fig. 4.25 The ultimate drift of 8 % (top displacement equal to 40 cm) was observed in PRECAST 
full-scale test 
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Fig. 4.26 Strength deterioration in the Ibarra's model 


accounts for history-dependent strength and stiffness deterioration. The behaviour 
is first described by a monotonic backbone curve. Pre-capping and post-capping 
cyclic strength deterioration, based on the energy dissipation criterion, is then 
considered (Fig. 4.26). Haselton (2006) has calibrated Ibarra hysteretic model for 
a large number of column tests. If Haselton expressions, except for the yield drift 
(which was determined analytically taking into account empirical corrections for 
pull-out and shear-slip), were used, the match of the analytical and experimental 
results was very good (Figs. 4.4 and 4.27). 
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4.6 Cyclic Response of Beam-to-Column Dowel 
Connections 


Beam-to-column connections are extremely important for the integrity and safety of 
the precast industrial structure. The majority of collapses during earthquakes are 
due to the fall of the beam. Nowadays it is obvious that the connection should not 
rely only on the friction and that some kind of mechanical connection should be 
provided. The most common solution is the use of steel dowels (Fig. 4.28). This 
option has been used for decades. Nevertheless, the design (if done at all) was 
predominantly based on engineering feeling and the requirements of non-seismic 
loading. However, the correct approach would be the use of the capacity design, 
which is in fact required by Eurocode 8. For this we obviously need to know 
capacity of the dowel connection and the demand imposed during seismic action 
(the latter will be discussed in Sect. 4.8). Neither of them was understood enough. 
Therefore a good deal of the experimental and numerical research effort within 
SAFECAST was devoted to this connection. Static and cyclic tests at large relative 
rotations between the beam and column were done at UL in Ljubljana (Kramar et al. 
2010b; Fischinger et al. 2012a, 2013) (Figs. 4.29 and 4.28), static, cyclic and shake 
table test were performed at NTUA in Athens (Fig. 4.30) and shake table tests were 
done AT LNEC in Lisbon (Fig. 4.31). 

In this paper we present mainly the research performed in Ljubljana. Three types 
of connections were tested (Fig. 4.32): (1) single centric dowel (typical for roof 
beam to column connection), (2) single eccentric dowel (for comparison) and 
(3) two eccentric dowels (typical for floor beam to column connection). 

While several experiments were done in the past to estimate the dowel strength 
(i.e. Vintzeleou and Tassios 1987) they were restricted to pure shear and specimen 
without hoop reinforcement. Special purpose of the tests at UL was to study the 
behaviour of the connections at very large relative rotation between the beam and 
the column (Fig. 4.25) observed in the previous PRECAST project. It should be 
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Fig. 4.28 Typical eccentric 
beam-to-column dowel 
connection, which was 
tested at UL 


Fig.4.29 Test of the dowel 
connection at large relative 
rotation between the beam 
and column 
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Fig. 4.30 Shake table test 
of the beam-to-column 
dowel connection at NTUA 


Fig. 4.31 Shake table test 
of the beam-to-column 
dowel connection at LNEC 
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Fig. 4.33 Rupture of the dowel in the case of large concrete cover 


noted that this large drifts are needed to justify the energy dissipation capacity 
(behaviour factor) assumed in the design. 

Two types of failure of the investigated connections were identified: (a) the 
rupture of the dowel and crushing of the surrounding concrete (Fig. 4.33) and 
(b) the failure of the beam to column joint due to the insufficient tension strength 
of concrete and stirrups surrounding the dowel (Fig. 4.34). 
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Fig. 4.34 Failure in the 
case of small concrete cover Small concrete cover 
and in the case of the 
insufficient tension strength 
of concrete and stirrups 
surrounding the dowel 


The type of the failure and strength of the connections strongly depended on: 
(a) the distance of the dowel from the edge of the column and beam, (b) the amount 
of the provided stirrups in beam and column, and (c) the amount of relative 
rotations between the column and the beam. Due to the large relative rotations, 
the 20 96 reduction of the strength of the connections was identified. In asymmetric 
connections the strength was also influenced by the direction of the loading, since 
the distance of the dowel from the edges of column and beam was different. It has 
been confirmed that the cyclic strength of the connections was 50—60 % of the 
strength measured during the monotonic tests (as it was noticed in the previous 
research). In the majority of cases, the formulas existing at the time of the exper- 
iment, which can be used to estimate the strength of the dowel itself, 
underestimated the actual strength. The difference between the predicted and actual 
strength was even larger in the case of other types of failure. 

To understand the mechanism of the response better and to propose the design 
formulas and procedures, extensive numerical studies were done. FEM models 
were developed and used (Zoubek et al. 2013b) The models and the results are 
presented in the following subsections for (a) dowels embedded deep into the 
column's concrete core — large concrete cover (c > 6da; c is the dimension of the 
concrete cover and d, is the diameter of the dowel) and (b) dowels placed close to 
the edge of the column — small concrete cover (c < 6da). 


4.6.1 Capacity of the Beam-Column Connection with Dowels 
Embedded Deep in the Concrete Core 


Behaviour of dowels embedded deep in the concrete core is mainly characterized 
by the dowel action mechanism for which numerical models have already been 
developed and experimentally tested in some previous studies (Dulascska 1972; 
Hgjlund-Rasmussen 1963; Engstróm 1990; Vintzeleou and Tassios 1986; Zoubek 
et al. 2013a, b). The simple models assume that the strength of the dowel is reached 
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Fig. 4.35 Failure mode of the dowel mechanism 


at simultaneous yielding of the dowel and crushing of the surrounding concrete (see 
Fig. 4.35). 

Assuming the failure mechanism presented in Fig. 4.35, the following formula 
can be used to analytically evaluate the ultimate resistance of the dowel connection 


at monotonic loading: 
2. / 
Rum = Fin = ao" dp t Jom p 


fem |MPa]...meanuniaxial compressive strength of concrete 
fym MPa] . . . mean yield strength of steel 


d,{mm] . .. diameter of the dowel 


Coefficient & varies among different authors from 1.0 to 1.3 and mainly 
depends on the increase of the concrete compressive strength due to tri-axial state 
of stresses in front of the dowel ( 7. in Fig. 4.35). 

In the case of cyclic loading the strength should be reduced because of the cyclic 
degradation of concrete and steel. Vintzeleou and Tassios (1986) suggested a 
reduction factor of 0.7 (0.5 for design purposes): 


Ruc = 0.7 Rum = 0.95 d eT fym 


Based on the results of the experiments performed in the frame of the 
SAFECAST project (Psycharis and Mouzakis 2012) proposed a modified formula, 
which accounts for cyclic behaviour of the realistic beam-to-column dowel 


connections: 
MP, 
Rize zs Co/Yr (di^ fek "Jye 


where C, is a factor ranging between 0.9 and 1.1 and takes into account the 
influence of relative rotations between the beam and the column . Based on the 
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tests performed at the University of Ljubljana (see Sect. 4.6) value of 0.9 should be 
used to account for the strength reduction due to the large relative rotations. yz is a 
general safety factor to account for the uncertainties in the experimental procedure 
and the limited number of experimental data used in the derivation of this formula. 
Value of 1.3 for y, was suggested in Psycharis and Mouzakis (2012). This formula 
was adopted in the Design recommendations (Negro and Toniolo 2012), but yp was 
not included. 

This expression is predominantly empirical and no detailed analysis of the 
failure mechanism leading to this result was done within the SAFECAST project. 
Therefore the understanding of the behaviour was incomplete and consequently the 
generalization of the formula to the cases not tested within the project was difficult. 
To get a generally applicable tool to estimate the capacity of the dowel connections 
some sophisticated finite element analyses were performed to understand the 
behaviour in detail and to support the formula (Zoubek et al. 2013a, b). Good 
correlation between the numerical results and the values given by the formula has 
demonstrated the ability of the proposed numerical tool. 


4.6.2 Capacity of the Beam-Column Connections 
with Dowels Placed Close to the Edge of the Column 


In the case of dowel connections with dowels placed close to the edge, premature 
splitting of concrete can occur before the dowel mechanism, described above, can 
develop (Fig. 4.36). 

This brittle failure was thoroughly investigated in Fuchs et al. (1995; Fig. 4.362). 
Based on the extended experimental study, the following formula was proposed to 
predict the capacity of the eccentric anchor: 


Ryo = 1.0(daf ..)? (1/44)? 95, 


where 1 « 8 d; is the effective embedment depth and c, is the distance from the 
centre of the dowel to the free edge of the concrete element in the direction of 
loading. To take into account the dimensions of the concrete element and the 
eccentricity of loading in the case of a group of anchors (coefficients y4 and ws), 
the following correction of the resistance R,, is needed: 


Rn = (Av/Avo)VaVsRao, 


where A,, is the actual projected area at side of concrete member, idealizing the 
shape of the fracture area of individual anchor as a half-pyramid with side lengths 
1.5 c, and 3c, (Fig. 4.1), while A,, is the projected area of one fastener unlimited by 
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Fig. 4.36 (a) Simplified design model of the concrete failure zone for fasteners in a thick concrete 
member as proposed in CEN/TS (1992-4-2 2005) and Fuchs et al. (1995) and (b) failure of the 
eccentric beam-column dowel connection at the end of the cyclic test performed at the University 
of Ljubljana 


corner influences, spacing or member thickness, idealizing the shape of the fracture 
area as a half-pyramid with side length 1.5 cı and 3c,. Similar formulas are also 
included in CEN/TS 1992-4-2 and Design Guidelines for Connections of Precast 
Structures under Seismic Actions (Negro and Toniolo 2012). 

The presented closed expressions usually underestimate the capacity of the 
actual eccentric beam-to-column dowel connections due to the inadequate evalua- 
tion of the contribution of the confining reinforcement, which definitely helps to 
improve the integrity of the connection and prevent the brittle failure. In CEN/TS 
1992-4-2 the resistance of the eccentric anchor is allowed to be increased by factor 
1.4 if closely spaced stirrups are provided in the region around the connection. Even 
though the standard recognizes the importance of the confinement, the approach 
seems to be too simplified. The authors therefore suggest an alternative method. 
The capacity of the eccentric dowel connection should be estimated by appropriate 
usage of the Strut and tie model (Fig. 4.3). The compressive stresses in concrete are 
equilibrated with the tension stresses in the confining reinforcement. The assumed 
directions of the compression diagonals for the connection with one or two dowels 
were supported with the finite element model presented in Zoubek et al. (2013a, b, 
last column in Fig. 4.37). 

The procedure was tested against the experimental results obtained within the 
SAFECAST procedure (Zoubek et al. 2014a, b). Very good match with the exper- 
imental results was demonstrated. It was also shown that the formulas proposed in 
CEN/TS (2005) greatly underestimate the capacity of the connections in the case of 
spalling of concrete edge. 
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Fig.4.37 Proposal for the calculation of the resistance of the eccentric dowel connection with one 
or two dowels using truss and tie model 


4.7 Cyclic Response of Typical Cladding-to-Structure 
Connections 


Cladding-to-structure connections have been among the less understood connec- 
tions in industrial buildings. Actually the problem was typically avoided by assum- 
ing that claddings are separated from the structure. During stronger earthquakes the 
relative displacements are so large that this is definitely not true and very complex 
interaction is imposed. To analyse this interaction one must know the imposed 
demand as well as the capacity of the connection. Up to now the extensive study of 
the capacity of the most typical connections used in Europe was already completed 
within the SAFECLADDING project. 

Typical mechanical connections, which are used to attach the cladding panels to 
the structural system of precast buildings depend on the orientation of the panels. 
Vertical as well as horizontal panels are widely used. Therefore, some typical 
representatives of both groups of connections were included in the plan of the 
experiments. Three types of mechanical connections, presented in Fig. 4.38 were 
tested. 

In order to optimize the experiments as much as possible, the same setup (see 
Fig. 4.39) was used for all investigated connections (Fig. 4.39). 

Altogether 30 tests were performed. In general three types of tests were 
accomplished: 
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Fig. 4.38 Tested cladding-to-structure connections (a) Typical connection of the vertical panel 
and the beam. (b) Typical angle connection. (c) The connection, which is used to attach the 
horizontal panels to the columns 
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Fig. 4.40 Schemes of the tests. (a) Uniaxial shear test. (b) Biaxial shear test. (c) Uniaxial 
sliding test 


— Uniaxial shear tests (see Fig. 4.40a): The load was applied in the horizontal 
direction in parallel to the longitudinal axis of the panel. The direction of the 
load was perpendicular to the channel mounted in the panel and perpendicular to 
the hammer-head strap. 
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Fig. 4.41 The main steps of the response of connections presented in Fig. 4.38a 


— Biaxial shear tests (see Fig. 4.40b): The specimens were loaded in two horizontal 
directions perpendicularly and in parallel with the longitudinal axis of the panel. 
The hammer-head strap was loaded in shear and tension simultaneously. The 
hammer head strap was loaded in its strong direction. 

— Uniaxial sliding tests (see Fig. 4.40c): The load was applied in the horizontal 
direction in parallel to the longitudinal axis of the panel. The channel mounted in 
the panel was loaded in parallel to its longitudinal axis. The hammer-head strap 
was loaded perpendicularly to its weak direction. These tests gave information 
of the response of the sliding connections in the vertical direction. 


The hammer-head connection presented in Fig. 4.38a is very common in the 
construction practice, yet hits behaviour at cyclic loading in the plane of the panel 
was never tested before. The main phases of the response are summarized in 
Fig. 4.41. In order to make this presentation clearer, the main steps are explained 
on the example of the connection loaded only in one direction. This mechanism is 
activated when the connections are loaded perpendicularly to the strong axis of the 
strap. 

In the beginning the strap can rotate without restrictions (a). The displacements 
of the panel and the rotations of the strap increase simultaneously. When the 
displacements of the panel are large enough the head of the strap is stacked into 
the channel. Consequently, the force in the connection is increased (b). Plastic 
deformations of the head of the strap increase (c). When the displacements are large 
enough, the gap between the panel and the beam is closed (d). The force almost 
instantly considerably increases due to the activated friction between the panel and 
the beam. All these phases are visible in the force-displacements diagram, 
presented in Fig. 4.4. They are marked by red spots. The strength of connections 
subjected to cycling loading was considerably smaller than that observed in the 
monotonic tests. 

In connections presented in Fig. 4.38b the failure of the channel mounted in the 
panel was typically observed. The screw was pulled out from the channel. The same 
type of the failure was observed in the special connections of the horizontal panels 
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and columns (Fig. 4.38c). In both cases the response was considerably different 
compared to the connections presented in Fig. 4.38a. The strength was larger, 
particularly in the connections of the horizontal panels and columns. More details 
about the response of the tested connections can be found in Isakovic et al. (2013). 


4.8 Higher Modes Effects in Multi-Storey Precast 
Industrial Buildings 


Initial research was mostly devoted to single-storey buildings, which are indeed 
most frequently used. But nowadays, there has been more and more demand for 
complex multi-storey buildings (Fig. 4.6). The question arises, to what extend the 
research findings for single-storey buildings can be extended to multi-storey struc- 
tures? It was found that there are several issues specific to multi-storey buildings. 
Obviously the columns are higher and loaded with higher compressive axial force. 
Consequently the margin of overstrength may be lower. The assumption of per- 
fectly hinged connections between the beams and columns leads to models with 
very slender cantilevers, which might be unrealistic. However, the most specific 
and important problem is related to the higher modes effect. This can increase the 
shear forces in columns and first of all the demand on the connections for several 
times, compared to the values indicated by classical design procedures. If we did 
not consider this effect properly, the capacity design cannot be done. This problem 
was identified already in the PRECAST project (Fischinger et al. 2007). Later it was 
experimentally demonstrated and analytically studied in detail within the 
SAFECAST project. 

Blind predictions of the response of the SAFECAST full-scale structure indicated 
very important higher mode effect. This was particularly obvious in the case of the 
prototype 2 (Fig. 4.21b) with hinged beam-to-column connections. The actual test 
proved that the prediction was correct. The good match of the predicted and exper- 
imental results (Fig. 4.42) also proved that the analytical models were efficient. 

Shear magnification factors were systematically studied by inelastic response 
analyses on five realistic three-storey cantilevered structures, typical for the con- 
struction practice in Europe (Fischinger et al. 201 1a). The same height of the stories 
(3.3, 3.2 and 3.2 m) as in the case of the full-scale SAFECAST structure (Fig. 4.20) 
were assumed. Buildings were modelled as single multi-storey columns. To each of 
the five buildings/columns different value of the normalized axial force vy (0.05 
v4 <0.20) was assigned to reflect actual spans and loads used in practice. The 
buildings were designed according to Eurocode 8, using standard design procedures 
based on the results of the equivalent elastic spectrum modal analysis 
(dg max = 0.25 g and Soil Type B) considering one half of the inertia characteristics 
of the un-cracked sections. The same reduction as for DCH cast-in-situ frames 
q=4.5 was assumed. The response history analyses were performed using 
OpenSees with a set of accelerograms, matching the EC8 spectrum. 
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Fig. 4.42 PSD response of the SAFECAST prototype 2 (Fig. 4.21b) confirmed very large effect of 
higher modes, which was numerically predicted 
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Fig. 4.43 Shear magnification ratios evaluation for the five analysed structures using different 
stiffness/overstrength models 


Figure 4.43 shows the shear magnification factor (the ratio between the shear 
forces obtained by the inelastic analyses and those obtained by the equivalent 
elastic spectrum modal analysis) for the five investigated structures, identified by 
their normalized axial force value. For each structure, three different assumptions 
regarding stiffness of the columns and overstrength were considered in the inelastic 
response analyses. In the Fig. 4.43 the circles denote results of the model based on 
the actual stiffness during response (model 1). Squares indicate the results obtained 
with the inelastic analysis using the bilinear model having the same initial stiffness 
as it had been used in design (one half of the inertia characteristics based on the 
un-cracked section were used) — model 2. Model 3 (triangles) is basically the same 
as the model 2, except for the overstrength, which is not considered. 

The results show that, as expected, shear forces are strongly influenced by the 
overstrength originating from different sources (including the usual assumptions 
about initial stiffness). In any case, the actual shear forces in multi storey 
cantilevered structures are considerably higher than the forces foreseen by the 
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equivalent linear-elastic lateral force analysis, or by the modal response spectrum 
analysis specified in the codes. Simply said, this magnification occurs due to 
flexural overstrength and the amplified effect of the higher modes in the inelastic 
range. 

It has been demonstrated that the similar shear magnification factor as proposed 
in Eurocode 8 for ductile (DCH) RC structural walls can be used also in the case of 
multi-storey cantilever columns in precast buildings (see Rejec et al. 2012 for 
definitions and derivation of the formula): 


eai. M) 01. (882)' (2c, 


It is important to note that the shear magnification factors for shear forces as 
large as the behaviour factor q are possible. Shear forces are directly further related 
to the seismic (storey) forces, which are the inertial forces acting on the floors of a 
structure and can be calculated as the difference between the total shear force above 
and below each floor. In precast structures these forces are particularly important as 
they determine the design of the floor system as well as beam-to-column connec- 
tions. Therefore the study of the amplifications of the shear forces was extended to 
seismic storey forces and similar (modified) amplification factors e were proposed. 


= 


4.9 Seismic Collapse Risk of Precast Industrial Buildings 


The research, which is described in the previous sections, has provided the models 
and tools needed for a robust and reliable assessment of seismic risk of the precast 
industrial buildings. The result of these risk studies have been then of great impor- 
tance for the calibration of the design requirements proposed for Eurocode 8. The 
study was done in two phases. First a systematic study of single-storey buildings with 
strong connections (assuming that the proper capacity design procedure was applied) 
was done (Kramar et al. 2010a). Then the study was extended to multi-storey 
structures with strong and weak connections (Fischinger et al. 2012b). 

The limit state of the structure was defined as the inability of a system (column) 
to support gravity loads because of excessive lateral displacement. The collapse 
capacity of the structure (column) was predicted with the deteriorating numerical 
model (see Sect. 4.5) considering P-delta effects. The Intensity Measure (/M)-based 
variation of the recently popular PEER methodology (Fajfar and Krawinkler 2004) 
was used to estimate the probability of exceeding a structural limit state. The 
methodology is illustrated in Fig. 4.44. 

It is based on the Incremental Dynamic Analysis (IDA). IDA involves a series of 
dynamic analyses performed under several values of the intensity. The result is an 
IDA curve which is a plot of response values (i.e. damage measure — DM) versus the 
intensity levels (i.e. intensity measure — IM). The collapse of the structure occurs 
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Fig. 4.44 Schematic of the AIM 
IM-based approach 


S 
DM 


E Y > 
H H; (s, ) 


—H, (IM) 


" 


when the DMs increase in an unlimited manner for exceedingly small increments in 
the /M (collapse is indicated as the black dot on the IDA curve in Fig. 4.44). 
Considering the record-to-record variability and the uncertainty in the numerical 
modeling, large number of IDA curves corresponds to the same structure, thus 
resulting in large number of limit state intensities (S..). Separate analysis is involved 
in order to determine the seismic hazard function (H,). The hazard function is 
defined as the probability that the intensity of the future earthquake will be greater 
than or equal to the specific value. Finally, limit state probability is calculated as the 
hazard function multiplied by the probability density function (PDF) of the limit 
state intensity and integrated over all values of the intensity. Presuming the 
lognormal distribution of the limit state intensity and exponential form of the 
seismic hazard function, limit state probability of the structure can be derived 
analytically. 

The appropriate limit value for the probability of collapse has been proposed based 
on the recommendations suggested by the Joint Committee on Structural Safety 
(JCSS 2001). It is important to note that only regular buildings were analysed. 

Whereas the uncertainties in the parameters used in the PEER methodology have 
often been only roughly estimated, a rigorous analysis of the effect of uncertainty in 
the model parameters on the dispersion of the collapse capacity of the analyzed 
precast system (columns) was made. The dispersion due to uncertainty in the model 
parameters was large (conservative estimates vary from 0.18 to 0.33 depending on 
the column) and of similar size as the usual value of record-to-record variability 
(0.4 according to ATC). Both methods, the more rigorous Monte Carlo method and 
the simpler first order method, yielded comparable results. 


4.9.1 Seismic Collapse Risk of Single-Storey Precast 
Industrial Buildings with Strong Connections 


The mass of the structure tested within the PRECAST project (the total mass of the 
prototypes was 57.9 t, which resulted in the average mass of 9.6 t per individual 
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Fig. 4.45 Seismic risk (EC8 detailing requirements are considered) 


column) was low compared to the mass in the real structures. Therefore a system- 
atic parametric study was done (Kramar et al. 2008) for a whole range of possible 
average masses in the practical applications (10—150 t, which corresponded to the 
tributary roof area of 230 m?). The results for the column with the cross-section 
dimensions 60/60 cm are presented here. Record-to-record variability was consid- 
ered by means of 50 accelerograms generated to simulate the seismic action 
according to EC8. The hazard function was derived from the design acceleration 
values for return periods of 475 (0.25 g), 1,000 (0.3 g) and 10,000 years (0.55 g) for 
the area of Ljubljana (Kramar 2008; Kramar et al. 2010a). 

Two different cases were analysed. In one case EC8 detailing requirements 
(in particular 1 % minimum longitudinal reinforcement and the minimum code 
required confinement) for DCH structures were considered. In the other case only 
the calculated (statically required) reinforcement was taken into account without 
considering detailing requirements. In this case the resulting amount of the rein- 
forcement was much lower and similar to the reinforcement observed in some 
existing structures (although seismic force reduction factor 4.5 was used in both 
cases). 

Seismic risk was estimated based on the following criteria. Capacity of the 
structure was expressed in terms of PGA (PGA ). Reference value (5 % percentile 
of PGAc) was compared to the design acceleration of 0.25 g. Probability of collapse 
in 50 years for the area of Ljubljana (Hj s,59) was considered. While details are 
given in Kramar et al. (20102), the results are summarised in Figs. 4.45 and 4.46. 

Minimum ECS detailing requirements provide the analysed structures with 
sufficient overstrength so that the seismic risk is acceptably low (the probability 
of collapse is 0.1—1.2 96 in 50 years). However, if only the calculated reinforcement 
is considered (disregarding the minimum detailing requirements), the conservative 
estimate of seismic risk is very high (the probability of collapse is 1.0-8.5 96 in 
50 years). The results have been used to obtain a quantitative evaluation of the force 
reduction factor used in the Eurocode 8 standard. 
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Fig. 4.46 Seismic risk (EC8 detailing requirements are not considered) 


4.9.2 Seismic Collapse Risk of Multi-Storey Precast 
Industrial buildings with Strong and Weak 
Connections 


The analysis described in the previous sub-section was extended to a set of realistic 
regular multi-storey precast buildings, which are commonly used in the Slovenia- 
n/European practice (Fischinger et al. 2012b). The investigated structural system 
(Fig. 4.47) consisted of 3 multi-storey cantilevers connected with the hinged beams. 
In accordance with the common practice, the structure had either 2 or 3 floors. The 
height of the first storey was assumed equal to 7 m, while the height of the 
subsequent stories was taken equal to 5 m. The amount of mass (i.e. vertical 
loading) and thus the size of the column cross-sections were varied within the 
range determined by the Eurocode standards. The structures vary depending on the 
column cross-section (bxh), and maximum normalized axial force measured at the 
base of a middle column (v,). 

Realising that major seismic risk associated with many existing prefabricated 
systems is related to the inferior behaviour of connections, realistic strength of the 
beam-to-column connections as measured during experiments (weak connections) 
was considered and compared with the results obtained with the assumption of the 
strong connections. 

Some typical results are shown in Figs. 4.48 and 4.49 discussed in the following 
text. 

The design of multi-storey cantilever columns in precast structures is governed 
by drift and slenderness limitations. This study re-confirmed that the resulting 
cross-sections of the columns are large — in most realistic cases between 60 x 60 
and 80 x 80. Taking into account the minimum longitudinal reinforcement require- 
ment (1 96), this results in a considerable overstrength. So the peak ground accel- 
eration capacity for structures with strong connections was frequently (for vg 
between 0.1 and 0.15) several times higher than the design ground acceleration. 
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Fig. 4.47 Numerical model of multi-storey precast structures 
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Fig. 4.49 Frequency of exceeding the limit state in 50 years 


Accordingly, the probability of collapse in 50 years was sufficiently low in com- 
parison with the recommended values. In the analysed structures value vg= 0.15 
corresponds approximately to the vertical load of 10 kN/m? acting on a tributary 
area of 100 m?. Larger loads than this could be considered as rather exceptional. 
However, for structures carrying such large masses, overstrength is not so pro- 
nounced. In these cases, the stiffening of the system by concrete walls/cores or the 
use of dissipative elements is needed. The same applies, if the designer wants to 
reduce the large cross-sections of the columns. 
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Note that the cross-section of the columns in 3-storey structures were larger than 
in the case of the 2-storey structures (this was mainly due to the drift limitations). 
Therefore the peak normalized axial force of the 3-storey structures was smaller 
compared to the 2-storey structures. When comparing the 2-storey and 3-storey 
structures, columns with the same normalized axial force should be considered. If 
such comparison is made, it can be concluded that the results are similar for both 
structures. 

It was particularly important to evaluate the influence of the realistic (weak) 
connections on the seismic risk. For structures with lower masses (vg from 0.1 to 
0.15) the risk did not increase compared to the risk assessed in the case of structures 
with strong connections (indicated that the strength of standard connections was 
sufficient). However, in structures with larger masses the connections were dam- 
aged and the risk drastically increased. This confirms the conclusion that the 
capacity design of connections is strictly needed. According to these results, 
beam-column connection with median capacity of 165 kN (this have been exper- 
imentally determined value for the connections typically used in the design prac- 
tice) should only be used for the structures where v4 does not exceed approximately 
0.15. In other cases stronger connections should be used or structural walls should 
be used to strengthen the system. In general, this results demonstrate that beam- 
column connections cannot dissipate a large amount of the energy introduced by the 
seismic loading. Soon after the yielding occurs, the failure of the connections 
follows, resulting in high seismic risk. 


4.10 Eurocode 8 Implications 


The key result of the presented projects has been a set of proposed improvements 
(either proposed or already incorporated) of the relevant requirements in Eurocode 
8. Among many contributions, the most important are: 


— '[he calibration of the behaviour factor; 

— '[he proposed designed methodology for the design of the typical connections in 
precast industrial buildings (Negro and Toniolo 2012) based on the experimen- 
tally verified capacity of the connections (see Sect. 4.5) 

— '[he proposed methodology for the realistic evaluation of the demand in the 
multi-storey columns in precast industrial buildings (see Sect. 4.8) 

— The proposal of many innovative solutions in precast construction (not discussed 
in this contribution) 

— Systematic risk evaluation supporting the design recommendations (see 
Sect. 4.9) 

— The evaluation of the capacity of the cladding-to-structure connections and the 
on-going research on the methodology of the design, which would explicitly 
account for the cladding contribution (see Sect. 4.7) 
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While most of these results were already discussed in the previous sections, 
additional and more detailed comments on the choice of the behaviour factor are 
given in this section. 

Behaviour factor is a semi-empirical parameter, which reflects many partial 
factors. Some of them can be experimentally or analytically calibrated, yet another, 
like those reflecting local construction practices, are almost impossible to consider 
with rigorous approach and require a good deal of engineering feeling. In particular 
in a complex structural system composed of many details and components of 
extremely different ductility, it is an illusion to give a precise value for the 
behaviour factor valid for all different systems. Nevertheless, the results of the 
presented research projects have contributed a lot towards better understanding of 
the energy dissipation capacity the precast industrial buildings and the definition of 
the behaviour factor. 

Considering the above mentioned ambiguities and the lack of relevant knowl- 
edge as well as mixed field observations, one can understand that the value of the 
behaviour factor was changing dramatically during the evolution of the Eurocode 8. 

Before Eurocode standards were introduced, most designers used the same value 
of seismic forces for cast-in-situ frames and precast structures. Therefore a specific 
note in the paragraph B1.2(2) of (CEN 1995) “Single storey industrial buildings 
with doubly hinged beams should be distinguished from the normal frame system" 
came as a shock. Strictly applying the standard one-storey precast industrial 
structures should be designed as inverted pendulum structures (the structural 
system is a set of cantilevers and more than 50 % of the mass is concentrated at 
the top of the cantilevers). This requirement practically meant that precast industrial 
structures should be designed for elastic response. However, (CEN 1995) explicitly 
allowed in paragraph B3.2(3) that qo = 3 can be used for precast columns in single- 
storey industrial buildings, which are not integrated into frames under the following 
conditions: (a) the top of the columns are connected with ties along both principal 
directions of the building and (b) the number of columns is at least six. This value 
was predominantly based on the engineering judgment and compromise. The 
ambiguity of the topic was further stressed by the fact that Annex B, which covered 
seismic design of precast structures, was only informative. In any case, there was 
not explicit reference to multi-storey structures. 

The authors believe that considering the limited level of the information avail- 
able at that time and the risk of the catastrophes with most damaging consequences, 
the proposals in CEN (1995) were fully justified. However, it was also clear that in 
many cases they were very conservative and they were jeopardizing (without 
proper research evidence) the competitiveness of a large sector of construction 
industry. In addition field evidence showed quite good behaviour of precast indus- 
trial buildings in spite of the fact that they were typically designed with the same 
behaviour factor as the cast-in-situ structure would be. Moreover, making the 
columns unnecessary strong would increase the demand on the most vulnerable 
components of the structural system — connections, and it might have a contra- 
productive effect. 
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Therefore the extensive research, presented in this paper, was initiated 
(Sect. 4.4). Based on the results of the ECOLEADER project a very important 
change was incorporated into the final pre-standard (CEN 2003 — prEN 1998-1- 
2003) and subsequently into the standard valid today (CEN 2004). A note was 
added to the definition of the “inverted pendulum structure”, saying that “One- 
storey frames with column tops connected along both main directions of the 
building and with the value of the column normalized axial load vg nowhere 
exceeding 0.3, do not belong to this category”. This note was included 
(as explained by the author — Professor Toniolo) with the purpose to define precast 
industrial buildings as “frames” and consequently allowing to use the same behav- 
iour factor for precast industrial buildings and cast-in-situ frame systems. This 
change might not be identified and understood at the first sight, since it is not a part 
of the chapter 5.11 (Precast concrete structures), but appears only as a note within 
the definitions of the structural systems and there is no explicit statement that such 
systems are frame systems. 

In fact, in spite of the experimental results of the ECOLEADER project and the 
extensive supporting analytical studies, the proof for this very important change 
was not conclusive. First (as discussed in Sect. 4.4.2) ECOLEADER proved only 
that one-storey precast industrial building behaved similar (even better) than the 
one-storey cast-in-situ frame with strong beam. This is not to say that such cast-in- 
situ frame has the same energy dissipation as the multi-storey, multi-bay frame 
designed by a weak beam — strong column concept. Moreover, this is certainly not 
the case. Additionally, it should be considered that some important simplifications 
were used in the experiment and analyses (strong beam-to-column connections, 
rigid diaphragm, regular building, and construction in the controlled environment). 
Therefore it was obvious that further research effort is urgently needed to verify this 
important decision better. 

PRECAST structure demonstrated (see Sect. 4.9 on risk analyses) that it is 
feasible to use such high behaviour factors, but with the condition that the drift 
limitations and minimum reinforcement requirements are fully respected. There 
were several factors contributing to the demonstrated good behaviour: (a) typical 
low compressive axial force in the columns of the single-storey buildings; 
(b) inherent overstrength due to the drift and slenderness limitations as well as 
minimum reinforcement; (c) confinement at the base of the columns (however, 
ASSOBETON tests indicated that the maximum spacing of the transverse should be 
even shorter than those required at the present by EC8). And first of all, the beam- 
to-column connections used in the existing practice should be designed by using 
capacity design rules. 

Finally, after the careful study and analyses the authors are now convinced that 
all the debate about the behaviour factor has not been that important. What typically 
determines the response of the structure, is the inherent overstrength imposed by 
drift and slenderness limitations and not the strength determined by the behaviour 
factor. Of course practically elastic design (as required in the earliest stages of the 
pre-standard) was demonstrated as overly conservative and in some cases even 
contra productive. But on the other hand, there is practically no need to insist on the 
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use of the same behaviour factor for industrial buildings and cast-in-situ frames 
(based on weak beam — strong column concept). One might argue that the columns 
themselves exhibit the ductility of more than four. But it should be considered that 
the drifts (up to 10 %) and top displacements (up to 1 m) needed to exploit this 
energy dissipation capacity of the column are impractical to achieve. 

SAFECAST project brought additional research evidence for the multi-storey 
buildings (they were never studied before and there has been no explicit require- 
ments for these structures in EC8) and for structures with realistic connections. The 
experiment at ELSA showed good behaviour of the 3-storey structure designed by 
q — 4.5. However, the mass was, in spite of the large specimen, still small compared 
to realistic structures. The systematic risk study (Sect. 4.9.2) showed that the use of 
the behaviour factor 4.5 for the DCH structure was fine. But again, the stiffness and 
strength were dictated by the drift and slenderness limitations rather than by the 
behaviour factor. 


4.11 Conclusions 


Not to repeat again all the specific and detailed conclusions given in the individual 
sections of this report, only the overall understanding of the seismic response of the 
precast industrial buildings, which the authors obtained during many years of the 
study, is presented and summarized in the conclusions. 


1. When we refer to a precast system, we shall clearly and carefully determine all 
the details (in particular the connections and ties) of the system. Generalization 
can be incorrect and dangerous since even seemingly minor differences can 
change the behaviour considerably. Therefore since 1981 the Slovenian (for- 
mer Yugoslav) code (...) required (Article 39 and 44) that the prototypes of 
prefabricated buildings or structures which are produced industrially in large 
series (except for wooden structures) and which are designed in zones of 
seismic activity VIII or IX, shall be checked experimentally and by inelastic 
dynamic analyses. While at the present, there is no such explicit requirement in 
the Eurocode 8, it was sensibly considered in the Design guidelines for con- 
nections of precast structures under seismic actions (Negro and Toniolo 2012). 

2. Such verification was fully accomplished for the structural system of the 
precast industrial buildings with dowel beam-to-column connections, which 
is discussed in this paper and which is very frequently used in Europe. Unprec- 
edented experimental, numerical and risk studies were done. 

3. The authors are convinced that such structural system can be designed as safe in 
the seismic regions if all Eurocode requirements and research recommenda- 
tions described in this paper are considered. This in particular includes drift 
limitations and capacity design of the key connections in the system. 
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4. 


10. 


11. 


The document Design guidelines for connections of precast structures under 
seismic actions (Negro and Toniolo 2012), produced within the SAFECAST 
project, provides a valuable tool for this purpose. 


. Among many different connections in the system, the beam-to-column dowel 


connection was particularly well studied. The capacity of the connections at 
large relative rotations between the column and beam were investigated. The 
behaviour of this connection is now fully understood and the design formulas 
and the design methodology are provided. Note that the design procedure for 
the connection with the dowels close to the edge of the column was recently 
improved (Zoubek et al. 2014a, b) and considerably modified in comparison 
with the formulas given in the Design guidelines. 


. Innovative (i.e. dissipative) connections and new structural solutions were 


studied within the presented research projects. However, this paper is restricted 
to the traditional existing systems (due to the rights and patents of the industrial 
partners as well as due to the limitation of the length of the paper). 


. Multi-storey structures were extensively studied in addition to the single-storey 


structure. Several additional problems were identified. Most important is the 
problem of higher modes effect, which highly increases the demand for the 
connections and for the shear resistance of columns. Magnification factors for 
shear and seismic storey forces were proposed. 


. Drift limitations require very large dimensions of the columns in the multi- 


storey system using dowel (hinged) beam-to-column connection. While also 
multi-storey building can be safely designed in seismic regions, it is a general 
impression that multi-storey structures need some kind of stiffening, either in 
the form of additional cores (the connections of the core to the precast system 
should be carefully designed!) or (semi) rigid beam-to-column connections. 
Other promising solution is the use of energy-dissipating devices. 


. Effective numerical models were proposed, including the refined FEM models 


to describe the complex response of the dowel connection and macro models of 
the post-critical behaviour of the slender columns with very high shear-span 
ratio. 

Cladding-to-structure connections were very poorly understood in the past. The 
authors realized that for decades we have been using in design the model, 
which is not correct. Using existing connections, cladding cannot be fully 
separated from the structure during strong earthquakes. The interaction 
between the cladding panels and the columns should preclude large displace- 
ment, which are needed to justify the energy dissipation capacity (behaviour 
factors) assumed in the design. Complex realistic interaction is still under 
investigation within the SAFECLADDING project. 

Finally, it should be noted that all presented research was restricted to regular 
structures. 


Acknowledgements The presented research was mainly supported by the three large EU pro- 
jects: (a) PRECAST project (Grant agreement no. GGRD-CT-2002-00857) — “Seismic Behaviour 
of Precast Concrete Structure with respect to EC8” in the Fifth Framework Programme (FP5) of 
the European Commission, (b) SAFECAST project “Performance of Innovative Mechanical 


174 M. Fischinger et al. 


Connections in Precast Building Structures under Seismic Conditions” (Grant agreement 
no. 218417—2), and (c) SAFECLADDING project — “Improved Fastening systems of Cladding 
Wall Panels of Precast Buildings in Seismic Zones” (Grant agreement no. 314122), both in the 
Seventh Framework Programme (FP7) of the European Commission. All projects were led by the 
associations of the precast producers in Europe and the Politecnico di Milano. The leading persons 
in this research were in particular Professor Giandomenico Toniolo and Dr. Antonella Colombo. 
The large scale experiments were performed at the ELSA European Laboratory for Structural 
Assessment of the Joint Research Centre of the European Commission at Ispra (Italy) along with 
numerous experiments and numerical studies done at the Istanbul Technical University, National 
Laboratory for Civil Engineering in Lisbon, National Technical University of Athens Polytechnic 
University of Milan, the Slovenian National Building and Civil Engineering Institute (ZAG), and 
University of Ljubljana. The work was further supported by the Ministry of Higher Education, 
Science and Technology of Slovenia. During the time of this long-going research many post- 
graduate students and post-doc researchers contributed to the results of the research group in 
Ljubljana. The authors are in particular grateful to Dr. Miha Kramar for his outstanding contribu- 
tions. The authors are also obliged to Professor Giandomenico Toniolo and Dr. Paolo Negro, who 
contributed valuable material, which was used in the introductory sections of this paper. 

The research results were always discussed between the members of the consortia of the above- 
mentioned research projects and general agreement was found in most cases. Nevertheless, it is 
obvious that the conclusions of such complex research cannot be exactly defined and they cannot 
be always supported by all the partners. Therefore the views and the conclusions in this paper are 
solely those of the authors, although the paper was in general approved by all the partners. 


Open Access This chapter is distributed under the terms of the Creative Commons Attribution 
Noncommercial License, which permits any noncommercial use, distribution, and reproduction in 
any medium, provided the original author(s) and source are credited. 


References 


Arslan MH, Korkmaz HH, Gulay DG (2006) Damage and failure pattern of prefabricated 
structures after major earthquakes in Turkey and shortfalls of the Turkish Earthquake code. 
Eng Fail Anal 13(4):537-557 

ATC-08 (1981) Proceedings of a workshop on design of prefabricated concrete buildings for 
earthquake loads. ATC, NSF, Redwood City, California, USA 

Biondini F, Toniolo G (2002) Probabilistic calibration of behaviour factors of EC8 for cast-in-situ 
and precast frames. In: 17th BIBM Congress, Istanbul 

Biondini F, Toniolo G (2004) Validation of seismic design criteria for concrete frames based on 
Monte Carlo simulation and full scale pseudodynamic tests. In: 13th WCEE, Vancouver 

Bournas A, Negro P, Taucer FT (2013a) Performance of industrial buildings during the Emilia 
earthquakes in Northern Italy and recommendations for their strengthening. Bull Earthq Eng, 
published on-line, June 2013 

Bournas A, Negro P, Molina FJ (2013b) Pseudodynamic tests on a full-scale 3-storey precast 
concrete building: behavior of the mechanical connections and floor diaphragms. Eng Struct 
57:609-627 

CEN (1995) Eurocode 8 — Design provisions of earthquake resistance of structures, part 1-3: 
specific rules for various materials and elements, ENV 1998-1-3:1995. European Committee 
for Standardization, Brussels 

CEN (2003) Eurocode 8: design of structures for earthquake resistance — part 1: general rules, 
seismic actions and rules for buildings, prEN 1998-1, Draft No. 6, version for translation 
(Stage 49). European Committee for Standardization, Brussels 


4 Seismic Response of Precast Industrial Buildings 175 


CEN (2004) Eurocode 8: design of structures for earthquake resistance — part 1: general rules, 
seismic actions and rules for buildings, EN 1998-1. European Committee for Standardization, 
Brussels 

CEN/TS 1992-1-1 (2005) Design of fastenings for use in concrete — part 4—2: headed fasteners, 
89/106/EEC, European Comittee for Standardization, Brussels 

Dulascska H (1972) Dowel action of reinforcement crossing cracks in concrete. JACI 
69—70:754—157 

EERI (1979) Friuly, Italy earthquakes of 1976. Earthquake Engineering Research Institute, 
Oakland, California, USA 

EERI (1989) Armenia earthquake reconnaissance report. Earthq Spectra supplement, Oakland, 
California, USA 

EERI (2000) Kocaeli, Turkey, Earthquake of August 17, 1999. Earthq Spectra supplement, 
Oakland, California, USA 

Engstróm B (1990) Combined effects of dowel action and friction in bolted connections. Nordic 
Concrete Research, The Nordic Concrete Federation, Publication no. 9, Oslo 1990, pp 14—33 

Fajfar P, Krawinkler H (eds) (2004) Performance-based seismic design concepts and implemen- 
tation. In: Proceedings of an International Workshop, PEER, University of California, 
Berkeley 

Fajfar P, Banovec J, Saje F (1978) Behaviour of prefabricated industrial building in Breginj during 
the Friuli earthquake. In: 6th ECEE, Dubrovnik, vol 2. pp 493—500 

Fajfar P, Duhovnik J, Reflak J, Fischinger M, Breška Z (1981) The behaviour of buildings and 
other structures during the earthquakes of 1979 in Montenegro, IKPIR publication 19A, 
University of Ljubljana, Ljubljana 

Ferrara L, Colombo A, Negro P, Toniolo G (2004) Precast vs. cast-in-situ reinforced concrete 
industrial buildings under earthquake loading: an assessment via pseudodynamic tests. In: 13th 
WCEE, Vancouver, Canada 

FIB (2003) Seismic design of precast concrete building structures, Federation International du 
Beton, Lausanne, Bulletin 27 

Fischinger M, Kramar M, Isaković T, Kante P (2007) Seismic behaviour of precast concrete 
structures with respect to ECS, final report on the contribution of the University of Ljublajana, 
Chapter 5: two-storey precast industrial building, University of Ljubljana, Ljubljana, pp 51—78 

Fischinger M, Kramar M, Isaković T (2008) Cyclic response of slender RC columns typical of 
precast industrial buildings. Bull Earthq Eng 6(3):519—534, http://www.springerlink.com/ 
content/m282220243851270/fulltext.pdf 

Fischinger M, Ercolino M, Kramar M, Petrone C, Isaković T (2011a) Inelastic sesmic shear in 
multi-storey cantilever columns. COMPDYN 2011, Corfu, Greece, 10 p 

Fischinger M, Kramar M, Isaković T (2011b) Inelastic seismic response of precast industrial 
buildings — research in support of EC8. MASE 14. Maced Assoc Struct Eng 1:39-50 

Fischinger M, Zoubek B, Kramar M, Isakovié T (2012a) Cyclic response of dowel connections in 
precast structures. In: 15th WCEE, Lisbon, 10 p 

Fischinger M, Kramar M, Isaković T (2012b) Seismic risk assessment of multi-storey precast 
structures. In: 15th WCEE, Lisbon, 10 p 

Fischinger M, Zoubek B, Isaković T (2013) Seismic behaviour of the beam-to-column dowel 
connections — macro modelling. COMPDYN 2013, Kos Island, Greece, 8 p 

Fuchs W, Eligehausen R, Breen JE (1995) Concrete capacity design (CCD) approach for fastening 
to concrete. ACI Struct J 92(1):73-94 

Haselton CB (2006) Assessing seismic collapse safety of modern reinforced concrete moment 
frame buildings. Dissertation, Stanford University, Stanford, California 

Hojlund-Rasmussen B (1963) Betoninstobe tvaerbelastade boltes og dornesbaereevne (Resistance 
of embedded bolts and dowels loaded in shear). Byngninsstatiske Meddelser, Copenhagen, 
p 34 

Ibarra LF, Medina RA, Krawinkler H (2005) Hysteretic models that incorporate strength and 
stiffness deterioration. Earthq Eng Struct Dyn 34(12):1489-1511 


176 M. Fischinger et al. 


Isaković T, Zoubek B, Lopatoé J, Urbas M, Fischinger M (2013) Report and card files on the tests 
performed on existing connections. Deliverable 1.2, SAFECLADDING, University of 
Ljubljana, Ljubljana 

JCSS (2001) Probabilistic model code, part 1: basis of design, 12th draft. Joint Committee on 
Structural Safety, Lyngby, Denmark 

Kramar M (2008) Seismic vulnerability of the precast reinforced concrete structures. Ph.D. thesis 
(in Slovenian) University of Ljubljana, Ljubljana 

Kramar M, Isakovié T, Fischinger M (2008) Seismic collapse safety of RC columns in precast 
industrial buildings. In: 14th WCEE, Beijing, 8 p 

Kramar M, Isaković T, Fischinger M (20102) Seismic collapse risk of precast industrial buildings 
with strong connections. Earthq Eng Struct Dyn 39(8):847—868, http://onlinelibrary.wiley. 
com/doi/10.1002/eqe.970/pdf 

Kramar M, Isaković T, Fischinger M (2010b) Experimental investigation of “pinned” beam-to- 
column connections in precast industrial buildings. In: 14th ECEE, Ohrid, 8 p 

Negro P, Toniolo G (2012) Design guidelines for connections of precast structures under seismic 
actions. Publication Office of the European Union, Luxemburg 

Negro P, Bournas D, Molina FJ (2013) Pseudodynamic tests on a full-scale 3-storey precast 
concrete building: global response. Elsevier Eng Struct J 57:594—608 

Panagiotakos TB, Fardis MN (2001) Deformations of reinforced concrete members at yielding and 
ultimate. ACI Struct J 98(2):135-148 

PEER Structural Performance Database (2007) Pacific earthquake engineering research center. 
University of California, Berkeley, http://nisee.berkeley.edu/spd 

Priestley MJN (1996) The PRESS program: current status and proposed plans for phase III. PCI J 
41:22-40 

Psycharis IN, Mouzakis HP (2012) Shear resistance of pinned connections of precast members to 
monotonic and cyclic loading. Eng Struct 41:413-427 

Rejec K, Isakovié T, Fischinger M (2012) Seismic shear force magnification in RC cantilever 
structural walls, designed according to Eurocode 8. Bull Earthq Eng 10(2):567-586 

Saatcioglu M, Mitchell D, Tinawi R, Gardner NJ, Gillies AG, Ghobarah A, Anderson DL, Lau D 
(2001) TheAugust 17, 1999 Kocaeli (Turkey) earthquake-damage to structures. Can J Civ Eng 
28(8):715-773 

Saisi A, Toniolo G (1998) Precast RC columns under cyclic loading: an experimental programme 
oriented to EC8. Studi e ricerche, Scuola di specializzazione. Politecnico di Milano, 
vol. 19, pp 373-414 

Shiohara H, Watanabe F (2000) The Japan PRESS precast concrete connection design. In: 12th 
WCEE, Aukland 

Toniolo G (2012) European research on seismic behaviour of precast structures. In: 2012 NZSEE 
conference, Lausanne, Switzerland 

Toniolo G (coordinator) (2007) Final report of the EU Research Project: seismic behaviour of 
precast concrete structures with respect to EC8 (Contract No. G6RD-CT-2002-00857), 
Brussels 

Toniolo G, Colombo A (2012) Precast concrete structures: the lessons learned from the L’ Aquila 
earthquake. Struct Concr 13:73-83 

Tzenov L, Sotirov L, Boncheva P (1978) Study of some damaged industrial buildings due to 
Vrancea earthquake. In: 6th ECEE Dubrovnik, vol 6. pp 59-65 

UNDP/UNIDO (1985) Building construction under seismic conditions in the Balkan region. 
UNDP/UNIDO Project RER/79/015, vol 2: design and construction of prefabricated reinforced 
concrete building systems, Vienna Austria; Skopje Macedonia 

Vintzeleou EN, Tassios TP (1986) Mathematical model for dowel action under monotonic and 
cyclic conditions. Mag Concr Res 38:13-22 

Vintzeleou EN, Tassios TP (1987) Behaviour of dowels under cyclic deformations. ACI Struct J 
84(1):18-30 


4 Seismic Response of Precast Industrial Buildings 177 


Zoubek B, Fischinger M, Isaković T (2013a) Seismic behaviour of the beam-to-column dowel 
connections — FEM analysis. COMPDYN 2013, Kos Island, Greece, 8 p 

Zoubek B, Isaković T, Fahjan Y, Fischinger M (2013b) Cyclic failure analysis of the beam-to- 
column dowel connections in precast industrial buildings. Eng Struct 52:179-191 

Zoubek B, Fischinger M, Isaković T (2014a) Estimation of the cyclic capacity of beam-to-column 
dowel connections in precast industrial buildings. Submitted for possible publication in 
Bulletin of Earthquake Engineering, Springer, Netherlands 

Zoubek B, Fischinger M, Isaković T (2014b) Seismic response of dowel connections in precast 
industrial buildings, Second European conference on earthquake engineering and seismology, 
Istanbul, 25—29 August 2014 


Chapter 5 

The Role of Site Effects at the Boundary 
Between Seismology and Engineering: 
Lessons from Recent Earthquakes 


Marco Mucciarelli 


Abstract This paper summarises the experience gathered on the field following 
four recent earthquakes: in 2009 at L’ Aquila, Italy; in 2010 at Lorca, Spain; in 2011 
at Christchurch, New Zealand; in 2012 at Emilia, Italy. These quakes provided 
useful lessons at the boundary between seismology and engineering, about the 
difference between what we expected to happen, thanks to more or less simplified 
models, and what happened in reality. The topics dealt with are: (1) the reliability of 
“free-field” strong motion recordings, discussing the role of accelerometer housing, 
spurious transient, city-soil effect, and the possible over-correction of displace- 
ments; (2) the mismatch between code provision and observed spectral acceleration 
due to the role of velocity inversions, the influence of topography, the softening 
and hardening non-linearity, (3) the importance of vertical component considering 
the time distribution of phases arrivals and the presence of amplification due to 
P-velocity contrasts. 


5.1 Introduction 


In the past 5 years, four moderate magnitude earthquakes caused substantial 
economic damage and a death toll from dozens to hundreds of casualties each. 
Namely, they are the 2009 L’ Aquila earthquake, Italy; the 2010 Lorca earthquake, 
Spain; the 2011 Christchurch earthquake, New Zealand; the 2012 Emilia 
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earthquake, Italy. All of them happened in densely populated, industrialised area 
previously subjected to seismic classification. 

There were debates following each of those events about the reliability of 
seismic hazard studies, the implementation of site effects in seismic codes and 
about the limit of damage that is acceptable by designers but unacceptable 
(or misunderstood) by population. I had the opportunity, with colleagues of differ- 
ent research groups, to perform field studies in all these areas, noting similarity and 
differences. This paper tries to summarise the role of the difference between what 
we expected to happen, thanks to more or less simplified models, and what 
happened in reality. We all accept that models are a need to simplify theories and 
make them useful to practitioners, but there is a threshold of disagreement between 
models and reality that must not be trespassed. 


5.2 How Reliable Are *Free-Field" Strong Motion 
Recordings? 


In recent years, it was acknowledged the importance of ground-truthing 
microzonation maps or Vs30 studies by summarising some lessons learned from 
large earthquakes and recent earthquake site response studies that utilise earthquake 
recordings from dense seismic networks or ambient noise measurements (Cassidy 
and Mucciarelli 2010). 

But if we want to considered the instrumental recordings as the truth against 
which our model should be tested, we must be sure of the reliability of such data. 
Recent earthquakes have shown that in some cases particular care should be taken 
before using recorded data. In some cases the owners of an accelerometric network 
provided to pre-check the strong motion recordings and decided not to disseminate 
corrupted data. This was the case of the 2009, L'Aquila earthquake when the Italian 
department of Civil Protection did not distribute the recording of main shock at 
AQM station. The accelerometer, set to 1 g full-scale, saturated due to a partial 
detachment of the instrument from the pillar (Zambonelli et al. 2011); In other 
cases, problems with the recordings were encountered as listed in the following. 


5.2.1 Housing and City-Soil Effects 


The influence of buildings on free-field ground motion recordings has been postu- 
lated for the first time more than 30 years ago (Jennings 1970), and confirmed both 
by experiments and numerical simulations. Ditommaso et al. (2009a, b) showed 
that the peak and spectral parameters are the most affected, while the integral ones 
are not so disturbed. This is due to the fact that the presence of the structure has both 
the effect of a damper (thus reducing the total energy) and of a filter, focusing 
energy in the band of building eigenfrequencies. 
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Fig. 5.1 Comparison of ground response spectra inside and outside a building for the 29.05.12, 
M=5.8 shock in Mirandola, Emilia 


During the Emilia sequence, an accelerometer (MIRE) was installed in free-field 
at 5 m from the existing RAN station, located inside a small electrical substation 
(MRN). The response spectra of the second strongest shock of the sequence 
(MI — 5.8, 29.05.12) showed a noticeable agreement at the two locations (see 
Fig. 5.1), except that for the short period range, where the recording inside the 
substation showed peaks much higher than in the free-field station. It is possible that 
several strong motion recorded in urban areas depend on housing or on the vicinity 
to oscillating buildings. 


5.2.2 Over-Correction of Displacements 


The Emilia second strongest shock provided a lot of strong motion data very close 
to the epicentre. This posed the problem of correction of accelerometric recordings. 
Figure 5.2 shows the comparison between the uncorrected and corrected time 
histories from the vertical component of station MIRE (see Fig. 5.1). The 
uncorrected data shows a permanent displacement of about 30 cm. INSAR data 
and modelling from different authors shows that this location suffered a 15 cm 
static coseismic displacement. 

The standard de-trending and filtering procedure could introduce spurious fre- 
quencies due to the presence of a real permanent displacement that does not allow 
for having zero-mean corrected recordings. In the future the availability of high- 
frequency GPS data co-located with seismic and accelerometric station will provide 
an unbiased estimate of real ground motion. 
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Fig. 5.2. Corrected (blue) and uncorrected (grey) strong motion recording at MIRE. From top to 
bottom: acceleration, velocity and displacements 


Fig. 5.3 The accelerometric station in the basement of the old jailhouse, Lorca 


5.2.3 Spurious Transient in Strong Motion Recordings 


During the 2010 Lorca earthquake, a valuable strong motion recording was avail- 
able thanks to a station of Red Sismica Nacional located in the historical city centre, 
very close to the epicentre. The station was installed in the basement of the old 
jailhouse (see Fig. 5.3). 
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During the mainshock, some heavy objects close to the accelerometer fell on the 
reinforced concrete pillar of the station. This caused a strong, high-frequency 
acceleration transient in the recording. Using a band variable filter based on 
Stockwell transform (Ditommaso et al. 2012) it was possible to carefully remove 
this spurious peak. 

Figure 5.4 shows the area selected for filtering in the time frequency domain, 
while Fig. 5.5 compares the time histories before and after the filtering, showing the 
accuracy of the band variable filter in preserving the signal outside the area selected 
for removal. 
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Fig. 5.6 From Masi et al. (2011) Exceedance probability in 50 years at L'Aquila provided by the 
NTC2008 code for soil classB in terms of PGA (on the left) and Housner Intensity (on the right); 
the maximum values of the horizontal components recorded at four stations are also displayed 
(blue dashed lines) together with their mean (red dashed lines) 


5.3 Comparison Between Code Spectra and Observed 
Strong Motion 


A careful evaluation of site effects is crucial for the activity of validation of PSHA 
estimates. Procedures like the one proposed by Albarello and D'Amico (2008) 
requires to know if the set of recordings to be compared with estimates are obtained 
on rock or if they have to be deconvolved to a rock-equivalent condition. 

The L'Aquila and Emilia earthquakes provided contrasting evidences. For 
l'Aquila event, the difference between the observed recordings and code provision 
was mainly due to the choice of parameters used rather than in a bias in base hazard 
estimates or insufficient description of site effects . After correcting for soil class 
according with Vs30, Masi et al. (2011) showed that Housner Intensity provided 
much better results than PGA (Fig. 5.6), and was well correlated with site seismic 
hazard obtained from the long series of macroseismic data available. 

On the other hand, in Emilia it was observed (Gallipoli et al. 2014) that while 
code provision largely underestimated the recorded values, the convolution of 
expected motion at a rock site with a 1-d velocity profile down to 120 m instead 
of Vs30 soil class greatly improved the agreement. This difference it is probably 
due to the fact that the sediment in the Aterno valley (L'Aquila) are coarse and less 
than 40 m thick, while in the Po valley (Emilia) the soil is very soft and bedrock is 
hundreds of meters deep, the condition where Vs30 gives its poorest performances 
as a proxy of site amplification (Gallipoli and Mucciarelli 2009). 
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5.4 When Reality Is Far from Models 


5.4.1 Need for Nanozonation? 


During L'Aquila earthquake the variation of damage due to site effects was shown 
to vary abruptly over a very short distance. The most striking example was observed 
in the village of San Gregorio. After the microzonation performed following the 
ICMSOS (Indirizzi e Criteri per la Microzonazione Sismica, Guidelines For Seismic 
Microzonation) for the basic level, including a new, detailed geological mapping at 
1:5000 scale, it was no possible to explain a peculiar damage observed: a three- 
story, reinforced concrete (RC) building had the first floor collapsed. The remaining 
two stories fell with a displacement in the horizontal projection of about 70 cm. 
Buildings located at a short distance had little or no damage reported. 

Mucciarelli et al. (20112) performed a geophysical and geologic survey at the 
site. The acceleration and ambient noise recordings showed a high amplification in 
the slope direction. Geo-electrical tomography showed a strong discontinuity just 
below the building. A very soft material (possibly fault cataclasites) was found in a 
borehole down to 17 m from ground level, showing a shear wave velocity that starts 
at 250 m/s, increases with depth and has an abrupt transition in calcarenites at 
1,150 m/s. The surface geophysical measurements in the vicinity of the site have 
not shown similar situations, with flat HVSR curves as expected for a rock outcrop, 
except for a lateral extension of the soft zone (these results are summarised in 
Fig. 5.7). The analysis on the quality of the building materials has yielded values 
higher than average for the age and type of construction, and no special design or 
construction deficiencies have been observed. A strong, peculiar site effect thus 
appears to be the most likely cause of the damage observed, extending at a very 
limited scale, in an area slightly wider than building foundations. This sound like a 
warning for anyone that may think to use microzonation studies as input data for 
design of a specific structure and not for the urban planning aim they are designed 
for. 


5.4.2 Velocity Inversions 


The EuroCode 8 soil classification in Vs30 classes, adopted following the scheme 
of NEHRP recommendations, considers a soil-over-bedrock scheme, with mechan- 
ical properties improving with depth. The possibility of velocity inversions is not 
taken into account. The L'Aquila earthquake showed that this kind of geo-lithogical 
situation was more common than previously thought. In some instances, a stratum 
of well-cemented breccia (conglomerates), even 30 m thick, was overlying softer 
soil deposits, giving amplification in a situation that could be easily mistaken for a 
bedrock site. An example of this kind of velocity inversion is given in Gallipoli 
et al. (2011) for the Poggio Picenze village (see Fig. 5.8). 
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Fig.5.7 Summary of surveys in San Gregorio from Mucciarelli et al. (201 1a), see text for details 


In other instances, a further soft stratum was present at the top of the sequence, 
giving rise to a more complex amplification pattern, that is visible since HVSR 
measurements have a double peak. This results in amplification of seismic motion 
over a wider range of frequencies, and was related to damage enhancement as 
clearly shown for the L'Aquila historical centre (Fig. 5.9) by Del Monaco 
et al. (2013). 


5.4.3 The Role of Topographic Amplification 


During the L'Aquila, 2009 seismic sequence, the temporary installation of 
accelerometric networks provided a test of the Italian anti-seismic provisions 
about topographic amplifications. Two morphological situations were particularly 
suitable for the test: Castelnuovo, where two accelerometers located on the same 
lithology at the hill top and halfway along the slope provided the ideal case to test 
the proposed rule of linear increment of amplification along the slope, and Navelli, 
where the combination of code topographic and stratigraphic amplification factors 
was similar, given a station on a rocky slope and one on a flat alluvial valley. 
Gallipoli et al. (2013). showed that “in neither case the observation matches code 
provisions. For Castelnuovo, there is a frequency dependence that shows as the 
code is over-conservative for short periods but fails to predict amplification in the 
intermediate range. For Navelli, the code provision is verified for long periods, but 
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Fig. 5.8 The geological map and geological section with HVNSR (PPCZ04 and PPCZ05) of 
Poggio Picenze, from Gallipoli et al. (2011) 
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Fig. 5.9 From del Monaco et al. (2013); location of the severely damaged buildings (DGS and 4 in 
EMS’98 damage grade, Tertulliani et al. 2011) and contouring of the second resonance frequency 
peak from HVNSR analysis in L’ Aquila historical centre 


in the range around the site resonance frequency the stratigraphic amplification 
proves to be three times more important than the topographic one.” 
Figure 5.10 reports the Navelli case. 


5.4.4 The Role of Non-linearity 


The L'Aquila and the Christchurch earthquake provided interesting evidence about 
the role of non linearity in seismic response. 

The analysis of two arrays in the Upper (L'Aquila) and Lower Aterno valley 
(Navelli) showed that softening soil non-linearity played a role only of soft, fine and 
well graded basins like in Navelli. Mucciarelli et al. (2011b) found a few percent 
decrease in fundamental frequency and amplification between the largest (M > 4) 
aftershocks and lesser aftershocks and noise. On the contrary, Puglia et al. (2011) 
did not find any evidence on non-linearity in the response of the coarser, inter- 
digited soils of the Upper Aterno valley. 
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Fig. 5.10 Comparison between code provisions (red) and observed amplification ratio (blue) in 
Navelli between closely spaced stations, one on a rocky slope and one on a flat alluvial valley 
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Fig. 5.11 Comparison between normalized S-transform and HVSR at GeoNet CBGS 
accelerometric station 


In Christchurch it was possible to observe hardening non-linearity in action. 
Mucciarelli (2011) analysed jointly noise and accelerometric recordings, using the 
S-transform. The result (Fig. 5.11) shows that the energy of the largest horizontal 
component for coda waves is at frequencies lower than the fundamental one 
determined by HVSR, but in an earlier phase, the time-domain trace and the 
S-transform show high-frequency acceleration peaks, the evidence of the hardening 
non-linearity first described by Bonilla et al. (2005), due to hysteretic dilatant 
behaviour of non-cohesive, partially saturated soils. 
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5.4.5 Vertical Component and P-Wave Amplification 


The Emilia sequence had two similar magnitude main events separated by 9 days. 
While there was only an accelerometric station active during the first shock, several 
organisation (INGV; CNR-IMAA, OGS, RAN) installed temporary network in the 
epicentral area. When the second shock occurred it was thus possible to have a large 
number of near field recordings. Figure 5.12 summarises the relationship between 
horizontal and vertical component of the three peak parameters of ground motion 
(PGA, PGV, PGD). It is possible to see that while for velocity and displacement the 
horizontal peak is always larger, for acceleration the majority of near-field peaks is 
larger in the vertical component. These large vertical accelerations are overlooked 
by present day Italian seismic code. 


5.4.6 Time Distribution of Seismic Actions 


Some important lessons from these recent earthquakes came from the time-domain 
representation of data. 

Analysing the previously described data from the Christchurch earthquake using 
the cumulative Housner intensity, calculated from T=0 for incrementing time 
intervals, it possible to evaluate the importance of the transition from linear 
behaviour in the beginning to hardening non linearity in the middle and softening 
non-linearity at the end (Fig. 5.13). 

It is possible to see that during the hardening non-linearity phase the Housner 
intensity recorded is enough to cause damages corresponding to the VIII EMS 
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degree. When finally there is the onset of softening non-linearity, the Cumulative 
Housner intensity is already more than 90 % of the total. This should induce care 
when using simplified 1-d linear-equivalent models for site seismic response that do 
not take into account hardening non linearity and are not able to reproduce correctly 
in time-domain the onset of softening non-linearity. 

Another lesson learned from frequency-time domain during the Emilia earth- 
quake is the role of the combination of vertical and horizontal strongest phases. A 
peculiar kind of damage of this earthquake was the failure of several pre-fab 
industrial facility. Most of damage was caused by the fact that the beam were not 
connected to pillars, but the contact was pure friction. A loss of vertical load could 
have caused the reduction of friction and subsequently the collapse of the beams. 

A look to the frequency domain representation of the recordings at MIRE 
stations (Fig. 5.14) shows that there is, as expected, a strong phase of vertical 
motion connected to the arrival of the P waves, when the horizontal motion is 
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minimal. Unexpectedly there is also a strong pulse in the vertical component 
practically synchronous with the arrival of S-waves. This could have been the 
cause of many observed collapse of industrial facilities. 


5.5 A Look to the Future 


Three main field of activity are envisaged for the future. 


1. A federation of accelerometric borehole arrays in Italy. The motivation of this 
project arises from the need of improving existing installations, provide uniform 
site characterisation of sites (Fo, velocity profiles, etc.), bring together the 
owners in order to share good practices and finally to provide a web portal for 
the public dissemination of results. The availability of well characterised sites 
where the absolute site amplification is known, beside improving GMPEs could 
also be a resource for hands-on training of practitioners that could test their skills 
and their equipment against the available knowledge. 

2. The consideration of building soil-resonance. The importance of resonance was 
highlighted for the Emilia quake by the striking case of two twin buildings 
whose different damage was caused by the different fundamental frequency of 
foundation soil even at close distance (Castellaro et al. 2014). During the 
L’ Aquila earthquake it was possible to determine the frequency decay due to 
different level of damage on a large set of buildings (Ditommaso et al. 2013). 
The availability of these data made possible the study of the relationship 
between height, damage and fundamental frequency. Since the microzonation 
studies will provide in few years iso-frequency maps of the most hazardous 
municipality, it will then be possible to map the resonance-prone buildings, both 
for elastic and post-yield frequency. 

3. A move toward a two-parameters soil classification. As in other parts of Europe 
(see, e.g. Pitilakis et al. 2013) also in Italy similar studies are carried on (Luzi 
et al. 2011). It is now time to implement these study into seismic code 
abandoning the Vs30 classification scheme. 
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Chapter 6 
Seismic Analysis and Design of Bridges 
with an Emphasis to Eurocode Standards 


Tatjana Isakovic and Matej Fischinger 


Abstract Bridges are quite different from buildings regarding their dimensions, 
structural systems and in general regarding their seismic response. Thus the spe- 
cialized standards for their seismic design are needed. One of them is Eurocode 8/2 
standard (EC8/2), which considerably improved the design practice. It is well 
organized, practically oriented and designer friendly. 

In Slovenia it has been used for years. Some experiences, obtained during its 
application in practice are presented. Four issues are addressed: (1) the correlation 
between pre-yielding stiffness and strength of structures as well as the reduction of 
the seismic forces and equal displacement rule, (2) the application of the nonlinear 
static (pushover) methods of analysis, (3) the estimation of the shear strength of RC 
columns, and (4) the protection of the longitudinal reinforcement in RC columns 
against buckling. 

It was concluded that pre-yielding stiffness and strength of structures are 
strongly correlated. The pre-yielding stiffness is different for different levels of 
selected strength. This does not negate the equal displacement rule. The EC8/2 is 
one of the rare standards that explicitly recognized the quite important correlation 
between chosen strength of structures and corresponding pre-yielding effective 
stiffness. Accordingly, the equal displacement rule is presented in a modified 
way. Different interpretations of this rule are discussed in the paper. 

The EC8/2 introduced the nonlinear static pushover methods into the design 
practice. The way of their use is examined in the paper. Specifics in the application 
of the single mode pushover methods and the scope of their applicability are 
discussed. Some of the alternative methods are briefly overviewed. 

It was found that EC8/2 provisions related to the estimation of the shear strength 
of some typical bridge columns can be quite conservative. Some of the alternative 
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methods are presented and discussed on the example of the experimentally inves- 
tigated columns. It is concluded that the estimation of the shear strength, in general, 
is far from being solved and it demands further investigations. 

It was also found that some requirements of EC8/2 related to the prevention of 
buckling of the longitudinal reinforcement in RC columns are not interpreted in an 
appropriate way; thus their corrections are needed. 


6.1 Introduction 


Bridges are specific structures whose structural concept is mostly related to func- 
tionality. They give the impression of being rather simple structures whose seismic 
response could be easily predicted. Therefore, in the past, a little attention was paid 
to their seismic design. Usually, the design methodologies, developed primarily for 
the analysis and design of buildings were also uncritically applied to bridges. In 
many cases this approach was/is inappropriate, since the structural system of 
bridges, dimensions, and their seismic response, in general, is considerably differ- 
ent from buildings. 

The need for special consideration, which is adjusted to specific properties of 
bridges, has been recognized and the practice has been changed. An example of this 
good practice is the Eurocode standard, which comprises a part Eurocode 8/2 (CEN 
2005a) — EC8/2 that regulates the seismic design of bridges. 

This standard includes many modern design principles of the seismic engineer- 
ing, which were usually not taken into account in the design practice in the past, and 
very often they are not taken into account even in the nowadays practice. In some 
countries, e.g. in Slovenia, it has been used for many years. In the beginning, the 
pre-standard version of EC8/2 (CEN 1994) was applied. Although the early appli- 
cations were unofficial, most of the bridges built on the main highways in Slovenia 
were designed taking into account its requirements. For the last 6 years it has been 
used as an official standard in Slovenia. 

Based on the experiences obtained during its application, it can be concluded 
that EC8/2 definitely considerably improved the seismic design of bridges. It is well 
organized, practically oriented and designer friendly. 

In this paper some of the experiences, obtained when applying the standard in 
the practice and a critical overview of some of its requirements are presented. They 
are listed in the next paragraphs. 


1. The reduction of the seismic forces and equal displacement rule are well known 
and they are regularly used in the design practice. Nevertheless, sometimes they 
are applied, neglecting the correlation between the strength of the structure and 
corresponding pre-yielding effective stiffness (initial effective stiffness). As a 
consequence some researchers and designers expressed their doubts about this 
basic principle of the seismic engineering. Following the previous discussion 
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about these issues, and solutions that are proposed in EC8/2, the problem of the 
correlated strength (reduction of forces) and equivalent initial stiffness is exam- 
ined in Sect. 6.2. 

2. Seismic load is the strongest load that threatened the bridge in the seismically 
prone areas. Accordingly, many structures can be exposed to significant plastic 
deformations and its response can be significantly nonlinear. Nevertheless, the 
elastic linear methods are usually used for their analysis. 

In bridges, which are supported by piers having very different stiffness and 
strength, a considerable redistribution of the effects of the seismic load in the 
transverse direction of the bridge is usually observed comparing to the results of 
the linear analysis. Consequently, the nonlinear methods are needed in such 
cases, since the linear methods cannot estimate the response realistically. This 
was recognized by the EC8/2 standard as well. In bridges, where the significant 
redistribution of the seismic effects is expected, the nonlinear analysis is 
suggested as an option to estimate their seismic response more realistically. 

As an alternative to the nonlinear dynamic analysis, which is still too demand- 
ing for the everyday design, a simplified nonlinear pushover method, N2 method 
(Fajfar and Fischinger 1987) is included to the EC8/2. This method was primar- 
ily developed for the analysis of buildings. Therefore some important modifica- 
tions are needed when it is applied to bridges. They are discussed in Sect. 6.3. 
Moreover, the limitations of the method are analyzed and possible alternatives 
are briefly presented. 

3. It has been observed that EC8/2 requirements related to the estimation of the 
shear strength can be quite conservative for some typical types of bridge 
columns (e.g. hollow box columns). Namely, the contribution of the concrete 
to the shear strength should be quite often neglected even if the displacement 
demand is relatively low. Since this contribution can be as large as the half of the 
total shear strength of a column, quite a large shear reinforcement could be 
required if this contribution is not taken into account. 

It should be noted that according to the organization of the Eurocode stan- 
dards, this subject is primarily related to Eurocode 2 standard, EC2 (CEN 
2004a), where the procedure for estimation of the shear strength is defined. 
However, these already conservative requirements of EC2 are in some cases 
additionally tightened by EC8/2, which sometimes additionally reduces the 
already low level of the shear strength defined in EC2. This issue is discussed 
in Sect. 6.4. 

4. The ductility capacity of the column (bridge) strongly depends on the ability of 
its lateral reinforcement to sustain the buckling of the longitudinal flexural 
reinforcement and to ensure the adequate confinement of the concrete core. 
These two functions of lateral reinforcement were in the past designs in many 
cases neglected, and are not considered even in some new designs. This can lead 
to undesirable brittle types of failure and irreparable types of damage. In EC8/2 a 
special attention is devoted to these problems. However, some provisions require 
certain modifications, which are discussed in Sect. 6.5. 
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6.2 The Strength and the Effective Stiffness - The Equal 
Displacement Rule 


According to EC8/2 bridges can be designed so that their behaviour under the 
design seismic action is either ductile or limited ductile/essentially elastic. The type 
of the response depends on the chosen global behaviour factor. It defines the global 
level of the reduction of forces that would be obtained in the structure, which 
responds to the seismic load elastically and have the same effective pre-yielding 
stiffness as the analysed structure. In EC8/2 the limited ductile and ductile response 
corresponds to the behaviour factor of 1.5 and 3, respectively. 

When the larger reduction of forces (larger behaviour factor) is chosen, the 
larger global ductility capacity of the analysed structure is required, since the 
displacement demand in a structure, which respond to the seismic load elastically 
and the corresponding structure with the reduced strength and the same pre-yielding 
stiffness and mass are in general approximately the same. This is so called equal 
displacement rule, which is more strictly speaking, applicable to structures with 
medium and long periods of vibrations. 

This basic principle of the seismic engineering is usually illustrated with the 
idealized force-displacement diagram presented in Fig. 6.1a. The larger reduction 
of the force means that the smaller strength and the larger ductility capacity of the 
structure should be provided. In this presentation the pre-yielding stiffness is 
independent of the level of the force reduction (strength). For the reasons explained 
in the next paragraphs, this presentation is applicable only to different structures 
with the same effective pre-yielding stiffness and different strengths. 

In general it cannot be applied to one structure with the same geometry of 
structural components and different levels of the provided strength. For this case, 
the equal displacement rule can be presented in a different way, as it is illustrated in 
Fig. 6.1b for medium and long period structures. It is assumed that the yield 
displacements are approximately the same; regardless of the strength (explanation 
is provided later in this section). For the sake of simplicity the rule is presented for 
the case of a simple cantilever. For more complex structure it is discussed later in 
this section. 

In Fig. 6.1b three types of response (three levels of force reduction) are exam- 
ined: (1) The essentially elastic response (presented with black line), (2) limited 
ductile (presented with red line) and (3) ductile response (presented with blue line). 
The F.,, Feo and F,4 represent the elastic forces, which correspond to certain 
effective pre-yielding stiffness that is correlated with the chosen strength (reduction 
of forces or chosen behaviour factor). Forces Fy; and Fy; are reduced forces. They 
are defined as it is proposed in EC8/2 reducing the force Fe, by factors 1.5 and 
3. Thus, Ey? is 1.5 and Fy is 3 times smaller than F;;, respectively. Seismic 
displacements corresponding to three examined types of response are denoted as 
Dı, D» and D; respectively. Corresponding yielding displacements are denoted as 
Dy, Dy; and Dys. 
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Contrary to the interpretation in Fig. 6.1a, where the effective pre-yielding 
stiffness is independent of the level of the force reduction, in the interpretation, 
presented in Fig. 6.1b, this stiffness varies based on the chosen level of strength or 
the chosen level of the force reduction. Moreover, the seismic displacements D,—D3 
as well as the elastic forces F.;—F.3 are not the same (as in Fig. 6.1a) and are, in 
general, also dependent on the chosen reduction of forces. 

A superficial analysis of the diagrams, presented in Fig. 6.1b, can lead to a 
conclusion that equal displacement rule is invalid. This opinion is recently often 
expressed by different researchers. However, the precise examination of the 
presented diagrams confirms that equal displacement rule is not doubtful. The 
seismic displacements D,—D3 are still the same as those that characterize the 
corresponding elastic response, calculated taking into account the adequate 
(corresponding) effective pre-yielding stiffness. The ratio of the seismic displace- 
ments and yield displacements are still approximately the same as the 
corresponding level of the force reduction. Note that actual global reduction of 
forces is somewhat smaller than 1.5 and 3, since the corresponding elastic forces F5 
and F,3 are also smaller than F;;, which was used to select the reduced strength Fy; 
and Fy3. 

In other words, the equal displacements rule is valid, but it should be adequately 
interpreted, taking into account the correlation between the strength of the structure 
and the corresponding pre-yielding stiffness as well as the corresponding reduced 
demand. It is applicable for each level of the chosen strength individually. This is 
illustrated in Fig. 6.1b. 

The strong correlation between the strength and effective pre-yielding stiffness 
is crucial for the proper interpretation of Fig. 6.1b. Therefore it is analysed in more 
details in the next paragraphs. For the sake of clarity, this relationship is analysed on 
the example of simple cantilever column (presented in Fig. 6.2a). It is assumed that 
the strength of the column is chosen and that it is expressed in term of the force Fy. 

The selected level of force can be resisted providing an appropriate bending 
moment resistance at the bottom of the cantilever My — F, x h. In this expression 
M; is the bending moment corresponding to yielding of the cantilever, h represents 
its height and F, the force that should be resisted (chosen strength). 

For the sake of simplicity, let's assume that the response of the analysed 
structure is perfectly elasto-plastic (there is no strain hardening after yielding). 
This means that the moment M, represents also the bending moment capacity that 
corresponds to the chosen level of force reduction. 

Moment M, can be further correlated with the yield curvature ®, using the 
simple expression: 


M, 


®, = — .l 
"^g (6.1) 


where E is the modulus of elasticity and I; the effective moment of inertia of the 
bottom most critical cross-section. The yield curvature depends first of all on the 
yield strain of the reinforcement and the effective depth of the cross-section. The 
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variations of the axial force and the corresponding variation of the yield moment 
have only slight influence to the value of the yield curvature. This is documented on 
the example, presented in Fig. 6.3. More examples can be found elsewhere 
(e.g. Priestley et al. 2007). 

Considering a small variation of the yield curvature, it is evident from Eq. (6.1) 
that the variations of the yield moment (bending moment capacity) has considerable 
influence only to the effective moment of the inertia Is. Consequently it has also 
considerable influence to the effective pre-yielding stiffness. Since the curvature y 
is almost independent of the level of the yield moment, the effective pre-yielding 
stiffness and yield moment are explicitly correlated. In other words, the effective 
stiffness cannot be randomly chosen, when the yield moment (strength) is selected 
and vice versa. In general, the effective stiffness varies proportionally to the 
strength. This is illustrated in Fig. 6.1b. 

As it was mentioned before, the seismic displacements corresponding to differ- 
ent strength levels are not equal (displacements D,—-D; in Fig. 6.1b). Instead, the 
yield displacements (displacements Dy,-Dys in Fig. 6.1b) are quite similar and 
almost independent of the strength (taking into account that the yield curvature is 
not strongly correlated with the strength). 
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Fig. 6.4 Equal displacement rule in the case of bridge, supported by two columns 


In more complex structures the relationship between global effective 
pre-yielding stiffness and the strength is not so straightforward. In general, itera- 
tions are needed, particularly when the bridge is analysed in the transverse direction 
and when the analysed structure is irregular, supported by columns of different 
heights and strengths. However, the conclusions, presented above are in general 
essentially the same. The effective stiffness and strength are correlated, and the 
effective stiffness varies proportionally to the variations of the strength. 

This is illustrated in Fig. 6.4, where the response of a bridge, supported by two 
columns of different strength and stiffness is analysed in its longitudinal direction. 
For each column a force-displacement relationship is defined (red dashed lines in 
Fig. 6.4a). The total stiffness of the structure can be obtained summing the stiffness 
of both columns. Thus, the total force-displacement diagram can be determined 
summing the forces in both structural components (bold solid red line in Fig. 6.4a). 
The effective pre-yielding stiffness of the whole structure can be defined taking into 
account equal energy rule (bold dashed red line in Fig. 6.4a). This stiffness defines 
the equivalent period of the structure, which further influences the seismic dis- 
placements (see red lines in Fig. 6.4d). 
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When the strength of both components is decreased, the effective stiffness is also 
decreased. This is illustrated in Fig. 6.4b, where the equivalent stiffness (bold blue 
dashed line) is defined in the same way as it was explained on the example, 
presented in Fig. 6.4a. Both cases are compared in Fig. 6.4c, where it is evident 
that reduction of strength also means the reduction of the effective stiffness. It can 
be concluded that the strength and the stiffness are strongly correlated also in more 
complex structures. In other words, if the strength of the structure is chosen, the 
stiffness of single components and the global stiffness cannot be randomly selected 
and vice versa. 

The seismic displacements of the analysed bridge can be estimated using the 
equal displacement rule presented in Fig. 6.4d. The presentation of this rule is 
essentially the same as in the simple cantilever structure. The yield displacements 
are almost independent of the strength. Contrary, the seismic displacements signif- 
icantly vary depending on the pre-yielding stiffness and the chosen strength. 

As it was mentioned earlier, the correlation between stiffness, strength, and 
seismic displacement demand is more complex than in the simple cantilever 
beam. The equivalent pre-yielding stiffness is not a simple sum of the 
pre-yielding stiffness of single components (as it is illustrated in Fig. 6.4a, b). In 
general iterations are needed. 

The correlation between the effective per-yielding stiffness and the strength is 
recognized in the standard EC8/2 (see Fig. 6.1c). The interpretation of the equal 
displacement rule is similar to that presented in Fig. 6.1b, with an important 
difference. The strength of all structures exhibiting the elastic response is presented 
to be the same (forces F,;, Fe2 and Fe3). 

Taking into account the EC8 acceleration spectrum, it can be concluded that in 
many medium and long period structures, the elastic forces determined in this way 
are overestimated. Consequently the seismic displacements are also overestimated. 
This means that an additional safety is introduced to the design. Taking into account 
the complexity of the response (e.g. the redistribution of the seismic effects in the 
nonlinear range) and considering that standard EC8/2 does not require explicit 
examination of the available displacement ductility capacity (it is ensured by 
special detailing rules) this additional safety is feasible. It should be noted that in 
the case of highly irregular structures, where in the nonlinear range the considerable 
redistribution of seismic effects between the single components can occur, the 
examination of the seismic response using the nonlinear methods (see next Section) 
is highly recommended. 

The elastic forces F,;, Fe2 and Fe3 could be the same for certain short period 
structure with periods suited to the resonant region of spectrum. However, in this 
region the seismic displacement defined using the equal displacement rule should 
be modified (increased). 
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6.3 The Nonlinear Static Pushover Analysis 


The EC8/2 standard recognized the need for more reliable estimation of the highly 
nonlinear seismic response of bridges. It introduced the nonlinear methods into the 
design practice: (a) the most refined nonlinear response-history analysis (NRHA), 
as well as (b) simplified nonlinear pushover based method — N2 method. 

In most of the cases, the most refined NRHA is still quite complex to be used in 
the everyday design. It requires a lot of experiences regarding the modelling of the 
dynamic response of structures and an appropriate modelling of the seismic loading 
as well. The specialized software is needed. Thus, to simplify the nonlinear analysis 
and to make it more regulated, different simplified nonlinear methods can be used. 
There are many variations of different simplified nonlinear methods proposed, 
mostly for the analysis of buildings. They can be divided regarding the influence 
of the higher modes and variability of the important mode shapes based on the 
different levels of the seismic load. 

The simplest methods assume that the response is governed by one predominant 
mode, which does not essentially change when the seismic load is changed. These 
methods can be characterized as the single-mode non-adaptive methods. 

The next more complex group of methods takes into account the influence of the 
higher modes, but still suppose that these modes are essentially independent of the 
seismic intensity. These are so called multimode non-adaptive pushover methods. 

The more complex methods take into account the influence of the higher modes 
as well as their changes based on the seismic intensity. These are so called 
multimode adaptive methods. 

The accuracy of these methods depends on many parameters. A comprehensive 
analysis of these parameters as well as the list of different pushover methods can be 
found in FEMA-440 (2005). This document is related mostly to buildings. More 
specialized information about the application of different pushover methods for the 
analysis of bridges can be found in Kappos et al. (2012). 

In this paper the single-mode non-adaptive method, which is included into 
EC8/2 (and to Eurocode 8/1 — CEN 2004b) the N2 method (Fajfar 1999) is analysed 
first. As it was mentioned before, it was developed primarily for the analysis of 
buildings. When it is applied to bridges it can be used in the unmodified way only 
when the analysis is performed in the longitudinal direction. In the transverse 
direction, the structural system of bridges and consequently their response is 
considerably different from buildings. Therefore some modifications of the method 
are needed. They are described in Sect. 6.3.1. 

Since the N2 method is simplified, it has certain limitations. They are presented 
in Sect. 6.3.2 and illustrated with the appropriate numerical examples. Section 6.3.3 
includes a brief overview of two alternative methods: multimode non-adaptive 
MPA method (Chopra and Goel 2002), and multimode adaptive IRSA (Aydinoglu 
2003) method, which can be used when the N2 method is not suitable for the 
analysis. Others can be found e.g. in Kappos et al. (2012) or FEMA-440 (2005). 
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6.3.1 Specifics of the N2 Method When Applied 
to the Analysis of Bridges 


The N2 method was initially proposed and developed for the design of buildings 
(Fajfar and Fischinger 1987; Fajfar 1999). Later it has been subsequently improved 
and generalized. It has been applied for special types of buildings like infilled 
frames (DolSek and Fajfar 2005) and for 3D analysis (Fajfar et al. 2005). First 
applications for bridges were published in mid-90s (Fajfar et al. 1997). 

The name N2 method describes its basic features. N stands for the nonlinear 
analysis, and 2 for the two models and two types of analysis: (1) nonlinear static 
analysis of the actual multi-degree-of-freedom model (MDOF model) of the struc- 
ture and (2) nonlinear dynamic analysis of corresponding simplified single-degree- 
of-freedom model (SDOF model). The nonlinear static analysis is used to define the 
basic effective properties of the structure, such as e.g. effective stiffness, which are 
further needed to define an equivalent SDOF model, used for the nonlinear dynamic 
analysis. 

It has been realized (i.e. Isakovic and Fischinger 2006), that in the application of 
the N2 method as well as all other similar procedures, which were originally 
developed for buildings, one should take into account special properties of the 
bridge structural system. Before these specifics are described, let us overview the 
basic steps of the method, first (see Fig. 6.5): 


1. First, the multi-degree-of-freedom (MDOF) model of structure is defined. 

2. The MDOF model is subjected to the lateral static (inertial) load, which is 
gradually increased and the displacement of the superstructure is monitored 
(pushover analysis is performed), 

3. Based on the analysis performed in the second step, the force-displacement 
relationship is defined (the relationship total base shear versus displacement at 
the chosen position is defined; pushover curve is constructed), 

4. The relationship determined in the third step is used to define an equivalent 
SDOF model of the structure, which is further used for the nonlinear dynamic 
analysis, 

5. The nonlinear dynamic analysis is performed using the nonlinear response 
spectra that can be defined based on the standard elastic acceleration spectra. 

6. The result of the nonlinear dynamic analysis is the maximum displacement of 
the bridge at the chosen position, corresponding to the certain seismic intensity. 

7. Considering the maximum displacement, defined by the nonlinear dynamic 
analysis, the MDOF model is pushed again with forces defined in the 2nd step 
and different aspects of the bridge response is analysed 


The modifications of the N2 method, which are needed when it is applied to 
bridges, are related to: 


1. The distribution of the lateral forces along the superstructure (see 2nd step 
above) 


206 T. Isakovic and M. Fischinger 


1. MDOF model (nonlinear properties of columns are taken into account) 


2. Static nonlinear analysis of MDOF model — pushover analysis 
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3. Construction of the pushover curve (base shear — displacement relationship) 
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5. Nonlinear dynamic analysis of SDOF model using the nonlinear response spectra, 
which can be defined based on the elastic response spectra from EC8/2 
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6. Transformation of the maximum displacement of the SDOF model, obtained in the 5th 
step, to the maximum displacement of the MDOF model using the transformation 
presented in the 4th step. 


7. MDOF model is pushed again (nonlinear static analysis) with forces, defined in the 1st 
step, considering the maximum displacement obtained in the 6th step in order to analyze 
different aspects of the bridge seismic response. 


Fig. 6.5 The scheme of the N2 method 
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Fig. 6.6 Distributions of L 
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2. The choice of the reference point on the structure where the displacements are 
monitored in order to obtain the force-displacement relationship (see 3rd step), 

3. Idealization of the force-displacement curve, and calculation of yielding force 
F,* and yielding displacement D,* (see 4th step). 


6.3.1.1 Distribution of the Lateral Load 


In the 2nd step of the N2 method (see Sect. 6.3.1) the MDOF model of the structure 
is subjected to the static lateral load (inertial forces). The distribution of the inertial 
forces (lateral load) should be assumed before the nonlinear static analysis is 
performed. In the Annex H (informative annex) of Standard EC8/2 two possible 
distributions are proposed: (a) distribution proportional to the Ist mode of the 
bridge in the elastic range, and (b) uniform distribution (see Figs. 6.6a, b and 
6.7a, b). The first distribution can be defined based on the simple modal analysis 
with some of the standard programs for elastic modal analysis. 

In the previous research (Isakovic and Fischinger 2006), it was found that the 
parabolic distribution (Fig. 6.6c) was appropriate for bridges that were pinned at the 
abutments. This distribution is simpler to define than that proportional to the first 
mode. Using the parabolic distribution, in many bridges the response can be 
estimated better than in the case of the uniform distribution. For more details see 
Isakovic et al. (2008a) and Kappos et al. (2012). 
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Fig. 6.7 Distributions of L 
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6.3.1.2. The Choice of the Reference Point 


One of the crucial steps in the application of the N2 method is the static nonlinear 
analysis of the MDOF system. Based on this analysis the force-displacement 
relationship is determined, which is further used to define the properties of the 
equivalent SDOF system. 

The force-displacement relationship is determined observing changes of dis- 
placement at the certain position in the structure (reference point) due to the gradual 
increase of the lateral load. The top of buildings is typically selected as the 
reference point, since at this position the maximum displacement is typically 
observed in the majority of cases. In bridges this choice is not so straightforward. 

In EC8/2 the centre of the mass of the deformed deck is proposed as the 
reference point. An alternative solution could be the top of a certain column. 
However, in irregular bridges both of these solutions could be inadequate. 

In highly irregular bridges the influence of higher modes is typically large and 
variation of mode shapes is substantial (especially if the structure is torsionally 
sensitive). Consequently, the station of maximum displacement varies and it 
depends on the intensity of the load. This can quite complicate the construction 
of the pushover curve. The question arises, which point is the reference point. The 
authors of the paper believe that the pushover curve should be constructed using the 
maximum displacement of the superstructure regardless its position, since the 
maximum displacement is a measure of stiffness of the superstructure. In other 
words the station of the reference point is not always constant throughout the 
analysis. 

Let's analyse the response of the viaduct V213P, presented in Fig. 6.8. Consid- 
ering displacements at the top of three different columns, three very different 
pushover curves were obtained (curves 1—3 in Fig. 6.9a). Consequently, very 
different stiffness of the equivalent SDOF model was obtained, resulting in very 
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Fig. 6.8 An example of a highly irregular bridge 
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Fig. 6.9 Pushover curves, and displacement envelopes, obtained based on different reference 
points 


different estimation of dynamic properties of equivalent SDOF system and signif- 
icantly different displacements of the structure (see curves 1—3 in Fig. 6.9c). One 
can conclude that the pushover curve corresponding to the column with maximum 
displacement at the top should be evidently used. This is true so far this is the station 
of the maximum displacement of the superstructure, too. The station of maximum 
displacement of the superstructure in viaduct V213P does not coincide with the 
position of any column. Moreover it changes depending on the level of the load. 
Therefore, the corresponding pushover curve (see curve 4 in Fig. 6.9b) does not 
coincide with any of the pushover curves constructed based on the displacements 
monitored at the top of some column. Consequently, the corresponding displace- 
ments of the viaduct also differ from those, calculated using the top of the columns 
as the reference points (see Fig. 6.9c). 
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The analysed viaduct is highly irregular structure, where the mode shapes, their 
importance and ratios are changing depending on the seismic intensity. When the 
seismic load is low and the structure respond elastically the maximum displacement 
is above the right column. When the load is increased the position of the maximum 
displacement gradually moves toward the centre of the bridge. Station of the 
maximum displacement gradually shifts for about 40 m (20 % of the bridge length). 
Thus, the maximum displacement occurs at the centre of mass only at stronger 
seismic intensities. 

The reason for such behaviour is a significant variation of shape, order and 
importance of modes. The authors believe that the proper pushover curve is the 
lowest possible one (bold line in Fig. 6.9d), corresponding to the current maximum 
displacement of the superstructure. 


6.3.1.3 Idealization of the Pushover Curve, Target Displacement 


Idealization of the base shear-displacement relationship is one of the basic steps of 
the N2 method, since it significantly influences the stiffness of the equivalent SDOF 
model and the value of the maximum displacement. When this stiffness is not 
adequately estimated, the actual and estimated maximum displacement can be 
significantly different (Isakovic and Fischinger 2006; Isakovic et al. 2008a). 

Elasto-plastic idealisation is typically used. This solution is also proposed in 
EC8/2. However, in viaducts, which are pinned at the abutments, this idealization 
can be inappropriate, since an underestimated equivalent stiffness of the SDOF 
system, and overestimated maximum displacement (see Fig. 6.10) can be obtained. 
Namely, in bridges with pinned abutments where the elastic response of the 
superstructure is expected, the pushover curve exhibits considerable strain harden- 
ing slope, which should be properly taken into account. This is illustrated in 
Fig. 6.10. 

The force-displacement relationship is usually idealized using the equal energy 
principle of idealized and actual curve. Since the energy depends on the reached 
maximum displacement, which is not known at the moment of the idealization, the 
authors’ opinion is that iterations are necessary. In the majority of cases, only one 
iteration is needed. 

In the annex H of the EC8/2 it is proposed that the maximum displacement is 
estimated using the results of the elastic analysis. This solution is very convenient at 
the first glance. However, to estimate these displacements properly, the 
pre-yielding effective stiffness of the whole structure corresponding to a certain 
level of the seismic load should be also defined. That means that (more) iterations 
are also needed (see Sect. 6.2). 
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Fig. 6.10 Idealization of the pushover curve. (a) Bridges pinned at the abutments. (b) Bridges 
with roller supports at the abutments 


6.3.2 Applicability of the N2 Method 


The N2 method is a typical single mode non-adaptive pushover method. Although it 
is appropriate for the analysis of many bridges, it has certain limitations. Since it is 
single-mode method, it can take into account the predominant influence of only one 
vibration mode. Therefore, it is appropriate for the analysis of bridges, where the 
influence of the higher modes is not very important. This is the case where the 
effective mass of the predominant mode exceeds 80 96 of the total mass. 

The method is non-adaptive, which means that it cannot take into account 
significant variations of the predominant mode of vibration. Therefore, it is suitable 
for the analysis of bridges where the predominant mode does not significantly 
change. 

The N2 method can be efficiently used for the estimation of the seismic response 
of the majority of the short and medium length bridges. An example of the good 
estimation of the bridge seismic response is presented in Fig. 6.11, where the 
displacements calculated by the N2 method and NRHA are compared. The response 
of the presented bridge is influenced by one predominant mode, which does not 
considerably change with the seismic intensity. 

In short bridges and bridges of medium length, the accuracy of the N2 method 
can depend on the seismic intensity. Usually the higher intensity means better 
accuracy. 

The example of such bridge is presented in Fig. 6.8. In the elastic range the 
response is influenced by two modes (Fig. 6.8). Consequently, the results of the N2 
method (see dashed line in Fig. 6.12a) does not agree very well with the results of 
the nonlinear response-history analysis - NRHA (see solid line in Fig. 6.122). 
However, when the seismic intensity is increased, the response is influenced by 
only one predominant mode. Consequently, the results of the N2 method agree 
better with the results of the nonlinear response-history analysis (see Fig. 6.12b). 
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NRHA - nonlinear time history analysis, N2 - the N2 method 


However, this is not a rule. There are certain types of bridges, reported in 
Isakovic and Fischinger (2011) where the accuracy of the method decreases with 
the intensity of the seismic load. 

The N2 method is, in general, less accurate in the case of long bridges. It was 
found (Isakovic et al. 20082) that in long bridges (e.g. the length is over 500 m), due 
to the large flexibility of the superstructure (due to the large length), the response is 
very often significantly influenced by higher modes even if they are supported by 
relatively flexible columns. For the analysis of such bridges multimode pushover 
methods can be used (see next subsection) or they can be analysed by the nonlinear 
response-history analysis. 

Let us summarize the previous findings. The N2 method can be used in bridges 
where: 
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(a) The stiffness of the superstructure is large comparing to that of the columns. In 
such bridges the superstructure governs the response. This is typical for via- 
ducts which are not too long and which are not supported by very short 
columns. 

(b) The stiffness of the columns does not change abruptly. Namely, if a bridge is 
supported by columns of very different heights, each column tends to move in 
its natural mode. Therefore, when the superstructure is not stiff enough to 
control the overall response, the response is considerably influenced by higher 
modes. 


More details about the applicability of the N2 method can be found elsewhere 
(Isakovic and Fischinger 2006; Isakovic et al 2008a). 


6.3.3 Alternative Pushover Methods of Analysis 


When the higher modes have an important role in the response of a bridge, two 
solutions are available: (a) the multimode pushover methods can be employed, or 
(b) the NRHA is performed. The choice depends again on the complexity of the 
bridge, experiences, available software, etc. It is worthy to note that the more 
refined methods demand also the more refined analysis tools. As it has been 
mentioned before different multimode pushover methods are available. Here, two 
of them: (a) non-adaptive MPA and (b) adaptive IRSA are briefly summarized. 


6.3.3.1 The MPA Method 


The MPA method has been developed by Chopra and Goel (2002). Later it has been 
modified by the authors (Goel and Chopra 2005) and other researchers, 
e.g. (Paraskeva et al. 2006; Paraskeva and Kappos 2009), who have been focused 
on the seismic response of bridges. It is simplified nonlinear pushover method, 
which can take into account the influence of the higher modes to the seismic 
response of structures. 

In the MPA method the number of pushover analyses depends on the number of 
the important modes of vibration. Each analysis is preformed taking into account 
the lateral load proportional to corresponding elastic mode shape. The calculation 
procedure is similar to that described in Sect. 6.3.1. It is repeated taking into 
account each important mode, separately. Then the contributions of individual 
modes are combined using the SRSS or CQC combination rule. 

One of the differences between the N2 method and the MPA method is related to 
the choice of the reference point. In the MPA, the displacements can be monitored 
anywhere along the superstructure, so far the mode shapes do not considerably 
change, because in the MPA method the shape factor is taken into account. 
However, when the mode shapes considerably depends on the load intensity, the 
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Fig. 6.13 In long bridges with common pier configuration, the accuracy of the MPA (dotted line) 
is very well (results of the NRHA are presented with the solid line) 


appropriate choice of the monitoring point is as important as in the N2 method 
(Isakovic and Fischinger 2006). In such cases the ratio of displacements along the 
superstructure is variable and the constant shape factor used in the method cannot 
take into account these changes. Therefore, in such bridges it is recommended to 
consider the maximum displacement of the superstructure at its current (variable) 
position (as it is proposed for the N2 method — see the comment in Sect. 6.3.1). The 
results of the MPA can be considerably improved taking into account modifications 
proposed by Paraskeva et al. (2006) and Paraskeva and Kappos (2009). 

The analysis with the MPA method is reasonable when the higher modes have 
considerable influence to the response of the bridge (when N2 method is less 
accurate), e.g. in very long bridges (e.g. when the length of the bridge is 500 m 
or more). In such bridges the influence of the higher modes is usually important, 
particularly when they are supported by short (very stiff) columns. The accuracy is 
good when the mode shapes do not considerably depend on the seismic intensity. 

An example is presented in Fig. 6.13. The displacements of the bridge calculated 
by the MPA and the NRHA method are compared for two seismic intensity levels. 
The match between the MPA and NRHA is quite good, particularly for the weak 
seismic intensity, since the mode shapes are close to the initial mode shapes 
corresponding to the elastic range. For the strong earthquake, the results of the 
MPA and NRHA method still agree well, since the mode shapes do not consider- 
ably change comparing to the elastic range. 

If the modes of vibrations are variable, then the MPA method is not feasible 
enough, like in the bridge presented in Fig. 6.14. In such cases adaptive methods 
can be employed, or the NRHA preformed. 
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Fig. 6.14 Response of the experimentally tested bridge, where the modes of vibration changes 
depending on the seismic intensity 


6.3.3.2. The IRSA Method 


The IRSA method, proposed by Aydinoglu (2003) is multimode adaptive pushover 
method. This means that it takes into account changes of the dynamic properties of 
the structure each time when the new plastic hinge is formed. Changes of both, 
modal shapes and the corresponding participation factors are considered each time 
the dynamic properties of the structure are changed. Contrary to the MPA method, 
all changes in the structure are coupled. Since it can take into account the changes 
of the mode shapes it can describe the response of the bridge, presented in Fig. 6.14, 
more accurately then both previously presented methods. 
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Fig. 6.15 The response of the highly irregular viaduct obtained by MPA (dotted line), IRSA 
(dashed) and NRHA (solid lines) 


Since the method is more complex than the other two, the details will be skipped. 
They can be found in Aydinoglu (2003), Kappos et al. (2012), and Isakovic 
et al. (2008a), as well as the appropriate numerical examples. It is worthy to note, 
that in spite of the complexity this method is not universal and cannot always 
replace the NRHA, particularly in the most complex bridges, similar to the one, 
presented in Fig. 6.15. 


6.4 The Shear Strength of RC Columns 


According to the EC8/2 the shear demand in RC columns is defined using the 
capacity design procedure. It should be less or equal to the shear capacity. In EC8/2 
the shear capacity of RC columns is estimated based on the requirements of the 
standard EC2. According to this standard the contribution of the concrete without 
shear reinforcement (including the beneficial contribution of the compression 
stresses) should be neglected in all cases where the demand exceeds this value. 

In EC8/2 the value of the shear strength, estimated in this way, is additionally 
reduced. In bridges, designed as limited ductile structures, it is recommended to 
reduce the shear strength by factor of 1.25. In ductile structures this reduction 
depends on the expected value of the shear demand corresponding to the elastic 
response and the shear demand defined based on the capacity design. The reduction 
factor is in a range between 1 and 1.25. When the shear resistance of the plastic 
hinges in ductile structures is estimated, the angle between the concrete compres- 
sion strut and the main tension chord shall be assumed to be equal to 45°. 
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In general, the requirements of EC2 are adjusted to structural components of 
buildings, which have quite different dimensions of bridge columns. Consequently, 
different mechanisms that contribute to the shear strength, can have different 
importance than those in bridge columns. Due to the larger dimensions of bridge 
columns, the contribution of the concrete to the total shear strength can be quite 
important. Thus the approach, defined in EC2, can result in a quite conservative 
design. It is worthy to note that certain level of the conservatism is certainly needed 
for the shear design (since the type of the failure is brittle and the damage is difficult 
to repair), however the excessive conservatism can result in a very large required 
amount of the shear reinforcement, which is difficult to construct. Some balance 
between safety and feasibility is reasonable to achieve. 

The classical truss analogy, where the angle between the compression strut and 
the tension reinforcement is assumed to be 45° seems to be reasonable, particularly 
for the case of the seismic (reversible) load and relatively low values of the shear 
span ratios of columns, where the shear response is particularly critical. This 
actually ensures the maximum amount of the shear reinforcement corresponding 
to certain truss configuration. 

In addition to this requirement the contribution of the concrete without shear 
reinforcement and beneficial contribution of the compression stresses to the shear 
strength are neglected usually at quite low levels of the displacement demand. This 
can result in a quite conservative design, increasing the required shear reinforce- 
ment in some types of bridge columns to a quite large amount. 

An example of such column is presented in Fig. 6.16. This is a hollow box 
column, which was experimentally tested in a scale 1:4. The basic properties of the 
column are presented in Fig. 6.16. More details can be found in Isakovic 
et al. (2008b) and Elnashai et al. (2011). The column was tested cyclically until 
the combined shear-flexural failure was achieved. The appearance of the specimen 
after the experiment is presented in Fig. 6.17b. The shear strength of the investi- 
gated column was 390 KN. In this particular case the EC8/2 requirement related to 
the angle between the compression strut and tension reinforcement was confirmed. 
It was 45°. 

Taking into account the requirements of the EC2, considerably smaller value of 
171 KN of the shear strength was obtained (see line 1 in Fig. 6.18). Note that all 
safety factors, defined in EC2, were excluded (e.g. the material safety factors for 
steel and concrete) since the actual shear strength was investigated. According to 
the requirements of the standard only the contribution of the shear reinforcement 
was taken into account, since the demand exceeded the sum of the contributions of 
the concrete without shear reinforcement and the contribution of the compression 
stresses. In the investigated column, however, these mechanisms contributed 
almost half of the total shear strength, 147 kN. 

When all important mechanisms were taken into account, the estimated value of 
the total shear strength was increased to 318 kN. This value was still smaller than 
the experimentally observed strength (see line 2 in Fig. 6.18). 

Since the actual and estimated strength were quite different, other procedures 
available in the literature and other standards were also employed. The UCBS 
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Fig. 6.16 The 1:4 scale model of the experimentally investigated column (Reinforcement type A: 
longitudinal reinforcement 906 mm (f, — 324 MPa), transverse reinforcement 4 mm/5 cm 
(f, — 240 MPa). Reinforcement type C: longitudinal reinforcement 9003.4 mm (f, = 240 MPa), 
transverse reinforcement 2.5 mm/5 cm (f, = 265 MPa)) 


Fig. 6.17 (a) Casting of the tested column. (b) Combined shear-flexural failure of the tested 
column 
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procedure (Priestley et al. 1994) as well as the procedure included in the Eurocode 
8/3 standard (CEN 2005b; Biskinis et al. 2004) was considered. Both of them 
predicted the shear strength of the investigated column quite well (see Fig. 6.18). 
Contrary to the EC2 standard, these methods define the shear strength based on the 
displacement ductility demand. Larger values of the shear strength correspond to 
smaller value of displacement demand. This approach reflects the actual response 
more realistically, since the reduction of the contribution of the concrete to the 
shear strength is gradual. In EC2 it is neglected at very small displacement demand. 
Thus the reduction of the shear strength is abrupt. 

Consequently, the difference in the design of the column where the demand 
exceeds the contribution of the concrete by say 10 % and that where this contribu- 
tion can be taken into account, can be unacceptably large. For example in the 
investigated case the difference in the amount of the shear reinforcement would be 
about 50 %. Therefore, it is feasible to make this transition more gradual like in the 
other two methods. 

Further analysis of the estimated values of the shear strength, presented in 
Fig. 6.18, showed that EC2 approaches the other two methods in the region of 
large displacement demands. This is another indication that shear design in EC2 can 
be quite conservative. 

Since the low value of shear strength was defined also for the lower displacement 
demand, completely misleading conclusions about the type of the failure and the 
corresponding displacement was obtained in the investigated case. According to the 
EC2 the failure of the investigated column would be pure shear corresponding to 
the unrealistically small displacement demand of about 3 mm (the measured 
displacement at the moment of the failure was about four times larger — 12 mm). 

The previous discussion clearly shows that some modifications of the shear 
design, required in EC2, are needed. However, before any modifications are 
accepted, additional specialized studies, adjusted to bridge columns are needed. 
The alternative methods, presented in the previous paragraphs might be a suitable 
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solution; however note that the differences between these two methods can be also 
quite large (at the region of the small displacement demand — see Fig. 6.18) 
indicating that the problem of shear is still not adequately investigated and solved. 
Similar conclusions can be found elsewhere in the literature (e.g. Calvi et al. 2005). 


6.5 The Buckling of the Longitudinal Bars 
and Confinement of the Core of Cross-Sections 


The lateral reinforcement has an important role in the protection of columns 
(bridge) against different types of brittle failure. Beside the prevention of brittle 
shear failure (discussed in the previous section), it should be designed to prevent 
also other possible types of brittle failure; to prevent buckling of the longitudinal 
reinforcement and also to ensure the adequate confinement of the concrete core 
preventing its deterioration due to the excessive lateral tensile stresses. Both 
functions considerably influence the ductility capacity of columns (structure). 
Although they are correlated, they still have to be addressed separately, since it is 
not always the case that these types of failure occur at the same moment. 

The requirements of EC8/2, related to the confinement of the concrete core, 
seem to be reasonable. The minimum requirements are stringent than those 
included into the standard EC8/1, where the seismic design of buildings is 
addressed. This is, however, reasonable, since the columns have the crucial role 
in the seismic response of bridges, and they are typically loaded by considerable 
compression stresses, which reduce their ductility capacity. In general the structural 
system of bridges is less redundant and robust than that of buildings. Taking into 
account the mentioned characteristics it can be concluded that requirements related 
to the confinement of the concrete core are reasonable. 

Several requirements of EC8/2, related to the protection of the flexural rein- 
forcement against buckling, define the necessary amount of the lateral reinforce- 
ment, maximum distance of the lateral bars along the column as well as the 
maximum distance between the tie legs. These requirements prevent the two 
types of failure: (a) the limited maximum distance of lateral bars prevents the 
buckling of the longitudinal bars between two consecutive ties, and (b) the mini- 
mum amount of the lateral reinforcement prevents the buckling of the longitudinal 
bars between several ties. 

All the requirements included into EC8/2 are known from the literature 
(e.g. Priestley et al. 1997). However, the one, which defines the minimum amount 
of transverse ties (Eq. 6.10 in the EC8/2) is misinterpreted. This requirement was 
defined based on the experimental investigations. An explanation can be found 
e.g. in Priestley et al. (1997). In the original formula the spacing of the ties in the 
vertical direction of column is employed. Instead of this spacing, in EC8/2 the 
transverse (horizontal) spacing of the tie legs in the plane of the cross-section is 
addressed. Thus, the use of the formula in EC8/2 should be corrected. 


6 Seismic Analysis and Design of Bridges with an Emphasis to Eurocode Standards 221 


Fig. 6.19 (a) Cross-section of the tested column, (b) The shape of the outer ties, (c) The 
reinforcement of the specimen 


Detailing of the transverse reinforcement is extremely important when the 
buckling of the longitudinal bars is addressed. The ties should be properly shaped 
with 135° hooks. Ties with 90° degree hooks usually cannot prevent buckling of the 
longitudinal bars, even if the proper amount of lateral reinforcement is provided. 
Standard EC8/2 allows cross-ties that have 90° degree hook on one side and 135° at 
the other side of the tie, as long as the axial force does not exceed 30 % of the 
characteristic compression strength of the concrete. It is the authors’ opinion that 
90° degree hooks should not be allowed at all, regardless of the level of the axial 
force. 

This is illustrated on the example of the typical I shape column, presented in 
Fig. 6.19. This is the 1:4 scale model of the column, where the lateral reinforcement 
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Fig. 6.20 A brittle failure was obtained due to the buckling of the longitudinal bars 


fulfilled the EC8/2 requirements related to the shear strength, but the amount was 
insufficient considering the confinement and the buckling of the longitudinal bars. 
Additionally the ties were shaped according to some solutions applied in the 
practice, using the 90? overlapped hooks. The compression stresses due to the 
permanent load were relatively small (11 % of the characteristic compression 
strength). The column was tested cyclically until the failure occurred. 

A brittle failure was obtained (see Fig. 6.20). After the spalling of the cover 
concrete, some of the improperly shaped ties with 90? degree hooks were opened, 
and could not support the longitudinal bars properly. Consequently the buckling of 
these bars between two consecutive ties as well as between more ties was observed. 
This was also the consequence of the insufficient amount of the lateral reinforce- 
ment. The failure was sudden, without any additional ductility capacity. 


6.6 Conclusions and Final Remarks 


During many years of use of the Eurocode 8/2 standard it was found that this 
standard considerably improved the seismic design of bridges, since it introduced 
many modern principles of the seismic engineering into design practice. This is 
modern standard, which is well organized, practically oriented and designer 
friendly. 

In this paper some of the experiences, obtained when applying the standard in 
the practice and a critical overview of some of its requirements are presented. First 
the two topics related to the analysis of bridges were addressed: (a) the relationship 
between the pre-yielding stiffness and strength of structures as well as the applica- 
tion of the equal displacement rule, and (b) the nonlinear static analysis. 

It was concluded that pre-yielding stiffness and strength of structures are 
strongly correlated. The pre-yielding stiffness is different for different levels of 
the selected strength. This does not negate the equal displacement rule. 
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The interpretation of the equal displacement rule included to the EC8/2 was 
compared with some different options. It has been found that certain conservatism 
in estimation of the seismic displacements is introduced. This conservatism has 
been found reasonable since the standard does not require explicit control of the 
displacement ductility capacity of structures. This can be particularly important in 
highly irregular structures, where in the nonlinear range considerable redistribu- 
tions of the seismic effects can occur, and the results of the elastic analyses can be 
only a rough approximation of the actual response. 

In general, for highly irregular structures it is strongly recommended to examine 
the seismic response using the nonlinear procedures. This is recognized by EC8/2 as 
well. It introduced the most refined nonlinear response history analysis as well as 
the simplified nonlinear procedures into the design practice. In the paper some 
issues related to the application of the single mode pushover method are discussed. 
The important differences between bridges and buildings related to the application 
of this method are analysed: (a) distribution of the lateral load, (b) the choice of the 
reference point and (c) the idealization of the pushover curve. Some alternatives to 
the procedures, defined in the standard, are proposed. The applicability of the single 
mode pushover methods is also briefly addressed. It was concluded that this type of 
methods is applicable mainly to short and medium length bridges, where the 
response is predominantly influenced by one invariant mode of vibration. In other 
cases the multimode pushover methods or the nonlinear response history analysis is 
recommended. 

The second part of the paper is devoted to the shear and ductility capacity of RC 
columns. In EC8/2 the displacement ductility capacity of structures is ensured with 
proper structural detailing, which prevents the undesirable brittle types of failure. 
The brittle shear failure is prevented by a requirement that the shear strength of 
structural components should be at least equal to the shear demand determined 
based on the capacity design procedure. The shear capacity of RC columns is 
determined based on the requirements of the EC2. This capacity is in some cases 
reduced. 

The procedure that is used to define the shear strength of columns can be quite 
conservative, since the contribution of the concrete to the shear strength is very 
often neglected at quite small displacement demand. In some bridge columns 
almost half of the total shear strength is neglected in this way. The comparison 
with some other procedures, available in the literature, also confirmed that the 
provisions of the EC2 can be quite conservative. The result can be a large required 
amount of transverse reinforcement, which is difficult to construct. 

It has been concluded that the contribution of the concrete to the shear strength 
should be reduced gradually. It has been also found that the problem of the shear 
capacity in general is not adequately solved and that it requires further investiga- 
tions. This is particularly applicable to bridge columns, since the available data are 
limited comparing to the structural elements in buildings. 

The brittle failure due to the insufficient confinement of the concrete core is in 
EC8/2 prevented by proper detailing of the transverse reinforcement in columns. 
The required minimum amount of the transverse confinement reinforcement is 
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larger than that in e.g. EC8/1. This was found feasible, since columns have the 
crucial role in the seismic response of bridges, and they are typically loaded by 
considerable compression stresses, which reduce their ductility capacity. It should 
be also noted that the bridge structures are in general less redundant than buildings. 

The transverse reinforcement that protects the longitudinal reinforcement of 
columns against buckling is also addressed in EC8/2. The requirement related to 
the minimum amount of this reinforcement is, however, misinterpreted and should 
be corrected according to the results presented in the literature. 
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Chapter 7 

From Performance- and Displacement-Based 
Assessment of Existing Buildings per 
EN1998-3 to Design of New Concrete 
Structures in fib MC2010 


Michael N. Fardis 


Abstract The paper traces the road to the first fully performance- and displacement- 
based European seismic standard, namely Part 3 of Eurocode 8 on assessment and 
retrofitting of existing buildings and from there to the part of the fib Model Code 2010 
(MC2010) on performance- and displacement-based seismic design and assessment 
of all types of concrete structure. Performance-based seismic design is set in the 
broader context of performance-based engineering and European Limit State design. 
The major features of Part 3 of Eurocode 8 are presented, focusing on seismic 
demands and — mainly — on cyclic deformation capacities. Emphasis is placed on 
the need to use in the analysis an effective elastic stiffness which realistically 
represents the member secant-to-yield-point stiffness, in order to predict well the 
seismic deformation demands. The background of the effective stiffness and the 
deformation and shear capacity sides in Part 3 of Eurocode 8 is presented, with a view 
on developments of the State-of-Art after these aspects were finalized in Eurocode 
8. The focus turns then on the seismic part of MC2010, showing the differences with 
Part 3 of Eurocode 8 due to recent advances in the State-of-the-Art, the difference 
between design of new structures and assessment of existing ones (including the need 
to estimate the secant-to-yield-point stiffness without knowing the reinforcement), 
the wider scope of MC2010 beyond buildings, etc. It is emphasised that member 
detailing per MC2010 is not based anymore on opaque prescriptions, but on trans- 
parent, explicit verification of inelastic deformation demands against capacities. 
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7.1 The European Seismic Codes Before EN-Eurocode 8 


Since the early 1990s the activity of the European Earthquake Engineering com- 
munity has been centred around and motivated by the drive towards a European 
Standard for seismic design: Eurocode 8. From early on this standard was perme- 
ated by performance-based concepts with a strong European flavour. In fact, in 
Europe, Performance Levels in seismic design, assessment or retrofitting have 
always been associated to, or identified with Limit States. The Limit State concept 
was introduced in the 1960s in Europe to define states of unfitness of the structure 
for its intended purpose (CEB 1970; Rowe 1970): Ultimate Limit States (ULS) 
concern safety, whilst Serviceability Limit States (SLS) the normal function and 
use of the structure, comfort of occupants, or damage to property; intermediate 
Limit States were also considered. These fundamental CEB documents and the two 
CEB/FIP Model Codes (CEB 1978, 1991) were the basis of Limit State design for 
all structural materials in the pre-Norm (CEN 1994a) and European Norm (CEN 
2002) versions of the Eurocodes, and for concrete structures in particular (CEN 
1991, 2004b). According to the Eurocode concerning the basis of structural design 
(CEN 1994a, 2002), the Limit States approach is the backbone of structural design 
for any type of action, including the seismic one. 

Neither of the two CEB/FIP Model Codes covered seismic design. However, the 
CEB Model Code for seismic design of new concrete structures (CEB 1985) was 
meant to be a “Seismic Annex” to the CEB/FIP Model Code 1978, mainly for 
concrete buildings. It introduced two Limit States: (a) Structural Safety and 
(b) Serviceability, but design for both was for a single hazard level. The structure 
was to be proportioned for force resistance against elastic lateral forces derived 
from the 5 %-damped elastic response spectrum reduced by the “behaviour factor" 
q, assuming uncracked gross section stiffness. Interstorey drifts computed via the 
“equal displacement rule" under the same seismic action were limited to 2.5 % if 
only the protection of the structure is of concern, or to 1 96 for Serviceability of 
brittle building partitions (1.5 % for non-brittle ones). Three “Ductility Levels" 
were included for buildings: the higher the ductility level, the larger was the q- 
factor and the more stringent the member detailing (albeit prescriptive). The two 
upper ductility levels employed "capacity design" to prevent brittle shear failure of 
members and soft storey plastic mechanisms in weak column-strong beam frames; 
the ultimate objective was global ductility. 

The European Prestandard (ENV) on the seismic design of buildings of any type 
of material (CEN 1994b, c, d) was based on the CEB “Seismic Annex” (CEB 1985). 
It differed from it in that its scope covered the major structural materials, and in that 
distinct hazard levels were introduced for the two Limit States. The ULS against 
Life-threatening Collapse is checked in the same way as in the 1985 CEB seismic 
Model Code (except for the interstorey drift limitation) under the 475-year earth- 
quake (10 % exceedance probability in 50 years), at least for structures of ordinary 
importance. For the SLS against damage and loss of use, the interstorey drift limit is 
0.4 % (0.6 % for non-brittle partitions) and is checked under 50 % of the 475-year 
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earthquake, again using uncracked gross section properties and the “equal displace- 
ment rule". The alternative options for ductility — termed now “Ductility Classes” — 
remained three; capacity design against shear failure of beams was limited to the 
higher Class. 

The European Pre-standard (ENV) on repair and seismic strengthening of 
existing buildings (CEN 1996) did not present any conceptual advancement over 
its counterpart for new buildings (CEN 1994b, c, d). Except that the interstorey drift 
limits were not meant to be checked under the Serviceability earthquake, and that 
the evaluation criteria for existing buildings were limited to full conformity to the 
requirements of one of the three “Ductility Classes” of the ENV for new buildings 
(CEN 1994b, c, d) under a reduced seismic action which depends on the remaining 
lifetime. Retrofitting was also meant to ensure full conformity with the rules of the 
ENV for new buildings for one of its three “Ductility Classes”. 

As there was no seismic follow-up to the 1990 CEB-FIP Model Code (CEB 
1991), the European Standard for seismic design of new buildings of any material 
(CEN 2004b) evolved from the ENV version (CEN 1994b, c, d), incorporating 
important developments in the State-of-the-Art which had matured in the mean- 
time. Most of the completely new points were not specific to concrete: design with 
seismic isolation, capacity design of the foundation, composite (steel-concrete) 
buildings, design with nonlinear analysis and direct verification of deformation 
demands, etc. This last feature is of special importance, as it presaged the recent 
codification of displacement-based seismic design of new buildings in the Model 
Code 2010 of fib (2012). A very important parallel development was the European 
Standard for “Assessment and retrofitting of buildings” (CEN 2005a), which was 
the first fully and explicitly performance- and displacement-based seismic code in 
Europe and has formed the basis for the seismic design and assessment part of the 
fib Model Code 2010. As these two important documents will be a natural basis for 
the upcoming revision of the most important parts of Eurocode 8 (CEN 2004a, 
2005a, b), they are the subject of the present paper, which attempts to provide some 
insight into their rationale, shed light onto their background and look for indications 
about where they may lead in the near future. 


7.3 Performance-Based Earthquake Engineering 


Traditionally, structural design codes have been the responsibility of Public 
Authorities, with public safety as the compelling consideration. Accordingly, 
traditional seismic design codes aim at protecting human life by preventing local 
or global collapse under a single level of earthquake. The no-(local-)collapse 
requirement normally refers to a rare seismic action, termed “design seismic 
action”. In most present-day codes the “design seismic action” for ordinary struc- 
tures has a 10 % probability to be exceeded in a conventional working life of 
50 years (i.e., a mean return period of 475 years). 
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As early as the 1960s the international earthquake engineering community was 
aware of the property loss and other economic consequences due to frequent 
seismic events. Recognizing that it is not feasible to avoid damage under very 
strong earthquakes, the Structural Engineers Association of California (SEAOC) 
adopted in its 1968 recommendations for seismic design the requirements below: 

“Structures should, in general, be able to: 


. Resist a minor level of earthquake ground motion without damage. 

. Resist a moderate level of earthquake ground motion without structural damage, 
but possibly experience some nonstructural damage. 

3. Resist a major level of earthquake ground motion having an intensity equal to 

the strongest either experienced or forecast for the building site, without col- 

lapse, but possibly with some structural as well as nonstructural damage.” 


Noe 


Major earthquakes that hit developed countries in the second half of the 1980s 
and the first half of the 1990s caused relatively few casualties but very large damage 
to property and economic loss. “Performance-based earthquake engineering” 
emerged, in response, in the SEAOC Vision 2000 document and developed into 
the single most important idea of late for seismic design or retrofitting of buildings 
(SEAOC 1995). 

"Performance-based engineering" in general focuses on the ends; notably on the 
ability of the engineered facility to fulfill its intended purpose, taking into account 
the consequences of failure to meet it. Present-day design codes, by contrast, are 
process-oriented, emphasizing the means, namely prescriptive, handy, but opaque 
design rules, that disguise the pursuit of satisfactory performance. Such rules have 
developed over time into a convenient means to provide safe-sided, yet economical 
solutions for common combinations of structural layout, dimensions and materials. 
They leave limited room to judgment and creativity in conceptual design and do not 
lend themselves for innovation that benefits from new advances in technology or 
materials. 

“Performance-based earthquake engineering" in particular aims to optimize the 
utility from the use of a facility by minimizing its expected total cost, including the 
short-term cost of the work and the expected value of the loss in future earthquakes 
(in terms of casualties, cost of repair or replacement, loss of use, etc.). In general, it 
should account for all possible future seismic events and their annual probability, 
carry out a convolution with the corresponding consequences during the working 
life of the facility and minimize the expected total cost. However, this is not a 
practical design approach. So, present-day “performance-based seismic design" 
just replaces the traditional single-tier design against life-threatening collapse and 
its prescriptive rules with transparent multi-tier seismic design or assessment, 
meeting more than one discrete “performance levels", each one under a different 
seismic event, identified through its annual probability of being exceeded (the 
"seismic hazard level"). Each "performance level" is identified with a physical 
condition of the facility and its possible consequences (likely casualties, injuries 
and property loss, continued functionality, cost and feasibility of repair, expected 
length of disruption of use, cost of relocation, etc., see Table 7.1 for the example of 
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Table 7.1 Seismic performance Limit States and associated seismic hazard levels for ordinary 
facilities and member compliance criteria: the case of fib MC2010 ( fib 2012) 


Limit State 


Operational 
(OP) SLS 


Immediate Use 
(IU) SLS 


Life Safety 


(LS) ULS 


Near-Collapse 
(NC) ULS 


Facility operation 


Continued use; any 


nonstructural 
damage is 
repaired later 


Safe; temporary 
interruption of 
normal use 


Only emergency or 


temporary use 
but unsafe for 
normal; no 
threat to life 


during the earth- 


quake; repair 


feasible, possi- 
bly uneconomic 


Unsafe for emer- 
gency use; life 


safety during the 


earthquake 


mostly ensured, 


but not 


guaranteed (fall- 


ing debris 
hazard) 


Deformation 
limits in 
Structural condition MC2010 
No structural Mean value of 
damage yield 
deformation 


Mean value of 
yield defor- 
mation may 
be exceeded 


Light structural 
damage 
(localised bar 
yielding, con- 
crete cracking or 
spalling) 2 

Serious structural Safety factor, 


damage, but far Y*g, of 1.35 
from collapse; against the 
sufficient capac- lower 5 %- 


fractile of 
plastic rota- 
tion capacity 


ity for gravity 
loads; adequate 
seismic strength 
and stiffness for 
life safety till 
repair 

Heavy structural 
damage, at the 
verge of col- 
lapse; strength 


Lower 5 %- 
fractile of 
plastic rota- 
tion capacity 


barely sufficient may be 
for gravity loads, reached 
but not for (y*g — 1) 
aftershocks 


by a factor of 


Seismic action 
per MC2010 


Frequent: ^70 96 
probability 
of been 
exceeded in 
service life 

Occasional: 
~40 % prob- 
ability of 
been 
exceeded in 
service life 

Rare: 10 % 
probability 
of been 
exceeded in 
service life 


Very rare: 2— 
5 % proba- 
bility of been 
exceeded in 
service life 


fib Model Code 2010). The “performance objective” is then a requirement to meet a 
set of “performance levels" under the associated “seismic hazard level". A four-tier 
“performance objective” similar to the one reflected in the first three and the last 
column of Table 7.1 was introduced for ordinary buildings by the Vision 2000 
document (SEAOC 1995); it has served ever since as the basis for “Performance- 


based earthquake engineering". 


7.3  Displacement-Based Seismic Design or Assessment 


The earthquake is a dynamic action, introducing to the structure a certain energy 
input and imposing certain displacement and deformation demands, but not specific 
forces. The forces are generated by the structure in response to the seismic 
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displacements and depend on its resistance. It is the deformations that make a 
structural member lose its lateral load resistance and it is the lateral displacements 
(not the lateral forces) that cause a structure to collapse in an earthquake under its 
own weight due to second-order (P-A) effects. So, deformations and displacements 
represent a much more rational basis than forces for the seismic design, assessment 
or retrofitting of structures. For this reason, displacement-based seismic design has 
been proposed by Moehle (1992) and Priestley (1993) as a more rational alternative 
to the traditional forced-based design approach. 

For new structures, procedures for direct dimensioning of RC members on the 
basis of given deformation demands were not available early on; hence in 
displacement-based design, dimensioning of new members has often been reduced 
to familiar force-based dimensioning (Priestley et al. 2007). In seismic assessment, 
though, which is an analysis rather than a synthesis problem, the deformation 
capacities of members can be easily computed for given dimensions, material 
properties and reinforcement. So, seismic assessment of existing structures pro- 
vides better grounds than the design of new ones for deformation- and 
displacement-based verification. Retrofitting interventions may also be conceived 
as a means to reduce the seismic deformation demands on the existing members 
below their current deformation capacities. For these reasons, a holistic displace- 
ment- and performance-based approach was first introduced in seismic assessment, 
not in design, through the pioneering “NEHRP guidelines for the seismic rehabil- 
itation of buildings" (ATC 1997), which soon became the reference for 
displacement-based seismic assessment and developed fairly recently into an 
ASCE Standard (ASCE 2007). 


7.4 Performance- and Displacement-Based Seismic 
Assessment of Existing Buildings in Part 3 
of EN-Eurocode 8 


7.4.1 The Context 


Part 3 of EN-Eurocode 8 (CEN 2005a, 2009) broke completely with its force-based 
predecessor for existing buildings (CEN 1996) and its companion for new ones 
(CEN 20042) and developed in the footsteps of (ATC 1997) into a full-fledged 
performance- and displacement-based seismic standard for existing buildings — the 
first one in Europe and the only one in the suite of 58 EN-Eurocodes of the first 
generation which deals with existing structures. 

Unlike all other EN-Eurocodes, which apply to all structures within their scope, 
namely to all new ones, Part 3 of EN-Eurocode 8 does not apply to all existing 
buildings, but only to the ones which their owner or competent Authorities decide to 
seismically assess and retrofit. Part 3 of EN-Eurocode 8 addresses only the struc- 
tural aspects of seismic assessment and retrofitting and will apply once the 
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requirement to assess a particular building has been established. The conditions 
under which seismic assessment of individual buildings — possibly leading to 
retrofitting — may be required are beyond its scope. The initiative for seismic 
assessment and retrofitting lies with the owner, unless a national or local program 
is undertaken for seismic risk mitigation through seismic assessment and 
retrofitting. The differentiation between “active” and “passive” seismic assessment 
and retrofitting programs should be noted in this respect. “Active” programs may 
require owners of certain categories of buildings to meet specific deadlines for the 
completion of the seismic assessment and — depending on its outcome — of the 
retrofitting. The categories of buildings to be targeted may depend on the seismicity 
and ground conditions, the importance class and occupancy and the perceived 
vulnerability of the building (as influenced by the type of material and construction, 
the number of storeys, the date of construction relative to those of older code 
enforcement, etc.). "Passive" programs associate seismic assessment — possibly 
leading to retrofitting — with other events or activities related to the use of the 
building and its continuity, such as a change in use that increases occupancy or 
importance class, remodelling above certain limits (as a percentage of the building 
area or of the total building value), repair of damage after an earthquake, etc. The 
choice of Performance levels — “Limit States" in (CEN 2004a) — to be checked, as 
well as the return periods of the seismic action ascribed to them, may depend on the 
adopted program for assessment and retrofitting, which is more stringent in “pas- 
sive" programs than in “active” ones. For example, in “passive” programs triggered 
by remodelling, the requirements may escalate as the extent and cost of the 
remodelling increases. 


7.4.0 Performance Objectives 


Part 3 of Eurocode 8 introduces three “performance levels", called “Limit States": 


* "Damage Limitation" (DL), similar to "Immediate Occupancy" in (SEAOC 
1995; ATC 1997; ASCE 2007) and the first Limit State in Table 7.1. 

* "Significant Damage" (SD), which corresponds to "Life Safety" in (SEAOC 
1995; ATC 1997; ASCE 2007), to the third Limit State in Table 7.1 and to the 
(local-)collapse prevention requirement which applies to new buildings per Part 
1 of EN-Eurocode 8 (CEN 20042). 

* "Near Collapse" (NC), similar to “Collapse Prevention" in (SEAOC 1995), 
(ATC 1997) or (ASCE 2007) and the third Limit State in Table 7.1. 


In line with the policy of EN-Eurocodes to allow decision at national level 
regarding all safety-related issues, the "Seismic Hazard" levels for which the 
three "Limit States" above are to be met are Nationally-Determined-Parameters 
(NDPs) specified by National Authorities. National Authorities may also specify 
whether all three “Limit States" shall be met under the corresponding “Seismic 
Hazard" level, or whether verification of just one or two of them at the 
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corresponding “Seismic Hazard” levels suffices. National Authorities may choose 
these levels so that the number of buildings that need retrofitting is acceptable to 
society and the national economy and/or retrofitting is not economically prohibi- 
tive, increasing the chances that owners will retrofit deficient property at their own 
initiative. 


7.4.3 Compliance Criteria 


A distinction is made in Part 3 of Eurocode 8 between “primary” and “secondary” 
structural elements, depending on their role and importance in the lateral-force- 
resisting system. There is no restriction on the number of “secondary” elements or 
their collective contribution to the total lateral resistance or stiffness. More relaxed 
compliance criteria apply for them. So the engineer may designate elements of the 
existing or the retrofitted building as “secondary”, depending on the outcome of the 
verifications and his/her judgment on the importance of these elements. What 
he/she may not do is to deliberately choose the plan- or heightwise distribution of 
"secondary" elements to change the classification of the structural system from 
irregular to regular (which in turn determines the method of analysis allowed). 

A distinction is also made between “ductile” and “brittle” mechanisms: for RC 
members and joints, flexure (with or without axial load) or shear, respectively. 
Verifications and compliance criteria of “ductile” mechanisms are expressed in 
terms of deformations; "brittle" ones are checked in terms of forces. 

Local material failure (even a bar rupture) does not constitute by itself member 
failure under seismic loading: the member is considered to have failed if it has lost a 
good part of its force resistance owing to gradual accumulation of local material 
failures during cyclic loading. Loss of resistance takes place in flexural plastic 
hinges forming under seismic loading at member ends. Following proposals by 
Fardis (1998, 2001) and Fardis et al. (2003), compliance of RC members in flexure 
is checked using the chord-rotation, 0, at the two ends of the member as the relevant 
deformation measure (or, its plastic part, which is equivalent to the plastic hinge 
rotation, 6,1). Recall that the chord rotation at a member end is the angle between 
the normal to the member section there and the chord connecting the two member 
ends in the deformed configuration; in the elastic regime the chord rotations at 
member ends A and B, 04 and 0g, determine alone the two bending moments MA 
and Mg through the member stiffness matrix. 

For the three Limit States mentioned above, Annex A of Eurocode 8-Part 
3 specifies for RC members the performance requirements in Table 7.2. 


* Atthe “Damage Limitation" (DL) Limit State, ductile mechanisms are required 
to remain elastic (below yielding). 

* Atthe other extreme, the “Near Collapse" (NC) Limit State, ductile elements are 
allowed to reach their ultimate deformation capacity (its expected value for 
"secondary" elements, mean-minus-standard deviation for “primary” ones). 
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Table 7.2. Compliance criteria for assessment/retrofitting of RC members in Eurocode 8-Part 3 


Significant damage Near collapse 


Mechanism Member Damage limitation (DL) (SD) (NC) 
Flexure Primary Mg” < mM,” or On < 0.750um-o° gy < bims 
(ductile) ^ Secondary — 0i <0,” Og «0350, — 8g < Om 


Shear (brittle) Primary Vg or Vep © < Verano”, Vg or Vep 9 < Vga.Ecs/ 1.15; joints: 
Vcp < Vnaj cs! ) 
Secondary Vg or VcpO? < Venn”, Vg or Vcp? < VRm.EC8 e» joints: 
Vcp € VRmj Ecs 


(1) Mg, 0g: moment or chord-rotation demand from the analysis 
(2) My, 0y: chord-rotation at yielding per Sect. 7.4.4.2 
(3) 0, 4.5; Mean-minus-standard deviation chord-rotation supply: 

* Oum-c = 9um/1.7 for Ou m from Option 1 in Sect. 7.4.5.1, Ou m-s = 0.4/2 for Option 2; 

* Oum-c = 9um/1.5 with 0, from Eq. (7.5a) and 04.5 = 0, + OP m/l .8 with 0, per Sect. 7.4.4.2 
(points 1-3) and O'am from Eq. (7.5b) (for poor detailing and/or lap-splicing, Ou m, gon are 
modified per Sect. 7.4.5.2 — points 1, 2 or 3, 4, respectively; 0, is amended for lap splices per 
Sect. 7.4.4.2 points a, b) 

(4) um: mean chord-rotation supply per (3) above, or 0, = 0y + Pos with 8y, P'am according to 
(3) above 

(5) Ve, Vep: shear force demand from analysis per Sect. 7.4.4.3 or from capacity design per 
Sect. 7.4.4.4, respectively 

(6) Vna gc2: shear resistance before flexural yielding for monotonic loading per Eurocode 2 (CEN 
2004b), using design material strengths (mean divided by partial factor of material) 

(7) Vna;gcs: cyclic shear resistance in plastic hinge after flexural yielding per EN1998-3, from 
Eqs. (7.8, 7.9, 7.10a, 7.10b and 7.11), with design material strengths (mean divided by partial 


factor) 
(8) Vnaj.gcs: shear resistance of joints per EN1998-1 (CEN 2004a) 
(9) As in (6)-(8) above, but using mean material strengths 


* Atthe "Significant Damage" (SD) Limit State, the deformations (chord rotations 
at member ends) of “ductile” elements are limited to 75 96 of the deformation 
limit above in the “Near Collapse" (NC) level. 


Force demands on “brittle” mechanisms are required to remain below their force 
resistance at all Limit States. The value of force resistance of "primary" elements 
used in this verification is computed applying appropriate partial safety factors on 
the characteristic material strengths; the values of these factors depend also on the 
level of available knowledge for the existing structure. For "secondary" elements, 
the force resistance is computed without partial safety factors on the characteristic 
material strengths. 

The ultimate chord rotation, 0,, or plastic hinge rotation, er. under cyclic 
loading is conventionally identified with a 20 %-drop in moment resistance; in 
other words, increasing the imposed deformation beyond @, or 6", cannot increase 
the moment resistance above 80 % of its maximum ever value. 

Annex A to Part 3 of Eurocode 8 (CEN 2005a, 2009) gives expressions and rules 
for the calculation of the mean value of the chord rotation at yielding, Oy, or at 
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ultimate, 0, m, highlighted in Sects. 7.4.4.2 and 7.4.5, respectively. The cyclic shear 
resistance after flexural yielding, Vg Ecg, is also given in Annex A to Part 3 of 
Eurocode 8, to supplement the relevant rules in Eurocode 2 that address only the 
shear resistance in monotonic loading, Vg gc», and do not reflect the reduction of 
shear resistance with increasing cyclic ductility demands. Outside flexural plastic 
hinges the shear force resistance, Vg, is determined per Eurocode 2 (CEN 2004b), 
as for monotonic loading. The special rules for Vp in flexural plastic hinges under 
cyclic loading are highlighted in Sect. 7.4.6. 

Deformation action effects, Og or P'e, are determined via nonlinear analysis for 
the applicable seismic action combined with the quasi-permanent gravity loads, or 
— under certain conditions — via linear analysis (see Sect. 7.4.4.4). Shear force 
action effects, Vg, are computed by nonlinear analysis for the combination of the 
applicable seismic action and the quasi-permanent gravity loads, or, if linear 
analysis is used, by capacity design calculations (see Sect. 7.4.4.4). 


7.4.4 Analysis for the Determination of Seismic Action 
Effects 


7.4.4.1 General Principles 


The prime objective of a seismic analysis carried out for the purposes of 
displacement-based assessment or retrofitting is to estimate the inelastic seismic 
deformation demands, which are compared to the corresponding deformation 
capacities. To meet this goal, the structural analysis model should use realistic 
values of member elastic stiffness. This aspect is more important than the sophis- 
tication and refinement of the structural model. If anything, possible miss- 
estimations of the elastic stiffness should be on the safe-side: it is better from this 
point of view to underestimate the stiffness than to overestimate it. 

Another important point is that, if calculated with member stiffness values 
representative of elastic response up to yielding, the fundamental period of a 
concrete structure normally comes out longer than the corner period between the 
acceleration- and the velocity-controlled ranges of the spectrum, Tc. Therefore, the 
“equal displacement” rule applies well on average, at least to a Single-Degree-of- 
Freedom (SDoF) approximation of concrete structures: their global inelastic dis- 
placement demand may be estimated by linear elastic analysis for 5 % damping. 

Any analysis, linear or nonlinear, should be based on mean values of material 
properties, as inferred from the documentation of the as-built structure, combined 
with in-situ measurements. For new materials, added for retrofitting, the mean 
strength is higher than the nominal values: according to Eurocode 2, for concrete 
fcm exceeds fox by 8 MPa; concerning steel, fym is in the order of 1.15f,,. 

Sections 7.4.4.2 and 7.4.4.4 elaborate further the points raised in the first two 
paragraphs, in the context of Part 3 of Eurocode 8. 


7 From Performance- and Displacement-Based Assessment of Existing Buildings. . . 237 


7.4.4.2 Effective Elastic Stiffness for the Analysis 


In force- and strength-based seismic design of new structures according to present 
day codes, it is safe-sided to overestimate the effective stiffness, as the computed 
natural periods are reduced and the resulting spectral accelerations and design 
forces increase. Eurocode 8 recommends in Part 1 (CEN 2004a) to use for RC 
members 50 % of the uncracked gross section stiffness, (EI).. On average, this still 
is about double the experimental secant stiffness at yielding. An overestimated 
effective stiffness and the ensuing reduction of natural periods underestimate the 
spectral displacements and seismic deformation demands and is unsafe in the 
context of displacement-based seismic design or assessment with direct verification 
of member deformation capacities against deformation demands. So, the model for 
the analysis should use realistic values of the effective cracked stiffness of concrete 
members at yielding, accounting for all sources of flexibility: 


* fully cracked sections should be used for members expected to yield at the Limit 
State considered, without tension stiffening (which is diminished by load 
cycling), and 

* the fixed-end-rotation of the member's end section due to slippage of longitudi- 
nal bars from their anchorage zone outside the member (in a joint or the 
foundation) should be taken into account, as per Fig. 7.1 and Eq. (7.2): 


PdbLOs 
87; 


stip = (7. 1) 


where: 


— q is the curvature at the end section and o, the stress in the tension bars there, 
— dp, is the tension bars’ mean diameter and T, the mean bond stress along their 
straight anchorage length outside the member length. 


At yielding of the end section, g and o, may be taken in Eq. (7.2) equal to their 
yield values, py and fy; along ribbed bars t, (in MPa) may be taken equal to 
YF. (MPa) (Biskinis and Fardis 2004, 20102). The value of 0j, at yielding at the 
end section is denoted by Oi, y. 

For members which yield at the limit state of interest, the analysis should use as 
effective elastic stiffness, E7.r, the secant stiffness to the yield-point. According to 
Part 3 of Eurocode 8, in prismatic RC members (including slender walls) which 
may yield at one or both ends where the member frames into another component or 
in the foundation, the secant stiffness to yield-point of the full member between its 
two ends may be estimated as proposed by Fardis (1998, 2001) and Fardis 
et al. (2003): 
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Fig. 7.1 Fixed-end- Lo 
rotation due to bar slippage - 
from a joint 


bar tensile stress 


M,L; 


Bier 35 
y 


(7.2) 


where M, is the yield moment from section analysis with linear o-e laws until the 
tension bars yield (over one-third of the tension zone in circular columns), or a 
certain strain limit is exceeded by concrete (Biskinis and Fardis 2010a, 2013a, b); 
0, is the chord rotation at yielding, calculated as highlighted below; Ls = M/V is the 
shear span at the yielding end section under seismic loading. In a beam, L, may be 
taken as one-half of the clear length between columns; in a column, as one-half the 
clear height between beams in the plane of bending; the same for a bridge pier 
column fixed at the top against rotation in the plane of bending. In the strong 
direction of a building wall, the value of L, in a storey is about one-half the height 
from the wall base in the storey to the top of the wall. In members cantilevering in 
the plane of bending, L, is the member clear length. For asymmetric section and/or 
reinforcement, the mean value of E/.¢¢ for positive and negative bending should be 
used. For walls or cantilevering members, the Eleț value at the base section should 
be used; in all other cases the average E/.r-value at the two member ends applies. 

According to Biskinis and Fardis (2010a, 2013a), the value of 0, to be used in 
Eq. (7.2) as well as in the verification of the DL Limit State, is the sum of: 


l. a flexural component, equal to gy(L,+2z)/3 if ribbed bars are used and 
45?-cracking of the member precedes flexural yielding of its end section (see 
Fig. 7.2), or to pyL,/3 otherwise; 45?-cracking near the member end precedes 
flexural yielding if the shear force at flexural yielding, M,/L,, exceeds the shear 
resistance without shear reinforcement per Eurocode 2; 

2. a shear deformation, about equal to 0.0014(1 + 1.5 A/L,) in beams or rectangular 
columns, 0.0027max[0; 1 — L,/(7.5D)] in circular piers or columns, or 0.0013 in 
rectangular, T-, H- or U-walls and hollow rectangular members — where A or D is 
the full section depth; and 

3. the fixed-end-rotation due to the slippage of longitudinal bars from the anchor- 
age past the member length, obtained as Osip, from Eq. (7.1) for p= Py, o, = fy. 


The above have been adopted in Part 3 of Eurocode 8 for the calculation of 0, of 
beams, rectangular columns or walls and non-rectangular walls. Note that, in the 
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Fig. 7.2 Definition of 
chord rotation, 0, at the base 
of a cantilever column; 
effect of “tension shift" due 
to diagonal cracking on 
distribution of flexural 
deformations along the 
column 


light of more recent data, better overall agreement for rectangular or 
non-rectangular walls and hollow rectangular members is obtained, if the constant 
term 0.0013 in point 2 is replaced by 0.0007[1 + (4/3)h/L,] (cf. (a) and (b) in 
Fig. 7.4). 

At the end sections of T- or L-beams, slab bars parallel to the beam and within an 
effective slab width, beg, count as longitudinal reinforcement of the beam end 
section, provided they are well-anchored past it. Part 1 of Eurocode 8 (CEN 2004a) 
specifies an unrealistically small size of begs, intended for safe-sided design. A 
realistic estimate is 25 % of the beam span or the mid-distance to the adjacent 
parallel beam, whichever is smaller, on each side of the beam web. 

Figures 7.3, 7.4 and 7.5 compare the predictions from this Section's approach to 
the dataset used for their calibration (Biskinis and Fardis 2010a, 2013a). Their 
captions give also the Coefficient of Variation (CoV) of the test-to-prediction ratio 
of Elsp to be compared in Fig. 7.9 with that for the empirical prediction per 
Eq. (7.14). Not included in this database, nor in Fig. 7.3, are columns with smooth 
bars (common in old buildings). 

Lap splices at floor levels are common. Tests of 92 such columns with ribbed 
(deformed) bars and another 36 with smooth bars show certain effects of 
lap-splicing (Biskinis and Fardis 20102), taken into account in Eurocode 8, Part 3: 


(a) Both bars in a pair of lapped bars in compression count fully in the compression 
reinforcement ratio. This positive effect refers to My, «y, Oy, as well to all 
properties at ultimate deformation (see Sect. 7.4.5.2); 


y? 


240 M.N. Fardis 


a 35 b 600 
E] 
34 
500:7 median: 
(M,L/30,)exp =Myls/30))pr 
25 Ny 
median: a (400 4 
2- Əy,exp= 1-010; prea Z 
~ 
= = 300 4 
e 2 
215 4 $ 
x A 
3 p 
P e 
e Q, 200 + 
14 a 
= LA 
05 4 100] a W^" 
rect. beams / columns 3 tect beams / columns 
9 0 
0 0.5 1 15 2 25 3 3.5 0 100 200 300 400 500 600 
2 
9y pred (96) (MyL./3®y)prea (MNM?) 


Fig. 7.3 Rectangular beams/columns: (a) experimental chord rotation at flexural yielding, Oy, v 
predictions per (Biskinis and Fardis 2010a; CEN 2005a, 2009; fib 2012) in 1,674 tests; (b) 
experimental secant stiffness to yield point, El.p, v result of Eq. (7.2) in 1,637 tests - CoV 32 96 


(b) In the calculation of the properties (My, Py, Oy, etc), the yield stress, fs of 
lap-spliced ribbed tension bars with mean diameter dy, is multiplied by 
lo/loy, min, Where lo is the lapping and loy, min is given by Eq. (7.3), if lo is less 
than [oy min: 


0.3dyf, 


loy, min LI E 


(c) The full yield stress may be used for hooked smooth tension bars lapped over at 
least 15d, (there are no data for shorter lapping). If the lapped ends of the bars 
are straight without hooks, (b) above applies, with 50 % longer ly min- 


(f,.f.in MPa) (73) 


7.4.4.3 Nonlinear Analysis 


Nonlinear analysis is the reference analysis method in Part 3 of Eurocode 8, appli- 
cable to all cases. Although nonlinear dynamic (response-history) analysis, with 
solution of the equations of motion in the time-domain, is included, the emphasis is 
placed on nonlinear static (“pushover”) analysis. 

Part 3 of Eurocode 8 requires two lateral load patterns in “pushover analysis": 
one produced by uniform lateral accelerations; the other from first-mode ones, 
which is taken as heightwise linear as in linear static (lateral force) analysis, if 
such analysis is applicable, or from eigenvalue analysis, if it is not. It adopts the N2 
procedure (Fajfar 2000), summarised in an Informative Annex to Part 1 of 
Eurocode 8 (CEN 20042). For a fundamental period in the direction of pushover 
analysis, Tı, longer than the corner period Tc (see Sect. 7.5.1), the target 
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Fig. 7.4 Dataset of 520 rectangular, T-, H- or U-walls or hollow rectangular members: (a), (b) 
experimental v predicted chord rotation at flexural yielding, 0y; (c), (d) experimental secant 
stiffness to yield point, E/,g, v result of Eq. (7.2); (a), (c): prediction of 0, per Sect. 7.4.4.2 
(Biskinis and Fardis 2010a; CEN 2005a, 2009; fib 2012); (b), (d): prediction of 60, per Sect. 7.4.4.2 
with constant term 0.0013 replaced by 0.0007[1 +4 h/(3L,)]; CoV 43 96 in (c), 41 96 in (d) 


displacement is equal to the elastic spectral one for 5 % damping; for shorter 
periods, the elastic displacement is multiplied by w=1+(q—1)TC/T, (Vidic 
et al 1994), where the available value of the behaviour factor q may be taken 
equal to the ratio of the elastic base shear to the one corresponding to a plastic 
mechanism, i.e., the lateral force resistance of the building. As we will see in 
Sect. 7.5.3, apart from nonlinear dynamic analysis, this multiplication is the only 
departure from the “equal displacement rule" in Part 3 of Eurocode 8. 

Nonlinear analysis should use the E/.--value from Eq. (7.2) as member elastic 
stiffness, except possibly in members confirmed to stay uncracked under the 
seismic action considered. Viscous damping equal to 5 % of critical is used, to 
model energy dissipation until member yielding. 
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Fig. 7.5 Dataset of 291 circular columns: (a) experimental chord rotation at flexural yielding, 6, 
vs. predictions per (Biskinis and Fardis 2013a; fib 2012); (b) experimental secant stiffness to yield 
point, Eley, vs. prediction from Eq. (7.2) — CoV: 31 96; (c) detail of (b) 


Linear models may be used for those structural components expected — and 
confirmed — to stay in the elastic domain for the seismic action of interest. 
Nonlinear modeling may then be limited to the rest. Nonlinear models of 1D 
members (including slender walls) should, as a minimum, employ a nonlinear 
moment-rotation relation for any flexural plastic hinge that may form at an end 
where the member frames into another component; if bending is mainly within a 
single plane, a uniaxial moment-rotation relation in that plane is sufficient. 

As a minimum, nonlinear member models should use a bilinear generalised 
force-deformation (e.g. moment-rotation) law in primary (i.e. monotonic) loading: 


* positive post-yield stiffness (due to strain-hardening) may be neglected; elastic- 
perfectly plastic behaviour may be assumed instead. 

* significant post-yield softening due to strong strength degradation with cycling 
should be included via negative post-yield stiffness; however the normal reduc- 
tion in resistance after ultimate strength may be neglected (after all, at the end of 
a design or a successful assessment-cum-retrofitting, brittle mechanisms are 
normally verified to remain elastic and ductile ones to have a margin against 
ultimate deformation — after which the drop in resistance is significant). 


The requirement on hysteresis rules to be used in nonlinear response-history 
analysis is just to reflect realistically the post-yield energy dissipation in the range 
of displacement amplitudes expected. 

Unlike linear elastic analysis described next, which may be relied upon, under 
certain conditions, to estimate seismic deformation but not internal force demands, 
nonlinear analysis may be used to determine all types of seismic action effects. 


7.4.4.4 Linear Analysis for the Calculation of Seismic Deformations 


Member seismic inelastic deformations may be determined from linear analysis 
with 5 % damping, provided that they are not concentrated at certain parts (e.g., at 
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one side of the building in plan, in one or few storeys, etc.) but are spread fairly 
uniformly throughout the structure. This potential of linear analysis under such 
conditions is supported by several studies (e.g., Panagiotakos and Fardis 19994, b, 
Kosmopoulos and Fardis 2007 for concrete buildings; Bardakis and Fardis 2011b, 
for concrete bridges with monolithic deck-pier connections). The nonlinear 
moment-deformation relations at member ends may be used then to determine the 
end moments from the inelastic flexural deformations estimated with linear analy- 
sis; shear forces are calculated from these moments by equilibrium. 

A convenient way to check whether inelastic deformation demands are indeed 
uniformly distributed, without carrying out a nonlinear seismic analysis just for that 
purpose, is by looking at the spatial distribution of the ratio of the moment from 
linear analysis, Mg, at member end sections to the corresponding moment resis- 
tance, Mg (the Mg/Mg-ratio is an approximation to the chord-rotation ductility 
ratio). Part 3 of Eurocode 8 recommends a range of 2.5 between the maximum 
and the minimum values of Mg/Mg over all end sections in a building where plastic 
hinges may form (i.e., those sections where Mg > Mg and plastic hinging at column 
or beam ends around a joint is not prevented by their higher aggregate moment 
resistance, X} Mre, )Mpp, compared to the beam or column ends, respectively). 

If linear seismic analysis is allowed and adopted for the estimation of inelastic 
deformations, linear response-history analysis with 5 % damping — carried out 
simultaneously for all seismic action components of interest, or separately for 
each one and superposition of the results — is an option. However, as only the 
maximum values of these deformations are of interest, the method of choice is 
modal response spectrum analysis with the 5 %-damped elastic response spectrum, 
according to the rules set out in Part 1 of Eurocode 8 (CEN 2004a): total effective 
modal mass of the included modes at least 90 % of the total mass along any seismic 
action component considered; combination of peak modal deformations via the 
Complete-Quadratic-Combination (CQC) rule (Wilson et al 1981); peak values of 
seismic deformations due to separate application of the concurrent seismic action 
components combined via the Square Root of Sum of Squares (SRSS) rule, or its 
linear approximation in proportion 1: 0.3: 0.3 (Smebby and Der Kiureghian 1985). 
The values and signs of other action effects (e.g. the column deformation in the 
orthogonal direction), expected to take place concurrently with the peak value of 
the action effect obtained via the SRSS rule, may be obtained from probability- 
based models (Gupta and Singh 1977; Fardis 2009). 

Under conditions set out in Part 1 of Eurocode 8 (CEN 20042) and summarised 
below, modal response spectrum analysis may be simplified into separate linear 
static analyses under "equivalent" forces in the direction of each relevant seismic 
action component, with the structure taken as a SDoF having the period of the 
dominant mode, 7), in that direction. This simplification may not be made in only 
one of the two horizontal directions, but may be applied to the vertical alone. For 
buildings with more than two storeys and period T| less than 27¢, the resultant 
"equivalent" force along the seismic action component of interest may be reduced 
by 15 96 over the product of the elastic response spectral acceleration at T; and the 
total mass, to account for the smaller effective modal mass of the first mode. 
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“Equivalent static” analysis is allowed under the conditions set out for new 
buildings in Part 1 of Eurocode 8: 


(a) No significant heightwise irregularity in geometry, mass and lateral stiffness or 
storey strength. 
(b) T, <2 sec, Ti € 4Tc. 


Linear analysis carried out to estimate the seismic deformation demands over- 
estimates the internal forces. Nonlinear moment-deformation relations may be used 
in that case to compute the moments at member ends from the linearly estimated 
chord rotations; the shear forces in a component are computed then from equilib- 
rium with the moments delivered to it at its connections to the rest of the structure. 
For simplification, these moments may be obtained from the moment capacities of 
the critical plastic hinges (multiplied by a “confidence factor" greater than 1.0, 
which depends on the amount and reliability of the information available or 
collected about the as-built structure), but not to exceed the moments from the 
linear analysis. Around beam-column joints, the plastic hinges are taken to form at 
the faces of the joint where the aggregately weaker elements frame (e.g., in the 
beams of a weak beam/strong column frame); the moments at the face of the 
non-hinging elements are estimated from moment equilibrium, as in "capacity 
design" of concrete beams or columns in shear per Part 1 of Eurocode 8 (CEN 
2004a). 


7.4.5 Cyclic Plastic (Chord) Rotation Capacity 
for Verification of Flexural Deformations 


7.4.5.1 “Physical Model” Using Curvatures and Plastic Hinge Length 


Annex A to Part 3 of Eurocode 8 includes a “physical” model for the expected 
(mean) value of the plastic part of the ultimate chord rotation at a member end, for 
use in the verification of flexural deformations at the “Significant Damage” and 
“Near Collapse” Limit States summarised in Table 7.1. It is a classical plastic hinge 
model, which assumes that, after yielding, the plastic part of the curvature is 
uniform within a finite “plastic hinge length", L,), from the end section: 


0" = (Pu — o,)Lpi ( E ) (7.4) 


where Ls = M/V is the shear span at the member end and pu, @y are the ultimate and 
the yield curvature, respectively, of the end section, from section analysis, using: 


e for @y: linear o-e laws, until yielding of the tension or the compression chord; 
* for gy: a bilinear o-e diagram for the reinforcement with or without linear strain- 
hardening; a parabolic-rectangular one for the concrete in compression. 
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Fig. 7.6 Experimental ultimate chord rotation in cyclic flexure in 1,125 cyclic tests vs result of 
Eq. (7.4a), using the expressions for “plastic hinge length", Lpı, in (CEN 2005a) for confinement: 
(a) per (CEN 2004b; CEB 1991) — Option 1; (b) per (CEN 20053) — Option 2 


For the ultimate strain of reinforcing steel, €,,, the 10 %-fractile limits in Annex 
C to Eurocode 2 are accepted in the calculation of gy: 2.5, 5, 6 % for steel class A, 
B, C. For the concrete and its confined core after spalling there are two options: 


1. the Eurocode 2 model, taken from the CEB/FIP Model Code 90 (CEB 1991); 

2. the strength model by Newman and Newman (1971), supplemented with a 
model for the ultimate strain, ecu, specifically fitted for the purposes of Part 
3 of Eurocode 8 to the then available measurements of u in cyclic loading 
(starting from a value of 0.004 for the unconfined concrete cover). 


Option 1 underestimates the presently available test results by one-third in the 
median, whereas option 2 is almost unbiased. 

Empirical expressions (different for Options 1 or 2) for the "plastic hinge 
length", Ly, were fitted specifically for Part 3 of Eurocode 8 to the cyclic test 
results available then. They indirectly reflect the additional fixed-end rotation due 
to slippage of longitudinal bars from their anchorage in the joint or footing, 
including “yield penetration" in it. However, as shown in Fig. 7.6, they give large 
scatter (hence the large factors of 1.7 and 2 by which 0, = 0, + OP im is divided, in 
order to convert it to Oum-o, see footnote (3) in Table 7.2) and marked 
overestimation of the presently available cyclic test results. 
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7.4.5.2 Empirical Rotation Capacity: Sections with Rectangular Parts 


For well-detailed beams, rectangular columns or walls and members of T-, H-, U- 
or hollow rectangular section with continuous ribbed bars, (Biskinis and Fardis 
2010b) proposed empirical expressions for the expected value of the ultimate 
chord rotation at a member end under cyclic loading (total 0,,,, or plastic part, 
OP am = fuam — 9y). This option, Eqs. (7.5), is unbiased and has less scatter — hence 
model uncertainty — than the approach in Sect. 7.4.5.1. 


max (0.01; @2) | 0223 


2 
Oum = ag(1 — 0.42aw | 1 — aw nr | (0.37) |1 
Amas om ( a y Es (0.01; a) 


7 


L, 0.35 niis 
LC 3] 25 C77) 1 25109, (7.52) 


gr! = 


u,m 


max(0.01;a) 


0.3 
a! (1 — 0.44a,, ,) dere (0.25) f, (MPa)? e 


035 (s) 
Ls : 
min | 9:2 25N  / 1275190; (7.50) 


In Eqs. (7.5): 
— dy, ady are coefficients for the type of steel, with values: 


* For ductile steel: ag = 0.0158, a”, = 0.0143; 
e For brittle steel: ag = 0.0098, a”! „ = 0.007. 


— dw, iS a zero-one variable for rectangular walls: 


* awr= l for a rectangular wall, 
* dy, — 0 otherwise; 


— dw iS a Zero-one variable for non-rectangular sections: 


* dw — 1 fora T-, H-, U- or hollow rectangular section, 
* awn =Q for a rectangular one; 


— v=N/bhf., with b the width of the rectangular compression zone and N the axial 
force (N > 0 for compression); 

—- e —(pifyi +Pxfyv)/fe is the mechanical ratio of reinforcement in the entire 
tension zone (with 1 indexing the tension chord and v the web longitudinal bars); 

— 05-— p2fy2/f- is the mechanical reinforcement ratio of the compression zone; 

— LjJh- M/Vhis the shear-span-to-depth ratio at the section of maximum moment; 

— pais the steel ratio of any bars in each diagonal direction of the member; 
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Fig. 7.7 Cyclic ultimate chord rotation of members with rectangular, T-, H-, U- or hollow 
rectangular section vs. empirical predictions per Sect. 7.4.5.2: (a) 1125 tests of well detailed 
members with continuous ribbed bars vs. Eq. (7.5b); (b) 48 tests of members with poor detailing 
and continuous ribbed bars vs. Eq. (7.5a) modified per point 1; (c) 82 tests of members with poor 
detailing and lap-spliced ribbed bars vs. Eq. (7.5b) modified per point 3 and Eq. (7.7) 


— Ps=Agp/bsy is the ratio of confinement steel in the compression zone parallel to 
the plane of bending and the shear force; 
— ais the confinement effectiveness factor: 


a=(1 x) x) ER VG (7.6) 


boho 


with: 


* sp: centreline spacing of stirrups, 

¢ bo, ho: confined core dimensions to the centreline of the hoop; 

* b; centreline spacing of longitudinal bars (index: i) engaged by a stirrup 
corner or cross-tie along the perimeter of the section. 


Part 3 of Eurocode 8 (CEN 2005a, 2009) has adopted an earlier version of 
Eqs. (7.5a) and (7.5b), with coefficients a, m rounded up by about 1.3 % and 
a common reduction factor a, , and dy», for walls, rectangular or not, equal to 
0.375 in Eq. (7.5a) and 0.4 for Eq. (7.5b). 

The two versions of Eq. (7.5) are equivalent, as far as bias and scatter are 
concerned. The comparison of experimental to predicted values in Fig. 7.7a is 
indicative. A further comparison with Fig. 7.6 shows that they are superior to the 
more fundamental approach in Sect. 7.4.5.1. They also have a wider scope and 
are easier to extend, in the ways suggested in (Biskinis and Fardis 2010b) and 
adopted in Part 3 of Eurocode 8 (CEN 2005a, 2009): 


1. In members with continuous bars but poor detailing, not conforming to modern 
seismic design codes (e.g., with sparse, 90? -hooked ties), the confinement effect 
is neglected (ap, = 0 in the second term from the end) and 0, from Eq. (7.5a), 
Or OP in from Eq. (7.5b) is divided by 1.2 (see Fig. 7.7b). 
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2. If the bars are smooth but continuous, rule 1 above is modified to further reduce 
Oum from Eq. (7.5a) by 5 % (multiplication by 0.95/1.2 ~0.8) or PPh am from 
Eq. (7.5b) by 10 % (multiplied by 0.90/1.2 =0.75). With the increase of the 
number of tests from 34 — on which the rule was based (Biskinis and Fardis 
2010b) — to 46, no further reduction of 0,,, beyond rule 1 above seems 
necessary, while the reduction of OP in from Eq. (7.5b) should be limited to 
5 96 (i.e., it should be multiplied by 0.95/1.2 ~ 0.8). 

3. Equation 7.5b can be extended to members with ribbed bars lap-spliced over a 
length /, in the plastic hinge region (see Fig. 7.7c): 


* by applying rules (a) and (b) of Sect. 7.4.4.2 (at the end) in calculating 0y; 

* by applying the same rule (a) to œ (doubling it, if all compression bars are 
lapped); 

* by multiplying the outcome of Eq. (7.5b) for Us by lo/lou min. if lo is less 
than /oumin given by: 


dif, 
(1.05 + 14.5.2) a (f 


vofywofe in MPa) (7.7) 


loumin = 


where: 


— ps is the ratio of the transverse steel parallel to the plane of bending, and 


as = (1 — 0.5sy/b,)(1 — 0.554 / No) Mrestr / roc. (7.8) 


with: 


— Sh, bo, No, as defined for Eq. (7.6a), 
— Mot: total number of lapped bars along perimeter of the section and 
— Mestri number of lapped bars engaged by a stirrup corner or cross-tie. 


For smooth bars, with hooked ends lap-spliced over a length /, > 15d,, (CEN 
2009) reduces 0,» from rule 2 above by multiplying it with 0.019[10 + min(40; /,/ 
dy)] (which gives the reduction factor of 0.95 for continuous bars), or OP am from 
the same rule by multiplying it with 0.019[40; lo/d»)] — giving a reduction factor of 
0.76 for continuous bars. The 17 tests now available — v 11 on which that rule was 
based (Biskinis and Fardis 2010b) — show smaller reduction of 0, m and O'am than 
the modified rule 2 above, namely to multiply them by [60 + min(40; lo/d»)]/100. 

Wrapping the plastic hinge region with Fibre Reinforced Polymers (FRP) to 
improve deformation capacity may be considered by including confinement by the 
FRP in the exponent of the second term from the end of Eqs. (7.5). If the vertical 
bars are lap-spliced in that region, Eqs. (7.7) and (7.8) are modified to reflect the 
beneficial effect of confinement by the FRP. However, in the light of newly 
available test results, the relevant rules in Part 3 of Eurocode 8 need improvement 
(see Biskinis and Fardis 2013a, b for proposals). 
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7.4.6 Cyclic Shear Resistance 


7.4.6.1 Diagonal Tension Strength After Flexural Yielding 


Shear strength decays faster than flexural strength with load cycling. So, members 
that first yield in flexure may, under cyclic loading, ultimately fail in shear in the 
plastic hinge. The shear resistance in static loading per Eurocode 2 does not apply to 
regions which have already yielded in flexure and have developed a certain amount 
of inelastic deformation in the tensile chord. After all, if loading is static and 
proportional, a flexural plastic hinge will not fail in shear, as its internal forces 
(including the shear force) do not increase much after flexural yielding. 

For seismic loading shear failure of flexural plastic hinges is normally described 
through a shear resistance of the plastic hinge in diagonal tension, Vg, which 
decreases with increasing plastic rotations under cyclic loading. Part 3 of Eurocode 
8 has adopted a model in (Biskinis et al 2004) giving Vg as the sum of: 


* the transverse component of the diagonal strut transferring the axial load N from 
the compression zone of the section of maximum moment to the centre of the 
zero-moment section, i.e., over a distance L, — M/V, as in (CEB 1991); 

e a non-zero concrete contribution term, V.; and 

* the contribution of transverse reinforcement, V,,, for a 45?-truss inclination. 


V. and V,, are taken to decrease with increasing plastic rotation ductility ratio, 
pP OB, where 6? — 8 -0y is the plastic (chord) rotation demand and 6, is 
determined according to Sect. 7.4.4.2, points 1 to 3: 


Vp= 
STE 


*min(N;0.55A¢f,)+ (1—0.05min (5.4) 


Ls 
0.16max(0.5; 100p,,,) (1-0 16min (sz) ) Vf nv (7.9) 


with: 


h: depth of the cross-section (equal to the diameter D for circular sections); 

x: compression zone depth; 

N: compressive axial force (positive, taken as zero for tension); 

Lh — MIVh: shear span ratio at the yielding member end; 

fc: concrete strength (MPa); 

fio. total longitudinal reinforcement ratio; 

As: cross-section area, equal to b,,d for cross-sections with rectangular web of width 
b,, and effective depth d, or to xD, /A for circular sections (Do: diameter of the 
concrete core to the centreline of the hoops); 

V,,: contribution of transverse reinforcement to shear resistance: 
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Fig. 7.8 Cyclic shear resistance v prediction: (a) 334 cyclic tests with diagonal tension failure 
after flexural yielding vs. Eq. (7.9); (b) 63 cyclic tests of rectangular or non-rectangular walls or 
hollow rectangular members with 1.0 <L,/h <2.5 failing in diagonal compression vs. Eq. (7.11); 
(c) 48 cyclic tests of columns with L,/h < 2.0 failing in diagonal compression vs. Eq. (7.12). 


For cross-sections with rectangular web width b,,, having transverse reinforce- 
ment with ratio p„ and yield stress f,,,, internal lever arm z equal to 0.8/ in 
rectangular walls or d-d; in columns and hollow, H-, U- or T-sections: 


Vip s (7.102) 


For circular sections with diameter of the concrete core Do, cross-sectional area 
of circular stirrups A,, and centreline spacing of stirrups sp: 


m Asy 


just cR D, 7.10b 
Z s (7.10b) 


The database of RC tests leading to failure of the type described here has 
considerably increased since the development of Eq. (7.9) in (Biskinis 
et al 2004). As depicted in Fig. 7.8a, the broader dataset agrees well with Eq. (7.9). 

For assessment, the value of p'a = (0 — 0,)/0, at which Vg(u?'9) from Eq. (7.9) 
becomes equal to the shear at flexural yielding, My/L,, is translated into a chord 
rotation 6 = (Pg + 1), for which this type of failure is expected to take place; if 
this value of @ is less than the expected ultimate chord rotation in flexure from 
Eqs. (7.5), Oum, failure will most likely be in shear at 0 = (ug + 1)6,, rather than by 
flexure at Oum- 


7.4.6.2 Diagonal Compression Strength of Squat Walls and Columns 


Walls with L./h < 2.5 may fail under cyclic loading by diagonal compression at a 
shear force less than the predictions of Eq. (7.9) and a chord rotation much less than 
the value at flexure-controlled failure per Eqs. (7.5). It is now recognised that walls 
with L,/h < 1.0 follow a different pattern and model (Grammatikou et al. 2014), but, 
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as demonstrated in Fig. 7.8b, those with 1.0 < L,/h <2.5 do confirm a model 
proposed by Biskinis et al. (2004) and adopted in Part 3 of Eurocode 8 for the 
cyclic resistance of walls with L./h < 2.5 against web crushing: 


N 
Vemar = 085 (1 — 0.06min(5: wg’) ) | 1+ L8min(015:77- 


L, : 
(1+ 025max(1.75; 100p,,)) | 1 — 0.2min (2:77 } /min( 100MPa: f. )buz 


(7.11) 


where all symbols have been defined above for Eq. (7.9). If JP! = 0 Eq. (7.11) gives 
the cyclic resistance in diagonal compression before flexural yielding. 

Columns with L,/h < 2.0 under cyclic loading often fail in compression along the 
diagonal in elevation after flexural yielding. Part 3 of Eurocode 8 adopted for them 
the empirical model by Biskinis et al. (2004): 


N 
7 Ja + 0.45(100p,,,)) 


CJC 


\/min(40MPa;f,,)byz sin 26 (7.12) 


4 l i 
Vomax = 7 (1 = 0.02min(5; ub )) ( + 1.354 


where: 


* 6: angle of the column diagonal in elevation to the column axis: tanó = h/2L,; 
* all other parameters have been defined above for Eq. (7.9). 


Figure 7.8c shows that the current dataset, broader than the one to which 
Eq. (7.12) was fitted in (Biskinis et al. 2004), still confirms this model. 

The procedure in the last paragraph of Sect. 7.4.6.1 can be applied to Eq. (7.11) 
for walls with 1.0 < Lj/h < 2.0, or to Eq. (7.12) for columns with L/h < 2.0, to 
identify the failure mode most likely to occur among those in Sects. 7.4.5.2, 7.4.6.1, 
and 7.4.6.2. 


7.5 Performance- and Displacement-Based Seismic Design 
of New Concrete Structures in the 2010 Model Code 
of fib 


7.5.1 Introduction 


Seismic design of new structures according to present day codes, including 
Eurocode 8 (CEN 2004a, 2005b), is force-based; members are dimensioned at the 
ULS against internal forces computed via elastic analysis for external (“seismic” 
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forces derived from a “design” response spectrum, which results from dividing the 
ordinates of the 5 %-damped elastic response spectrum by an empirical behaviour 
(or force reduction) factor. Prescriptive, opaque and, by and large, arbitrary detail- 
ing rules for members are presumed to provide ductility commensurate with the 
behaviour factor employed in the analysis. A single level of seismic action is 
normally considered (the “design seismic action", chosen in general to have a 
10 % probability of being exceeded in 50 years). The damage induced to 
non-structural elements (e.g., partitions) by a frequent (“serviceability”) seismic 
action is sometimes checked (CEN 20042), but this is a non-structural verification, 
independent of the structural material. This design approach is opaque concerning 
the achieved seismic performance and overall sub-optimal. 

The Model Code 2010 of fib (2012) — in short MC2010 — is meant to serve as a 
guidance document to future codes for design of concrete structures (Walraven 
2013). Its predecessors (CEB 1978; CEB 1991) were the basis of the European 
design standard for concrete structures, as pre-Norm (CEN 1991) or Norm (CEN 
2004b), respectively. Those CEB Model Codes did not cover seismic design. 
However (CEB 1978) was supplemented by the CEB seismic Model Code (CEB 
1985) for (mainly) concrete buildings, which served as the basis for the pre-Norm 
version (CEN 1994b, c, d) of the European seismic design standard, especially for 
its parts on concrete buildings. As the 1990 Model Code (CEB 1991) did not have a 
seismic part or follow-up, the first European standards for earthquake resistant 
structures (CEN 2004a, 2005a, b) developed independently. 

MC2010 includes full-fledged performance-based seismic design and assessment, 
targeting specific and measurable performance under several levels of seismic action 
(Fardis 2013). Moreover, it uses deformations as the basis for verifications, and not 
internal forces. In these two fundamental features, as well as in many details, it 
follows Part 3 of Eurocode 8 (CEN 2005a). Note that this European standard 
concerns existing buildings, while MC2010 covers seamlessly assessment of seismic 
performance of existing, as well as design of new buildings and other structures 
(notably bridges). The introduction of performance- and displacement-based seismic 
design of new structures in the footsteps of a standard for seismic assessment of 
existing ones is a reversal of the past tradition, where procedures and codification for 
existing structures followed and emulated those for new. 

The rest of Sect. 7.5 has the same structure as Sect. 7.4, but only points out the 
differences of MC2010 from Part 3 of Eurocode 8. Wherever no difference is 
mentioned, whatever has been said in Sect. 7.4 applies to MC2010 too. 


7.5.2 Performance Objectives 


MC2010 identifies four "performance levels", termed Limit States. They are listed 
in Table 7.1 alongside the corresponding structural condition and functionality of 
the facility, the compliance criteria and the appropriate "seismic hazard level" for 
ordinary facilities. The first two are Serviceability Limit States (SLS), the last two 
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are Ultimate Limit States (ULS). According to MC2010, the “Performance Objec- 
tive” should at least include one SLS and one ULS; the owner or competent 
authorities are meant to choose which ones and the level of the corresponding 
seismic action, depending on the use and importance of the facility. 

As emphasised in Sects. 7.4.4.1 and 7.4.4.2, even though the seismic response 
may go well into the inelastic range, seismic deformation demands are about 
proportional to the intensity of the ground motion. So, the deformation limits in 
the second to last column of Table 7.1 show that normally just one of the two SLSs 
and one of the two ULSs control the design or assessment and need to be explicitly 
verified. For example, in a certain project the IU SLS will most likely control the 
design instead of the OP, if its seismic action exceeds that of the OP by more than a 
factor of 2.0; the NC ULS may govern over the LS one, if its seismic action exceeds 
that of the latter by more than a factor of 1.5. 


7.5.3 Compliance Criteria 


The compliance criteria in MC2010 do not distinguish “primary” from “secondary” 
members. The distinction between “ductile” mechanisms, checked in terms of 
deformations, and “brittle” ones, checked in terms of forces, is retained. 

As shown in the second to last column in Table 7.1, at the two SLSs deforma- 
tions are verified by comparing the chord rotation demand at each member end, Oga, 
to: 


1. the chord rotation at yielding of that end, y, at the OP SLS; or 
2. twice that value, 20,, if the IU SLS is being verified. 


So, the verification and the compliance criteria at the OP SLS are the same as for 
DL in Part 3 of Eurocode 8 (cf. Table 7.2) 

At each ULS, deformations are checked by comparing the plastic part of chord 
rotation demand at a member end (equivalently the plastic hinge rotation) 0s a, to: 


3. the lower 5 %-fractile of the ultimate plastic hinge rotation (or, equivalently, of 
the plastic part of ultimate chord rotation), OP ics divided by a global safety 
factor y*p = 1.35, if the Life Safety (LS) ULS is being checked; or 

4. just OP e if Near-Collapse (NC) is being verified. 


The lower 5 %-fractile of o is obtained from its mean value, OP ms as: 
Pak = OP m/YRa (7.13) 


where yga is a model uncertainty factor, depending on the model used to determine 
gt as Sect. 7.5.5 gives its values for the models described there for OP sm 

Note that the ratio of the deformation limits against which the plastic rotation 
demands are checked in the NC and LS Limit States, i.e., y*p = 1.35, is essentially 
the same as the one specified in Annex A to Part 3 of Eurocode 8 between the chord 
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rotation demands (the ratio of the values at the intersection of the fourth and third 
column and the first and second row of Table 7.2 is 1/0.75 = 1.33). 


7.5.4 Analysis for the Determination of Seismic Action 
Effects 


7.5.4.1 Effective Elastic Stiffness for the Analysis 


In order to apply Eq. (7.2), the longitudinal reinforcement at member ends should 
be known. In new structures, it may be pre-dimensioned for the non-seismic actions 
and the corresponding minimum reinforcement and other detailing rules. It may be 
increased afterwards, if it is considered likely that it will later be necessary, in order 
to meet the seismic design checks. However, as Eler depends weakly on the amount 
of longitudinal reinforcement, MC2010 allows the use of empirical expressions, 
which give the ratio of El. to the uncracked gross section stiffness, (EDe, 
depending on the type of member, the shear span ratio, L,/h, the mean axial stress, 
N/A., the ratio of longitudinal bar diameter to depth, dy; /A, etc. Such an expression 
has been fitted to experimental values of E7.r in (Biskinis and Fardis 2010a, 20132) 
and is presented as Eq. (7.14), with the value of a modified for walls and hollow 
rectangular piers in the light of more recent data: 


(ED. - a(08 + In [mas (5; o)]) ( --0.048 min (soma 7) (7.14) 


where N/A, is in MPa, and 


— q-— 0.10 for beams; 

— a=0.081 for rectangular columns; 

— a=0.12 for circular columns and rectangular walls; 

— a- 0.092 for walls with T-, U-, H-section or hollow rectangular piers. 


Figure 7.9 compares the predictions of Eq. (7.14) to the test results used in its 
fitting. The Coefficient of Variation (CoV) value of the test-to-prediction ratio of 
El .¢ given in the caption is not much larger than in Figs. 7.3, 7.4 and 7.5; this small 
difference conceals the lack of fit with respect to the steel ratio. 


7.5.4.2 Nonlinear Analysis 


The reference method in Part 3 of Eurocode 8, namely nonlinear static (“pushover”) 
analysis, is not mentioned in MC2010. Reflecting the current design practice of tall 
buildings and long bridges in seismic regions worldwide, the reference method is 
nonlinear response-history analysis. The seismic action is specified as a suite of 
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Fig. 7.9 Experimental secant stiffness to yield point, Ellef, vs. empirical prediction from 
Eq. (7.14): (a) 1637 beams and rectangular columns — CoV: 36 %; (b) 517 walls or hollow 
rectangular piers — CoV 45 96; (c) 273 circular columns — CoV: 31 46; (d) detail of (c) 


independent seismic events in terms of acceleration time-histories of the three 
translational ground motion components, all three applied simultaneously and 
together with the quasi-permanent gravity loads. The number of seismic events 
should be sufficient to derive robust statistics of action effects. To estimate peak 
response quantities, the minimum numbers are those specified in Part 1 of 
Eurocode: at least seven, if their results are averaged; at least three, if the most 
adverse peak response from the analyses is used. It is pointed out in MC2010 that 
more than these minimum numbers are necessary to estimate residual deformations 
or displacements. 

The impact of significant variations in the axial force during the response (as, 
e.g., in exterior columns of tall frames, in the individual piers of coupled walls, or in 
tall bridge piers with two columns in the vertical plane of bending) on the moment- 
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rotation behaviour should be taken into account. However, coupling between the 
two directions of bending of vertical elements in 3-D models may be treated in a 
simplified way. 

The unloading-reloading (“hysteresis”) rules supplementing the force- 
deformation law in primary loading should realistically reflect the post-yield 
hysteretic energy dissipation and the reduction of unloading and reloading stiffness 
with increasing peak deformation of a cycle (“stiffness degradation"), a character- 
istic of concrete components. If significant, the degradation of resistance with load 
cycling should be included (notably in brittle or poorly detailed components). If a 
significant part of the deformation is due to bond-slip (e.g., from a joint) or shear 
(e.g., in members with low shear-span-to-depth ratio), the hysteresis loops should 
be “pinched” (as an inverted-S) and the hysteretic energy dissipation reduced. The 
hysteresis rules are important, if we want to estimate residual deformations of 
members (for local damage), or of the structure as a whole (permanent tilt) after 
the earthquake; they affect much less the prediction of peak deformation demands 
during the response. 


7.5.4.3 Linear Analysis for the Calculation of Seismic Deformations 


MC2010 retains the relatively uniform distribution of inelastic deformations in the 
plastic hinges as the condition for using 5 %-damped linear analysis to estimate 
inelastic seismic deformations. It also keeps the ratio of the moment from linear 
analysis, Mg, at member end sections to the corresponding moment resistance, Mp, 
as the means through which this condition is checked. However, unlike Part 3 of 
Eurocode 8, it does not give quantitative limits for the Mp/Mp-ratio. 

MC2010 promotes the application in new buildings of "capacity design" of 
columns, so as to be stronger in flexure than the beams and therefore to serve as a 
strong and stiff spine, spreading the seismic deformation demands throughout the 
building and preventing concentration in a (soft) storey. Application of this rule 
produces favourable conditions for the applicability of linear analysis to estimate 
inelastic seismic deformations. 

The peak values of seismic deformations due to separate linear analyses for the 
seismic action components in X, Y, Z are always combined via the SRSS rule; the 
linear approximation in a 1:0.3:0.3 proportion is not mentioned. Note that the 
combination of modal contributions through the CQC rule and of the peak effects 
of the seismic action components via SRSS can be done in a single modal response 
spectrum analysis covering all relevant seismic action components. This renders the 
resulting expected value of peak seismic action effects under concurrent seismic 
action components along X, Y (and Z) independent of the choice of horizontal 
directions X and Y. 

The SRSS rule is also applied to combine the peak action effects of the vertical 
component, Z, from "equivalent static" analysis along Z alone with the outcome of 
the combination of the peak action effects of horizontal components, X and Y, in a 
single modal response spectrum analysis for these two components. 
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The applicability conditions of “equivalent static” linear analysis are more 
general than in Eurocode 8, Parts 1 and 3, covering non-building structures too: 


* The dominant normal mode along the seismic action component in question 
should account for at least 75 % of the total mass, and 

* the response spectral displacements for this mode are much larger than those of 
any other mode with significant effective modal mass in the same direction. 


MC2010 specifies a wider portfolio of rules than Eurocode 8 for the calculation 
of shears or other internal forces, when linear analysis is used to estimate the 
seismic deformations. The scope covers the cases when equilibrium does not suffice 
to determine the shears or other internal forces solely from the moment capacities at 
plastic hinges. In such cases MC2010 estimates these forces assuming that the 
seismic action effects at the instant the moment capacities at plastic hinges are 
reached are proportional to the corresponding outcomes of linear seismic analysis. 
This is the approach in Parts 1 and 2 of Eurocode 8 for: 


1. The independent foundation of a single vertical element, where the seismic 
action effects in the foundation element and the ground from linear analysis 
are multiplied by the minimum ratio between the two orthogonal transverse 
directions at the base of the vertical element of (a) the uniaxial moment resis- 
tance under the axial load due to gravity loads, to (b) the moment from linear 
analysis for the seismic action (with this ratio not taken greater than 1.0). 

2. Multistorey walls, including the amplification of shears in slender walls (those 
taller than twice their horizontal length), presuming that higher modes (i.e. with 
a collective participating mass of about 30 % of that of the fundamental mode 
and with periods in the constant-spectral-acceleration range) remain elastic and 
increase the wall shears after yielding at the base. 

3. Brittle or sensitive components of bridges forming plastic hinges in the piers, 
which should remain elastic after such plastic hinging (the deck, fixed bearings, 
abutments flexibly connected to the deck, seismic links consisting of shear keys, 
buffers and/or linkage bolts, etc.). The action effects from linear analysis for the 
seismic action component of interest are multiplied by the ratio of (a) the sum of 
capacity-design shears along the seismic action component to (b) the sum of 
seismic shear forces from linear analysis, with both sums extending over all 
vertical supports where plastic hinges form. 


The most important extension of the approach above is to the common founda- 
tion of many vertical elements: the seismic action effects from linear analysis are 
multiplied by the weighted-average of the factors computed per 1 above at the base 
of each individual vertical element. As weight is used the moment component from 
linear analysis that gives the minimum ratio per 1 above between the two directions 
of its base section and governs plastic hinging. 
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7.5.5 Cyclic Plastic (Chord) Rotation Capacity 


7.5.5.1 “Physical Model” Using Curvatures and Plastic Hinge Length 


Equation (7.4) is modified as follows: 


L 
a = (o, m 9,)Lpi (1 -= 22 + AB stip, u—y (7.4a) 


to explicitly include the post-yield fixed-end-rotation due to slippage of the tension 
bars (with mean diameter d,L) from their anchorage outside the member length, 
associated with penetration of yielding into the anchorage zone; until attainment of 
the ultimate curvature at the end section under cyclic loading, the fixed-end-rotation 
increases, per (Biskinis and Fardis 2010b), by: 


AD stip, u—y = 5.5dpr go, (7.15) 


Moreover, MC2010 states that the calculation of g, should account for all 
possible failure modes: 


(a) rupture of tension bars in the full, unspalled section; 

(b) exceedance of the concrete ultimate strain &;,? at the extreme compression 
fibres of the unspalled section; 

(c) rupture of tension bars in the confined core after spalling of the cover; 

(d) exceedance of the ultimate strain £cu2,c of the confined core after spalling. 


Failure modes (c) or (d) govern over (b), if the moment resistance of the confined 
core exceeds 80 96 of that of the full, unspalled, unconfined section; this percentage 
is associated with the conventional definition of ultimate deformation. 

The calculation of g, under cyclic loading uses the following o-e parameters: 


* Therupture strain of ribbed tension bars under cyclic loading taken per (Biskinis 
and Fardis 2010b): 


Esu,cye = (3/8) €u,x (7.16) 


* A new expression for the ultimate strength of confined concrete: 


143.5 (eee) (7.17) 


fe = 


where: 


— ps is the ratio of transverse reinforcement in the direction of bending (or the 
minimum in the two transverse directions for biaxial bending) and fyw its 
yield stress; 

— ais the confinement effectiveness factor: 
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e in rectangular sections, according to Eq. (7.6a): 
* incircular sections with circular hoops: 


2 
= Sh 
a= (1 x (7.18) 


(without the exponent 2 in circular sections with spiral reinforcement). 


* The increased strain of confined concrete at ultimate strength over that of 
unconfined, €.2, per (Richart et al 1928), adopted in (CEN 20052): 


Ec2,¢ = Ec2 í esu - 1)| (7.19) 


* The ultimate strain of the extreme compression fibres in a concrete core confined 
by closed ties, according to (Biskinis and Fardis 2010b): 


ap J. yw 


JCC 


Ecu2,¢ = 0.0035 + 0.4 (7.20) 


MC2010 notes that a term may be added to Eq. (7.20) to express a size-effect 
on the plastic rotation capacity clearly found in experiments; it is equal to (10/2)? 
— with h (in mm) denoting the depth/diameter of the full section or of the 
confined core, wherever Eq. (7.20) is applied (Biskinis and Fardis 2010b); its 
effect is minor in real-size members. 


Figure 7.10 compares the predictions of the procedure above to the curvature 
associated with a 20 % drop in the moment resistance after its peak (conventional 
“ultimate” curvature) in a dataset of 205 cyclic and 269 monotonic tests of 
rectangular members. For monotonic loading, term 3/8 in Eq. (7.16) is replaced 
by 1-(VINNy tension)/35 where Np tension is the number of bars in the tension zone 
(Biskinis and Fardis 2010b); besides, factor 0.4 in the last term of Eq. (7.20) is 
replaced by 0.57 and the yield penetration length at ultimate curvature in Eq. (7.15) 
increases to 9.5d,,. Points denoted in Fig. 7.10 as "slip" are data where the fixed- 
end-rotation due to slippage of tension bars from their anchorage had to be 
subtracted from the rotation measurements. 

If Pu and A@gipu-y are determined as above, the plastic hinge length, L,), under 
cyclic loading should be taken as follows: 


* in beams, rectangular columns or walls and members of T-, H-, U- or hollow 
rectangular section (Biskinis and Fardis 2010b): 
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Fig. 7.10 Experimental 
“ultimate” curvatures in 
474 rectangular members 
compared to those predicted 
per Sect. 7.5.5.1 and the 
“failure” criteria of 

Eqs. (7.16) and (7.20). 
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e in circular columns with diameter D (Biskinis and Fardis 20132): 


1 
Ly = 0.6D [ + gmin (» 


; 5) (7.21b) 


Predictions from the above procedure are compared in Fig. 7.11 to the ultimate 
chord rotation in the cyclic tests to which Eqs. (7.21) were fitted. 


For a so-computed value of OP ms the safety factor for its conversion to a lower- 


5 %-fractile via Eq. (7.13) is yga = 2.0. 


7.5.5.2 Empirical Rotation Capacity for Sections of Rectangular Parts 


MC2010 adopted Eq. (7.5b) and the following from (Biskinis and Fardis 2010b): 


h 
p mam ( — 0.052max (is min (10. z) ) ) (0.2)" 


f.(MPa)'* ( 


In Eq. (7.50): 


max(0.01; @2) 
max(0.01; o) 


1 
Ls 3 apsf yw 
min( 9:52) ) 25 C72) 1 23510, (7.5c) 


— b, is the minimum single width among all the webs which are parallel to the 


shear force (not the total width). 


— a™ a coefficient for the type of steel with value: 


e For ductile steel: a" ^Y, — 0.017; 
e For brittle steel: a?” „= 0.0073. 
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Fig. 7.11 Ultimate chord rotation per Sect. 7.5.5.1 compared to the experimental in: (a) 1,125 
cyclic tests on members with rectangular, T-, H-, U- or hollow rectangular section; (b) 143 cyclic 
tests of circular columns 


Equation (7.5c) suggests that the systematically lower plastic rotation capacity 
of walls with rectangular, T-, H- or U- section and of hollow rectangular piers is due 
to the large slenderness, h/b,,, of their webs, which makes them susceptible to 
lateral instability under cyclic loading. Even in columns with h/b,, > 1.5, the strong 
direction is at a disadvantage in this respect compared to the weak one. 

Equation (7.5c) and (7.5b) are equivalent in lack of bias, scatter and the role they 
have in all modifications in Sect. 7.4.5.2 for lap-splicing, poor details and/or smooth 
bars; so, they may be used interchangeably for the latter purposes. They also have 
much less prediction uncertainty than the Sect. 7.5.5.1 procedure. Accordingly, 
they can be used in Eq. (7.13) with a smaller model uncertainty factor, yga = 1.75. 
The same factor applies if Eq. (7.5a) is used instead. 


7.5.5.3 Comparison with the Deformation Limits in Part 3 
of Eurocode 8 


The only expression for OP am which MC2010 and Part 3 of Eurocode 8 have in 
common is Eq. (7.5b). The intention of Part 3 of Eurocode 8 is to base the 
verification of “primary” members on 0, m-« (see Table 7.2), while MC2010 uses 
the lower 5 %-fractile, 6. without distinguishing between “primary” and “sec- 
ondary” members (see Sect. 7.5.3). Eurocode 8 divides 0,,, from Eq. (7.5b) by 
1.8 to convert it to Ou m-s (see second bullet point in footnote (3) of Table 7.2), 
whereas MC2010 divides it by yga = 1.75 to convert it to OP ke The similarity of 
these factors, despite the different probabilities associated with m-o values and 5 %- 
fractiles, is due to the reduction in scatter and model uncertainty of Eq. (7.5b) 
thanks to the increase in the experimental database in the meantime. So, given the 
similar margins between the NC and LS ULS of MC2010 on one hand and between 
the SD and NC ones in Part 3 of Eurocode 8 on the other, the two codes appear to be 
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practically equivalent in this respect. However, the safety margin provided by Part 
3 of Eurocode 8 for all members designated as “secondary” is reduced by 1.8. 

The above conclusion also holds, if Eq. (7.5a) is used in Part 3 of Eurocode 8 or 
Eq. (7.5b) in MC2010. The safety margins offered by the application of factors 1.7 
or 2 on Oum from Sect. 7.4.5.1 (cf. first bullet point in footnote (3) of Table 7.2) 
appear to be smaller than those provided by applying yra = 2.0 on the outcome of 
Sect. 7.5.5.1 for Pn in Eq. (7.14). However, because the approach in Sect. 7.4.5.1 
underestimates P. n by about 10 % (cf. Fig. 7.6), the overall margin is not so 
different. 


7.5.6 Cyclic Shear Resistance 


Under seismic loading, the problem of shear is most acute in vertical elements; so 
ULS design for shear under seismic actions focuses more on columns and walls 
than on beams. However, the shear provisions in MC2010 refer almost exclusively 
to elements under high shear due to gravity loads (beams or slabs), which normally 
have zero axial force. The axial compression, N, of a vertical element contributes to 
its shear resistance the transverse component of the diagonal strut transferring 
N from one end section to the other (cf. first term in Eq. (7.9)), as clearly 
acknowledged in the CEB Model Code 1990 and in Part 3 of Eurocode 8, but 
only indirectly in MC2010 or EN-Eurocode 2 (through the favourable effect of any 
inclined compression chords or prestressing tendons). At any rate, this contribution 
of N to shear resistance in diagonal tension should be explicitly added to the 
contributions of concrete, Vg ., and of shear reinforcement, Vp, as in Eq. (7.9). 
Indeed, the monotonic shear resistance models in MC2010 at Level of 
Approximation I, II and III seriously underestimate the experimental resistance in 
the database of cyclic tests leading to diagonal tension failure, which was used to 
develop Eq. (7.9) and appears in Fig. 7.9. The underestimation and the scatter are 
materially reduced if the first term of Eq. (7.9) is added to the value of Vg per 
MC2010 for diagonal tension. By contrast, the value of Vg max for static loading in 
MC2010 materially overestimates the experimental resistance of the wall- or 
hollow-rectangular-specimens in the database which fail by cyclic diagonal 
compression. 

To alleviate the shortcomings of its shear provisions for static loading, MC2010 
specifies for seismic loading a strut inclination of 45° if 9?! > 20,, or of arccot 
(2.5) 221.8? if g? —0 (.e., for elastic response), with interpolation for 
20, > 6?! > 0. Besides, for walls Vn.max is reduced to 45 96 of the value applying 
per MC2010 for static loading. Although not specifically stated in MC2010, this 
reduction should apply also to squat hollow rectangular piers (with L,/h < 2.5) and 
squat columns (with L,/h <2). With these modifications, the cyclic shear resistance 
per MC2010 does not overestimate the experimental one, but in most cases under- 
estimates it. It is necessary, in this respect, to improve the MC2010 approach to 
cyclic shear resistance, in order to achieve the level of agreement with tests that the 
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models by (Biskinis et al. 2004), adopted in Part 3 of Eurocode 8, show in Fig. 7.8. 
Hopefully, the upcoming revision of Eurocodes 2 and 8 will make this possible. 


7.6 Concluding Remarks 


The seismic design part of MC2010 follows the footsteps of Part 3 of Eurocode 
8, applicable only to existing buildings. MC2010 has evolved from Part 3 of 
Eurocode 8 to: (a) include recent developments in the State-of-the-Art, (b) face 
the greater challenges in the design of new structures compared to the assessment of 
existing ones (including the need to estimate the secant-to-yield-point stiffness 
without knowing the reinforcement), and (c) to include in its scope bridges and 
other non-building structures. 

The same concept and the same or very similar rules as in MC2010 have been 
applied to design new concrete buildings in (Panagiotakos and Fardis 1998, 1999b, 
2001), or bridges in (Bardakis and Fardis 2011a), with linear analysis for the 
inelastic deformation demands and Capacity Design for the shears per 
Sect. 7.4.4.4. This demonstrated the feasibility and cost-effectiveness of the 
MC2010 approach for new construction. In such cases nonlinear dynamic analysis 
per Sect. 7.5.4.3 may take place in the end for evaluation and possible revision of 
the design. As emphasised by (Fardis 2009) and (Bardakis and Fardis 201 1a), this 
design procedure for new structures will be most fruitful and efficient if, as a first 
step, it aims at uniform chord-rotation ductility ratios at the IU SLS (about 2) or at 
the OP SLS (about 1) at all sections where plastic hinges will form at the LS or NC 
ULS. If this goal is attained, inelastic deformations will be fairly uniform through- 
out the structure and linear seismic analysis will be acceptable across the board, 
thus avoiding evaluation of the design via nonlinear dynamic analysis. 
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Chapter 8 
Testing Historic Masonry Elements 
and/or Building Models 


Elizabeth Vintzileou 


Abstract This paper provides an overview of the Literature on the behaviour of 
historic masonry elements and building models. The purpose of this paper is to 
identify the main parameters affecting the seismic behaviour of historic masonry 
buildings, as illustrated through the experimental campaigns carried out by numer- 
ous researchers. Furthermore, aspects of the seismic behaviour that are not suffi- 
ciently studied to-date are identified. Thus, selected publications are evaluated 
related to the behaviour of historic masonry elements in compression, in diagonal 
compression, in in-plane shear and simultaneous compression, out-of-plane bend- 
ing, as well as publications related to the behaviour of subassemblies and building 
models subjected to monotonic, pseudo-dynamic or dynamic tests on earthquake 
simulator. The available experimental results illustrate the main weaknesses of 
historic masonry elements and bearing systems, namely the vulnerability to 
in-plane shear and to out-of-plane bending, the limited ductility, the negative effect 
of the flexibility of timber floors and roofs, etc. On the other hand, the beneficial 
effect of adequate connection between horizontal and vertical elements, as well as 
the connection among walls is also evident. Moreover, the variety of the construc- 
tion types of masonry tested by various researchers, the scale of the models, the 
variety of experimental setups and loading histories do not allow, in most cases, a 
direct comparison of the experimental results. This is so especially as far as 
properties related to the deformations of masonry elements are concerned. Thus, 
the effort to develop sound physical models and to calibrate them is not yet 
satisfactorily assisted by the available experimental results. Yet, this is a prerequi- 
site for a reliable assessment of the current state of historic structures and, by way of 
consequence, for the selection of adequate intervention techniques for their 
preservation. 
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8.1 Introduction 


Structural Engineers involved in the preservation of the built Cultural Heritage have 
to overcome a major contradiction (between safety requirements and internation- 
ally accepted Principles of preservation) in their mission: They have to ensure 
“adequate” seismic behaviour of the structures, without altering the values of the 
cultural heritage structures. On the other hand, even the scope of interventions 
(i.e. to ensure “adequate” seismic behaviour) is far from being well determined. 
Actually, the combination of the uncertainties related to the phenomenon of 
earthquakes and the still limited knowledge about the seismic behaviour of masonry 
structures with the inadequate education of our profession in the Mechanics of 
masonry structures, has led in the past, quite frequently, to an empiricism that is not 
for the benefit of the preservation of the built cultural heritage. 

The weapons of the Structural Engineers in their work for the preservation of the 
built cultural heritage are: (a) The-as exhaustive as possible-documentation of the 
existing structure (in terms of geometry, materials, structural system and behav- 
iour), (b) The understanding of the function of the structural system and, hence, the 
qualitative interpretation of its pathology and decay, (c) The numerical verification 
of (b) and, hence, the diagnosis and assessment of the current state. All these steps 
are a prerequisite for the identification of the weaknesses of the system and, hence, 
for the selection of adequate intervention techniques that may contribute to the 
improvement of the seismic behaviour of the structure. 

The purpose of this paper is to present an overview of the literature that may 
contribute to the understanding of historic structural systems and to the interpreta- 
tion of their behaviour. Due to the fact that historic structures like bridges, aque- 
ducts, temples, churches, etc. (a) require specific studies, whereas, (b) the general 
principles of Mechanics are valid for special structures as well, this paper is limited 
to research results which regard historic buildings. 

The evaluation of experimental data related to the assessment of basic properties 
of masonry and masonry structural elements, as well as to the seismic behaviour of 
entire masonry buildings (the effect of connections among the walls, of the flexi- 
bility of floors and roofs, etc.), allows also for the identification of lacunae in the 
knowledge of the international community and, hence, for subjects that need to be 
further investigated. 

The international literature includes results from tests on individual structural 
members, on subassemblies, as well as on models of entire buildings. Results of 
monotonic, static cyclic or dynamic tests (on earthquake simulators) are reported. 
Each category of tests serves a different main purpose: Tests of individual structural 
members (in compression, shear, out-of-plane bending or a combination of them) 
provides valuable information on the respective bearing capacity and the deforma- 
tion properties of the elements. Thus, design models may be adequately validated 
and calibrated and, hence, used in practice. On the other hand, tests on subassem- 
blies, as well as on models of entire buildings (mainly, under dynamic actions) do 
provide information about aspects that characterize the overall behaviour of 
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buildings, such as, the effect of the flexibility of floors and roofs, the effect of 
connection between horizontal and vertical elements, the effect of the connection 
between walls, the deformation capacity of the entire building, their hysteretic 
behaviour, etc. Although in more complex configurations of specimens, it is not 
possible to record the detailed behaviour of each separate structural member, the 
experimental results are of major significance for the identification of inherent 
weaknesses of the investigated structural system. Thus, the Engineer is guided in 
the selection of adequate intervention techniques that may lead to the improvement 
of the seismic behaviour of historic structural systems. 

On the other hand, tests of subassemblies or of building models are frequently 
carried out on scaled models. Therefore, dynamic similitude laws, as well as scale 
effects need to be taken into account very carefully, both at the stage of planning the 
tests and at the stage of interpretation of the experimental results. 

It should be noted that a synthesis of the available experimental data is not an 
easy task: The characteristics of the specimens (in terms of construction materials, 
geometry of specimens, etc.), of the experimental setups, as well as of the inves- 
tigated parameters present a vast variety, thus making impossible the direct com- 
parison of the experimental results. However, several valuable conclusions can be 
drawn, even at a qualitative level. Thus, in this paper, an exhaustive presentation of 
the totality of the available valuable experimental data is not attempted; only the 
results of a rather limited number of publications are discussed upon with the aim to 
identify general trends of behaviour or major lacunae in the Literature. 


8.2 Masonry and Masonry Elements in Compression 


6.2.1 Compressive Strength and Deformability of Masonry 


The compressive strength is undoubtedly the more basic mechanical property of 
masonry, although seemingly not directly related to the seismic behaviour of 
buildings. Actually, one may argue that the reliable assessment of the compressive 
strength of masonry is not necessary, since it is known by experience that masonry 
structures do not fail in compression. This is normally correct, when the structure is 
subject to vertical loads (although there are exceptions, e.g. the collapse of the Civic 
Tower in Pavia, Italy-Binda 2008). When, on the contrary, the building is subject to 
seismic actions, compression may be significantly increased in vertical elements 
(due to the alternation of actions). Furthermore, in shear walls subjected to in-plane 
shear, a mechanism of failure of the oblique strut may be generated (Silva 
et al. 2014). For this specific case, the compressive strength of masonry under 
oblique forces should also be assessed. On the other hand, the deformations that 
masonry can sustain before and after the attainment of its compressive strength 
constitute a characteristic that is significant for the survival of buildings. 
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It is well known that the compressive strength of masonry depends on many 
parameters (Tassios 2013), namely, the mechanical properties of the constituent 
materials (stones, bricks, mortar), on the bonding of blocks (on the faces and within 
the thickness of masonry), on the volume of mortar over the volume of masonry, on 
the construction type of masonry, on the existence of timber reinforcement, etc. 
Therefore, in order to evaluate the in situ compressive strength of masonry, (a) one 
should perform in situ investigations to obtain information on how masonry is 
constructed along all three axes (length, height and thickness) and (b) physical 
models should be available to allow for the calculation of the compressive strength 
of masonry, taking into account the main influencing parameters. Alternatively, 
(c) experimental data (for the specific type of masonry) could be used to assess the 
compressive strength. 

To the best of author’s knowledge, a general model describing the behaviour of 
masonry in compression is not available. Actually, such a model should be able to 
describe the mechanical properties of various types of historic masonries, some of 
which are shown in Fig. 8.1. 

It is worth noting that, even for modern masonries, Eurocode 6 (CEN-EN1996- 
1-1, 2005) proposes empirical formulae, valid for masonry construction conform to 
specific rules (limits for the thickness of masonry joints, requirements for the bond 
of blocks, transverse connection of leaves-in case of cavity walls, etc.). It is obvious 
that almost none of the constraints of EC6 are fulfilled by historic masonries. 
Therefore, empirical formulae, adequate for historic masonries should be applied. 
Actually, there are several empirical formulae in the literature, based on the 
evaluation of test results. However, most of them refer either to brickwork or to 
good quality solid stone masonry. Formula by Tassios and Chronopoulos (1986), 
followed by the formula proposed by Tassios (2004) allow for the estimation of the 
compressive strength of historic single and three-leaf masonries. The formulae were 
applied by Vintzileou (2011b), to predict the compressive strength of wallettes 
made of three-leaf stone and brick masonry with quite satisfactory results (Fig. 8.2), 
taking into account the scatter of the experimental values. 

Marcari et al. (2010) offer an overview of measured values of compressive 
strengths of single and three-leaf tuff and calcareous stone masonries. The evalu- 
ation of the available experimental results shows that the compressive strength of 
(a) single leaf tuff stone masonry with good quality mortar varies between 3.15 and 
5.40 MPa, whereas (b) single leaf tuff stone masonry with poor quality mortar have 
a compressive strength varying between 2.03 and 3.60 MPa. Finally, (c) for three- 
leaf masonry, the experimental values are quite scattered (between 1.0 and 
3.70 MPa) depending on the quality of materials, as well as on whether the exterior 
leaves are/are not transversely connected. It has to be noted that, given the signif- 
icant differences from one test series to another, the Authors do not propose 
empirical formulae for the estimation of the compressive strength of various 
types of stone masonry. 

The systematic documentation of historic masonry buildings in various Italian 
regions (Binda and Saisi 2001) shows that single leaf rubble stone masonry is a 
quite general term in the sense that the total volume of mortar may vary between 
11 and 37 % of the volume of masonry. Furthermore, in case of three-leaf masonry, 
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Fig. 8.1 Examples of types of historic masonries. (a) Double-leaf stone masonry with sporadic 
header stones. (b) Three-leaf stone masonry- thick interior leaf with very large voids. (c) Poor 
quality three-leaf rubble stone masonry. (d) Three-leaf rubble stone masonry. (e) Multi-leaf 
masonry with high mortar volume. (f) Mixed stone-brick masonry with large mortar volume. (g) 
Mixed brick-stone masonry of good quality. (h) Timber reinforced rubble stone masonry. (i) 
Timber reinforced adobe. (j) Timber reinforced multiple leaf masonry 


usually, the ratio between the thickness of each exterior leaf and that of the infill is 
approximately equal to 1:0.50 (Binda et al. 1999). The survey carried out by the 
Politecnico of Milan, together with the evaluation of the data reported in (da Porto 
et al. 2003), led to the following geometrical data for three-leaf masonries: Per- 
centage of stones/mortar/voids: 55—85 96/12—36 96/0.4—15 %. It is obvious (see also 
Fig. 8.1) that even if those masonries were made of exactly the same materials, their 
compressive strengths would result significantly different. Actually, according to 
the evaluation. of experimental data and in-situ measurements, da Porto 
et al. (2003), the compressive strength of three-leaf stone masonry varies between 
0.60 and 2.40 MPa. 
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The deformation properties of historic masonries are quite scattered as well. As 
reported by Marcari et al. (2010), as well as by Tassios (2013), the strain 
corresponding to the compressive strength of single- or three-leaf masonry may 
vary between 0.20 and 0.80 96. Similar large scatter is observed in case of the elastic 
modulus of elasticity (Fig. 8.3). 

It seems, therefore, that when data representative of a specific type of masonry 
are needed, the available experimental results are not sufficient. In such cases, an 
alternative to laboratory tests and to the application of empirical formulae (when- 
ever available for the construction type under examination), would be to perform 
in-situ tests on masonry. However, it seems that this is a rather costly and time 
consuming alternative. It may be a sensible solution either in case of an important 
monument or in case such tests are carried out in the framework of a study 
concerning, for example, an entire historic centre. 

As a conclusion, one may say that the evaluation of the available data show that 
(a) the experimental results (from in situ and in laboratory tests) are limited to few 
types of historic masonry, (b) there is no general physical model describing the 
behaviour of historic masonry in compression, not to mention that (c) it is quite 
uncertain to predict the elastic modulus of elasticity, as well as the deformation at 
failure of masonry in compression. 
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Fig. 8.3 The initial elastic 
modulus of elasticity 
reported to the compressive 
strength of three-leaf stone 
masonry as a function of the 
compressive strength of 
masonry (Vintzileou 2011b) 
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8.2.2 The Bearing Capacity of Masonry Elements 


in Compression 


Provided that a vertical masonry element is (a) made of solid masonry, (b) it is 
axially loaded and (c) there are no significant second order effects, its bearing 
capacity may be calculated as the product of its cross sectional area and its 
compressive strength. Nevertheless, this is practically never the case: 


(i) Typically, in historic structures, part of the vertical loads (weight of pave- 
ments, live loads, etc.) are eccentrically applied to masonry walls both when 
there is a timber floor or roof and when a curved element covers the building 
(Fig. 8.4). Therefore, even without the occurrence of a seismic event, masonry 
walls are subject to simultaneous vertical compression and out-of-plane 


bending. 


(ii) In the most frequent types of historic masonry (double or three-leaf masonry 
with loose connection between leaves), there is a more or less continuous 
vertical joint within the thickness of masonry (Fig. 8.5). The failure of those 
types of masonry in compression is characterized by the occurrence of vertical 
cracks on the faces of masonry, as well as within their thickness (Fig. 8.6), the 
latter being critical (Pina-Henriques et al. 2005; Oliveira et al. 2006), 


Vintzileou and Miltiadou (2008). 
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Fig. 8.4 Eccentric application of vertical loads to masonry walls 
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Fig. 8.5 Surveyed types of historic masonries (Binda and Saisi 2001) 


Actually, although the two families of cracks open at almost the same vertical 
load, the transverse ones grow faster. Thus, the failure of masonry is due to 
simultaneous compression and out-of-plane flexure of the leaves. 

It should be noted that cracks within the thickness of masonry are not visible or 
detectable (unless significant out-of-plane deformation of masonry has occurred). 
Such cracks may be due to decay of materials, as well as to previous normal and 
seismic actions on the structure (Fig. 8.7). Therefore, instead of a solid masonry, 
separated leaves may be asked to resist vertical and horizontal actions. Needless to 
say that due to the separation between the leaves of masonry, (a) the real slender- 
ness of the walls may be significantly increased, (b) the bearing capacity of walls 
both to compression and to out-of-plane bending are significantly reduced com- 
pared to the bearing capacity of solid walls. 

In conclusion, one could say that the estimation of the bearing capacity of 
masonry walls in compression has to be based on the real geometry, state and 
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Fig. 8.6 (a) Typical crack pattern for three-leaf masonry in compression, (b) opening of vertical 
cracks on the faces of masonry, as well as within its thickness as a function of compressive stresses 
(Vintzileou and Miltiadou 2008) 


Fig. 8.7 Separation of the leaves of masonry walls during tests on the shaking table (Mouzakis 
et al. 2012a) 
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Lefkada island, Greece 


Kastoria (Macedonia, Greece) 


Casa pombalina, Portugal 


Fig. 8.8 Various types of timber reinforced structures in Europe (Source: https://www.google.gr/ 
search?q=casa+pombalina+lisboa) 


boundary conditions of the walls. For that purpose, the structural system has to be 
documented in terms of geometry, construction type of masonry and pathology. 


6.2.3 The Case of Timber Reinforced Masonry 


In earthquake prone areas around the globe (around the Mediterranean, in Asia, as 
well as in Latin America), systematic reinforcement of masonry is observed 
(Fig. 8.8). Although there is a vast variety of structural systems involving timber 
within masonry, there are clear signs testifying that those structural systems were 
developed with the purpose of resisting seismic actions (see e.g. Vintzileou 201 1a). 

Although the contribution of the timber reinforcement to the compressive 
strength of masonry is the least significant aspect of those structural systems, test 
results (Vintzileou 2008) have shown that 


(a) Horizontal timber laces provide confinement to rubble stone masonry, thus, 
leading to a moderate enhancement (by 15-20 %) of its compressive strength. 
More importantly, 

(b) Timber laces lead to a significant enhancement of the deformation (vertical 
strain) masonry can sustain without being disintegrated (Fig. 8.9). 


8.3 Masonry Elements Subjected to In-Plane Shear 


The behaviour of masonry elements under in-plane shear is of major significance 
for the seismic response of buildings, as documented by typical damage, 
i.e. diagonal or bi-diagonal cracks in walls and spandrels (Fig. 8.10). Thus, numer- 
ous research works were devoted to the behaviour of masonry under shear. 
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Fig. 8.10 Severe damages 
to shear walls and spandrels 
(Onna, after the 2009 
earthquake of L’ Aquila, 
Italy) 


In laboratory and in situ tests were carried out on wallettes subjected to diagonal 
compression, with the purpose of assessing the shear strength of masonry under 
zero normal stress. The results show strength values depending on the mechanical 
properties of materials, as well as on the bond between blocks and mortar. For 
example, Shahzada et al. (2012) have tested solid brick masonry wallettes in 
diagonal compression. The shear strength under zero normal stress was very low 
(the Authors do not even mention its value). On the other extreme, Ali et al. (2012) 
have tested several wallettes made of bricks and mortars (typical for Pakistan). 
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The compressive strength of the mortar was varying between 3.0 and 27.0 MPa. For 
those, rather unusually strong mortars, they have measured shear strengths varying 
between 0.30 and 1.70 MPa. Brignola et al. (2006) report the results of in situ tests 
in several historic buildings in Tuscany. For the stone masonries tested by the 
authors, low shear strength values were obtained (varying between 0.04 and 
0.067 MPa). 

In situ diagonal compression tests on stone masonry walls by Chiostrini 
et al. (2000) yielded values of shear strength varying between 0.061 and 
0.16 MPa. Corradi et al. (2003, 2008) have measured similar values of shear 
strength. Similar (low) values were measured in laboratory on wallettes made of 
three-leaf stone masonry to diagonal compression by Vintzileou and Tassios 
(1995)—0.15 MPa, as well as by Vintzileou and Miltiadou (2008)—0.10 MPa. 
The results obtained by Milosevic et al. (2012) on rubble stone masonry were 
quite scattered (between 0.024 and 0.313 MPa), irrespectively of the compressive 
strength of the mortar. 

Limited in number test results are available for timber laced masonry 
(Vintzileou 2008). The presence of timber laces led to a shear strength under zero 
normal stress almost 5.0 times that of the plain three-leaf rubble stone masonry. 
More importantly, the strain at strength was by almost an order of magnitude larger. 

However, the strength at zero normal stress is only one of the components of the 
bearing capacity of a masonry element subjected to in-plane shear, when failure is 
due to the occurrence of diagonal or bi-diagonal cracks. On the other hand, the 
in-plane behaviour of walls failing in bending or vulnerable to rocking needs to be 
investigated through testing under simultaneous in-plane shear and vertical load. 
Actually, several researchers have conducted tests on masonry walls under mono- 
tonic or cyclic shear (see i.a. Chiostrini et al. 2000; Corradi et al. 2003, 2008; 
Vasconcelos and Lourenco 2006; Costa et al. 2012a, b, c; Capozucca 2011; Silva 
et al. 2014). 

Tests on individual structural members allow for the behaviour of full-scale 
elements to be investigated in detail (failure modes, deformations along three axes, 
failure load, ductility, etc.). Furthermore, the effect of various intervention tech- 
niques can be investigated. Tests on individual members provide data that are 
necessary for the development and the calibration of models to be applied for the 
assessment of the bearing capacity of existing elements, as well as for the design of 
the intervention techniques. It should be noted that due to the differences in 
materials, in geometry, in applied time-history, etc., it is impossible to provide a 
synthesis of the experimental results and to draw general conclusions. Finally, a 
large part of the tests on individual walls refer to modern brick and block masonry. 
Therefore, the experimental results on various construction types of historic 
masonry are still rather limited in number. 

The available experimental data regard shear walls made of a variety of mate- 
rials (mostly clay and concrete blocks, stones and mortar). Full scale walls or scaled 
models are tested. The walls are subject to simultaneous vertical load (either 
constant or varying during the lateral loading). The walls are either cantilevers or 
fixed at both ends. The aspect ratio (height to length) varies between 1:2 and 2:1. 
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Fig. 8.11 Typical shear failure of stone masonry walls under simultaneous vertical load 
(Vasconcelos and Lourenco 2009) 


In some cases, there are also openings in the walls. The specimens are subjected 
either to monotonically increasing lateral load or to static cyclic lateral loading or 
(in a limited number of cases) to dynamic in-plane actions. The prevailing failure 
mode is due to the formation of diagonal or bi-diagonal cracks (Fig. 8.11), 
involving-in some cases-also compression failure close to the base of the wall 
(Silva et al. 2014). Flexural failure or mixed shear-flexural failure was observed 
for rather high aspect ratio values. Rocking was also observed in some cases 
(especially, under low vertical load, Silva et al. 2014). Typically, after the attain- 
ment of the maximum resisting shear force, significant force-response degradation 
is recorded (Fig. 8.12a). Deformations (vertical and horizontal) are recorded during 
testing. However, due to the differences among tested models, the author of this 
paper is unable to provide a comparison of the relevant experimental data. It should 
be noted that several researchers have worked on modeling of the behaviour of 
shear walls (see i.a. Vasconcelos and Lourenco 2006; Costa et al. 2012a; Magenes 
and Calvi 1997; Brencich and Lagomarsino 1998), developing either sophisticated 
models or simple ones, adequate for use by practitioners as well. 


8.4 Masonry Elements Subjected to Out-of-Plane Bending 


It is well known that in historic buildings subjected to seismic actions, the out-of- 
plane behaviour of (solid or with openings) walls may be critical (Fig. 8.13). 

The vulnerability to out-of-plane actions is due to typical characteristics of 
historic masonry buildings, namely, the flexible floor and roof diaphragms 
(Fig. 8.13b), as well as the defective connection between floors/roof and walls 
(allowing for significant out-of-plane deformations of walls), the defective connec- 
tion of walls at building corners (Fig. 8.13a, c), the presence of openings close to the 
corners of the building and, last but not least, the frequent construction type of 
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Fig. 8.12 (a) Typical hysteresis loops for stone masonry walls failed in shear (Vasconcelos and 
Lourenco 2009), (b) Typical hysteresis loops for rocking stone masonry wall (Silva et al. 2014) 


Fig. 8.13 Typical damages due to out-of-plane seismic actions. (a) Typical vertical crack due to 
out-of-plane bending of the solid wall. (b) Typical vertical crack at mid-length of the wall and 
separation of walls at the corner of the building. (c) Out-of-plane collapse of wall. (d) Collapse of 
the corner of a building (due to combined in-and out-of-plane action) 


historic masonry (double- or three-leaf). Actually, the separation between leaves 
(due either to decay or to previous actions) leads to significant reduction of the out- 
of-plane stiffness of walls, whereas the masonry cross section is also significantly 
reduced (Fig. 8.13d) and Giuffré et al. (1993). 

Itis obvious that the testing of individual walls out of their plane cannot describe 
the behaviour of walls belonging to a building. Furthermore, available test results 
are almost exclusively dealing with brick or concrete block masonry walls, whereas 
various testing procedures are applied. Some of the relevant publications are briefly 
presented herein: One of the earlier experimental campaigns was carried out at 
ABK (1981). Several construction types of masonry were tested, among them also 
multi-leaf brick masonry walls. The aim of this work was to assess the effectiveness 
of various intervention techniques, taking into account the slenderness ratio and the 
boundary conditions of the panels. 20 full-scale masonry panels were subjected to 
about 200 seismic inputs, covering the full range of USA seismicity. The walls were 
full height (floor to floor) and were not laterally supported along the vertical edges. 
The work provided data that were used both (a) to calibrate mathematical models 
developed by the authors for the prediction of the failure mode and (b) to draft 
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guidelines for the design of various strengthening techniques. A finding to note is 
that the collapse mechanism was found to depend more on the induced peak 
velocities (at the top and the bottom of the panels) rather than on the relative 
deformation between the top and the bottom of the panels. 

Griffith et al. 2004 investigated the response of unreinforced brick masonry wall 
panels subjected to out-of-plane loading. For this purpose, fourteen specimens, 
having different slenderness ratios (13.6 and 30.0), were constructed and tested. 
The test program included static, free-vibration, and dynamic tests (with induced 
harmonic, or impulse or seismic motions). However, the slenderness ratios of the 
walls are not typical for historic masonry. Simsir et al. (2004) carried out dynamic 
tests on four half-scale masonry walls made of lightweight concrete hollow blocks. 
The experimental set-up allowed testing walls in the free-standing boundary con- 
ditions as shown in Fig. 8.14. Two of the walls were tested in-plane, while the other 
two were subjected to out-of-plane seismic actions, (Fig. 8.14b). The aim of the 
experiment was to investigate the influence of the boundary conditions, namely the 
horizontal structures at top and constrains at the bottom of wall panels, simulating 
the real conditions of a wall panel. Differently from other similar tests, specimens 
did not exhibit a mid-height failure that leads to collapse, except for the cases where 
the panel was subjected to low axial load. Furthermore, it was proven that the 
flexibility of diaphragms can significantly enhance the out-of-plane displacements. 

Tominaga and Nishimura (2008) have tested brick masonry walls out-of-their 
plane, by applying two concentrated loads at the thirds of the span. No vertical load 
was applied. Failure along mortar joints was observed. The maximum resistance 
was mobilized for very small deflection (of the order of few mm), but the residual 
resistance was significant, due to friction along the failed mortar joints. 

Cavaleri et al. (2006) report the results of an experimental campaign on four 
(4) single leaf calcareous stone masonry walls (0.74 m long, 2.10 m high and 0.21 m 
thick). The walls were under constant compression load (equal to 0.12 the bearing 
capacity of walls to compression). Deformations were applied to the walls 
(by moving horizontally the base of the walls). The curvatures at the base region 
of the walls were also recorded. Failure was due to the occurrence of horizontal 
cracks along the mortar joints close to the base. 

Meisl et al. (2006) have tested four multi-leaf plain masonry walls. The effect of 
the quality of construction (in terms of strength of mortar) and that of the soil 
conditions (one soft and one more firm substrate) were investigated. The results 
have shown little effect of the quality of construction on the overall behaviour of 
specimens. On the contrary, walls founded on soft soil exhibited more damages (for 
the same input) than those founded on firm soil. 

Manoledaki et al. (2012) have tested piers made of three-leaf stone masonry. The 
piers were sitting on either a loose (D, = 33 %) or a dense (D, = 92 96) sand, through 
a rectangular RC footing (Fig. 8.15). The walls, either constrained or free at their 
top, were subjected to horizontal displacements at their mid-height. 

The tests showed that the out-of-plane seismic performance of the masonry walls 
was substantially affected by soil-foundation-structure interaction (SFSI). 
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Fig. 8.15 Three-leaf stone masonry piers and experimental setup (Manoledaki et al. 2012) 


As indicated by the two examined cases, soil resilience had a significant influence 
on system response. Foundation rocking resulted in a reduction of the soil-footing 
contact zone in the case of dense sand, whereas, in loose sand the response was 
governed by sinking (Fig. 8.16). The essential influence of the boundary conditions 
on the out-of-plane response of the walls is also amongst the key observations made 
from the tests. In the cases where the elongation of the wall was partially obstructed 
by the top support, the induced axial load led to significant enhancement of the out- 
of-plane capacity. The walls generally exhibited the typical cracking pattern asso- 
ciated with one-way vertical out-of-plane bending. Material crushing was restricted 
to the weak mortar joints. 

Recently, within the EU funded project NIKER, tests were carried out (Valluzzi 
et al. 2013) on three-leaf rubble stone masonry full scale panels (Fig. 8.17) 
subjected to out-of-plane excitations on a shaking table. The panels (1.30 m long, 
2.60 m high and 0.50 m thick) were subjected to adequately scaled real 
accelerograms. 
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Fig. 8.16 Test results obtained by Manoledaki et al. (2012) 


The panels failed under acceleration approximately equal to 0.30 g. As shown in 
Fig. 8.18, cracks typical for out-of-plane bending have occurred. Failure was due to 
the separation of the leaves of masonry and to the collapse of one of the two exterior 
leaves (Fig. 8.19). 

The detailed data obtained during testing (accelerations, frequencies, displace- 
ments, etc.) allowed for full documentation of the behaviour of the panels. They 
have also served the purpose of prediction of the observed behaviour by means of 
modeling. 

Tests on subassemblies (e.g. facade wall with portions of transverse walls) are 
also reported in the literature. Those tests are presented and commented upon in the 
following Sections. 
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Fig. 8.18 Typical failure mode of three-leaf stone masonry walls subjected to out-of-plane 
seismic actions (Valluzzi et al. 2013) 


8.5 Tests on Subassemblies and Building Models 


8.5.1 Tests on Subassemblies 


As shown in the previous Sections, tests on individual bearing elements (under 
monotonic or cyclic actions) provide valuable information regarding the failure 
mode under compression, shear or out-of-plane bending, as well as on properties 
like bearing capacity, deformability, hysteretic damping, stiffness, force-response 
degradation due to cycling, etc. Nevertheless, there are significant aspects of the 
seismic behaviour of masonry buildings that cannot be modelled and experimen- 
tally reproduced by testing individual bearing elements. Actually, the effect of the 
in-plane stiffness of floors and roofs, the effect of the connection between bearing 
walls, the behaviour of masonry elements subjected to simultaneous shear and out- 
of-plane bending, the capacity of masonry buildings to redistribute actions among 
bearing elements need to be identified through testing of subassemblies or models 
of entire buildings. Another important issue is the capacity of historic masonry 
buildings to undergo large post-elastic deformations, i.e. their ductility. Finally, the 
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Fig. 8.19 Failure of walls 1 and 2 (Valluzzi et al. 2013) 


effect of several interventions applied with the purpose of improving the seismic 
behaviour of historic buildings, namely, the enhancement of diaphragm action of 
floors and roof, the improvement of the connection of walls by means of ties, etc. 
can only be exhaustively investigated on specimens simulating at least part of the 
entire building. 

In the Literature, there are results obtained from quasi-static or dynamic tests on 
subassemblies. Some of them are related to the study of specific monuments 
(e.g. Pinto et al. 1999a, b, c, 2001). The valuable results of those tests are hardly 
offered to generalization. Therefore, they are not presented herein. There are also 
tests on subassemblies investigating the behaviour of arches and vaults (see 
i.a. Baratta and Corbi 2007; Taranu et al. 2010; Mouzakis et al. 2012b). Those 
experimental works are presented neither. 

Al Shawa et al. (2009) have tested full scale subassemblies made of tuff masonry 
(Fig. 8.20), with the purpose of investigating the out-of-plane behaviour of walls 
connected with transverse walls. The research includes subassemblies before and 
after strengthening. The tested wall (3.40 m high, 0.25 m thick) was either free 
standing or connected to the transverse ones along a mortar joint. A third case was 
also considered, in which the walls were connected through bonding of stones, as 
well as through steel bars. The subassemblies were subjected to forced vibrations, 
following adequately scaled accelerograms of real earthquakes. The tests have 
proven the major significance of the connection between walls. Actually, in terms 
of maximum acceleration sustained before failure (or collapse), the free standing 
wall, as well as that connected to the transverse ones through a mortar joint, were 
able to sustain an acceleration approximately equal to 0.30 g. On the contrary, the 
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Fig. 8.20 Photo of a 
specimen after the test: case 
of out-of-plane loaded wall 
connected to the transversal 
walls through a mortar joint 
(Al Shawa et al. 2009) 


proper connection between the walls, allowed for a peak ground acceleration equal 
to 0.60 g to be sustained. 

The mechanisms of out-of-plane failure of a wall connected with transverse ones 
was studied by Restrepo-Vélez (2004) and Restrepo-Vélez and Magenes (2004) 
through testing of subassemblies made of dry stack masonry (Fig. 8.21). The 
models (scale 1:5) allowed for identification of the two possible failure modes, 
i.e. detachment of the out-of-plane loaded wall from the transverse ones and out-of- 
plane collapse of the wall. 

The same mechanisms were detected also by Bui et al. (2010). The subassem- 
blies they have tested were subjected to monotonically increasing uniformly dis- 
tributed load on the longitudinal wall (Fig. 8.22). 

A full scale shaking table test on a 3-D specimen made of three-leaf masonry 
was performed by Costa et al. (2012a). The subassembly-simulating a typical 
facade of historic buildings in the Azores-exhibited the same failure mechanisms, 
together with detachment of the leaves of masonry (Fig. 8.23). 

Costa et al. (2012b) carried out an in situ test on a building severely damaged 
during the Azores earthquake in 1998 (Fig. 8.24). The building was made of double 
leaf stone masonry. 

Cyclic tests were performed, not to collapse though due to the limitations of the 
equipment, as well as for safety reasons. Valuable data were collected regarding the 
dynamic properties of the structure, the sustained deformations, hysteretic behav- 
iour, etc. The behaviour of the structure was tested also after the application of 
reinforced plaster on the walls. 

A 3D subassembly was tested within the EU funded project NIKER (Vintzileou 
et al. 2012a, b). The subassembly (made of three-leaf stone masonry) consists in 
one wall with a portion of a transverse wall at its mid-length and a parallel wall of 
rectangular section (Fig. 8.25). A timber floor (typical for historic buildings) is 
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Fig. 8.21 Failure mode of out-of-plane loaded walls connected to portions of transverse walls 
Restrepo- Vélez (2004) and Restrepo-Vélez and Magenes (2004) 


Fig. 8.23 Failure mode of subassembly (Costa et al. 2012a) 


— t 


Fig. 8.24 Testing arrangement and instrumentation of a building tested on situ (Costa 
et al. 2012b) 
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Fig. 8.25 The specimen and its construction details (Vintzileou et al. 2012) 


provided. For dynamic similitude purposes, additional masses are fixed on the floor 
before testing on the earthquake simulator. The subassembly was subjected to a 
series of adequately scaled accelerograms of the Irpinia, Italy 1980 earthquake out- 
of-the plane of the parallel walls. Figure 8.26 shows the crack pattern 
(at PGA - 0.50 g). The effect of the portion of the transverse wall (failed in shear) 
on the longitudinal wall to which it is connected is shown. Furthermore, the flexible 
wall of rectangular section was not severely damaged. It exhibited, however, 
extensive detachment of the masonry leaves. It should be noted that the same 
subassembly after strengthening (grouting of masonry, enhancement of the dia- 
phragm action of the floor and connection thereof with the walls) exhibited a clear 
rocking behaviour. 

The experimental works briefly presented herein have provided valuable infor- 
mation on several aspects of the out-of-plane behaviour of masonry walls under 
realistic boundary conditions. It should be noted, however, that in most of the 
laboratory tests there was no vertical load on the out-of-plane loaded walls. 
Similarly, with one exception, there was no diaphragm at floor(s) levels. The 
presence of vertical load plays a positive role on the out-of-plane behaviour of 
walls, whereas the effect of a more or less flexible diaphragm may affect signifi- 
cantly the seismic behaviour of the structure. Nevertheless, the obtained results are 
valuable and, in the opinion of the author of this paper, there is a need for systematic 
analytical work (with simulation of the test specimens), for the international 
community to take the maximum possible profit of the experimental data. 


8.5.2 Tests on Building Models 


Testing models of entire buildings (either under monotonic or under seismic 
actions) has the advantage of simulating parameters that cannot be simulated 
through testing of subassemblies or individual bearing elements. This is of major 
significance, due to some typical characteristics of existing masonry buildings that 
govern their seismic behaviour, namely, the presence of more or less flexible floors 
and roofs (that allow the vertical elements to deform independently from one 
another), the connection between horizontal and vertical elements, as well as the 
connection between longitudinal and transverse walls (its quality affecting 
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Fig. 8.26 Crack pattern of the subassembly (Vintzileou et al. 2012) 


significantly the box action of the building and, hence, the magnitude of the 
imposed deformations). Furthermore, basic parameters like dynamic properties 
(and their modifications during the seismic event), hysteretic properties and overall 
ductility cannot be realistically assessed unless the entire structure is considered. It 
is mentioned, as an example, that it is typically assumed that unreinfrorced masonry 
buildings are very brittle. However, inspection after seismic events shows that 
many structures survive (damaged, of course) in contradiction with our calcula- 
tions. Last but not least, the efficiency of several intervention techniques cannot be 
assessed on the basis of tests on individual members. Actually, those techniques 
that aim at improving the overall behaviour of buildings (e.g. enhancement of the 
diaphragm action of floors or the arrangement of ties to improve the connection 
between walls) need to be assessed on the basis of large scale tests. In recognition of 
the above advantages of testing building models, several researchers have 
performed tests either on shaking tables or quasi-static tests on building models. 

It should be noted, however, that the interpretation of the results obtained from 
testing building models is not as self evident as one could possibly think. Actually, 
due to several constraints related to this type of tests, very careful design of testing 
campaign is needed, along with systematic analytical work on both prototypes and 
models. In fact, shaking table tests are quite expensive (in terms of construction, 
instrumentation, use of the facility, etc.). Thus, within each testing campaign, the 
number of models that are tested is limited. By way of consequence, several 
parameters are usually simultaneously modeled and, hence, frequently, it is not 
possible to directly assess the effect of each of them. On the other hand, in order to 
take the maximum profit out of those tests, building models are subject to series of 
input motions (of increasing magnitude). Thus, the behaviour of the model 
subjected to a series of seismic inputs may be different than the behaviour to be 
exhibited by a model directly subjected to high intensity actions. 

In shaking table tests, there are also limitations related to the capacity of the 
facility (in terms of plan dimensions, degrees of freedom, total height of the model 
coupled with total weight, maximum acceleration and maximum displacement that 
can be imposed to the model). Those limitations lead to either small scale models or 
to testing of rather simple in configuration buildings. In the first case, there are scale 
effects (to be taken into account when assessing the experimental results), the 
detailed discussion on which is beyond the scope of this paper. Furthermore, for 
dynamic similitude reasons, additional masses need to be arranged. The fact that 
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those masses are inevitably located on floors and roof (instead of being distributed 
along the height of the model), as well as the fact that additional masses are 
transferred to part of the cross section of masonry (e.g. through the timber beams 
of floors resting on the interior leaf of a double- or three-leaf masonry) may affect 
the behaviour exhibited by the model. Last but not least, the foundation of the 
model cannot be realistically modeled (the models are fixed on a rigid base) and, 
hence, also soil structure interaction cannot be studied. 

In this Section, a brief presentation of the results obtained from tests on building 
models in the last three decades is attempted. The overview of the experimental 
data is limited to tests on historic masonry. Still, an exhaustive presentation of all 
the available data being impossible, selected works are presented, those that allow 
for the identification of the effect of major features on the seismic behaviour of 
historic buildings. Although this paper does not cover the effect of intervention 
techniques to historic buildings, some selected results are included herein. Those 
results concern the effect of some techniques that could be termed as "systemic" 
interventions, in the sense that they affect the overall behaviour of historic buildings 
(e.g. enhancement of diaphragm action of floors and roofs, improvement of con- 
nection among the walls, etc.). 


8.5.2.1 Short Presentation of Tested Models 


The models that were subjected either to pseudo-dynamic or to dynamic tests on a 
shaking table have quite different characteristics in terms of scale (1:1 to 1:10), in 
dimensions, in number of storeys (1, 2 or 4), in arrangement of openings (doors and 
windows), in the flexibility of floors and roofs, in materials and construction type of 
masonry, etc. Therefore, a direct comparison of the experimental results is not 
possible. Nevertheless, a qualitative comparison of the data is attempted wherever 
possible. 

Benedetti (1980) performed a series of pseudo-dynamic tests on scale 1:2, 
one-storey multi-leaf stone masonry model buildings (plan dimensions 
1.90 x 2.20 m, Fig. 8.27a). Seismic excitation was simulated by static lateral 
loads via actuators. No roof was provided to the models. Three of the models 
were tested unstrengthened, whereas two models were tested after the application of 
a cement grout. One model was fully grouted, the other was partially grouted. 

Tomazevic et al. (1990, 1991, 1993) report the results of two series of shaking 
table tests on reduced scale (1:4) stone masonry building models. The two-storey 
models (Fig. 8.27b) were 1.0 x 1.10 m in plan. The total height was equal to 1.50 m, 
whereas the thickness of walls was equal to 0.12 m. The models were subjected 
along one direction, parallel to the walls without openings, to an adequately scaled 
acceleration record (Montenegro 1979 earthquake). The purpose of the research 
was to investigate the effect of the rigidity of floors. Thus, Model A was provided 
with timber floors (simply resting on the walls without openings), Model B was 
provided with RC slabs, whereas in Model C, prestressed steel ties (located 
underneath the timber beams) were used to improve the connection between 
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Model 1: Unreinforced 
walls. Masonry without 


header stones, limited 
use of cut stones at the 
corners. Timber lintels 
(support length=0,15m) 
above the openings 


Model A Walls 
reinforced with three 
horizontal 10cm x 10cm 
concrete ring beams, at 
heights-0,9m, 2,1m and 
2,6m. Walls with cut 
stones at the corners. 
Precast concrete lintels 
of (support length - 
0,15m) above the 
openings. 


Model 3: Walls reinforced with three horizontal timber 
laces, at heights-0,9m, 2,1m and 2,6m. Longitudinal 
timber elements were transversely connected by wood 
elements at intervals. Walls with cut stones at the 
corners. Timber lintels (support length-0,15m) above 
the openings. 


Fig. 8.27 (continued) 
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Fig. 8.27 An overview of building models subjected to dynamic testing. (a) Benedetti (1980). (b) 
Tomaževič et al. (1990, 1991, 1993). (c) Spence and Coburn (1987, 1992). (d) Models tested at 
ISMES and at LEE/Athens (Benedetti et al. 1998). (e) Bayülke et al. (2000). (f) Juhásová 
et al. (2002). (g) Juhásová et al. (2008). (h) Bergamo et al. (2006). (i) Tomaževič et al. (2009). 
(j) Ersubasi and Korkmaz (2010). (k) Shashi and Pankaj (2000). (1) Meguro et al. (2012). (m) 
Ahmad et al. (2010, 2012). (n) Mendes and Lourenco (2010). (0) Magenes et al. (2010, 2012a, b). 
(p) Mazzon et al. (2009). (q) Mouzakis et al. (2012a) and Adami et al. (2012) 
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longitudinal and transverse walls and to connect the floors to the walls. Finally, in 
Model D, the ground storey floor was a brick vault, whereas a timber floor was 
provided to the upper storey (Fig. 8.27b). Poor quality materials, typical for old 
buildings were used for the construction of the models. 

Spence and Coburn (1987, 1992) conducted an experimental program on three 
full scale single storey masonry building models, simulating the structural system 
that is typical for Eastern Turkey. The models, subjected to uni-directional impulse 
tests were 4.50 x 4.50 m in plan, 2.60 m high, whereas the (rubble stone masonry) 
walls were 0.60 m thick. All models were provided with a typical timber roof (made 
of timber beams and timber planking). On top of the planking a layer of 0.20 m 
thick compacted soil was added. Some characteristics of the models are shown in 
Fig. 8.27c. The models were subjected to gradually increasing impulse load until 
failure. 

The most extensive experimental programme reported in the literature is the one 
carried out at ISMES (Italy) and NTUA (Greece). Fourteen two-storey models 
(before and after interventions) at scale 1:2 were tested (Benedetti et al. 1998). 
Eight models were tested at ISMES (4 brick masonry and 4 stone masonry), and six 
models were tested at the Laboratory of Earthquake Engineering, Athens (3 brick 
masonry and 3 stone masonry) (Fig. 8.27d). The lintels were either arched or 
horizontal beams. All models were provided with timber floors and planking. In 
general, poor quality mortar was used. In the models tested at ISMES, the connec- 
tion between orthogonal walls was rather defective. The models were subjected to 
scaled accelerograms along two orthogonal axes before and after the application of 
interventions. Unfortunately, the investigated parameters are so many (in terms of 
applied interventions) and interrelated that it is rather hard to detect the effect 
of each separate remedial measure. 

One building model was tested on a unidirectional impulse table by Bayülke 
et al. (2000). The model made of pumiced bimsblock masonry was single storey. It 
was 4.00 x 5.00 m in plan, 2.60 m high. Masonry walls were 0.20 m thick. A 
peculiar characteristic was that the compressive strength of the blocks was signif- 
icantly smaller than the compressive strength of the mortar. A concrete slab was 
constructed at the top of the model. The model employed a concrete slab (made 
with ready mix concrete) and timber tie beams at roof level (Fig. 8.27e). 

Juhásová et al. (2002) conducted a series of shaking table tests at ISMES 
(Bergamo). Two-storey, scale 1:2, brick masonry models were tested before and 
after interventions. The peculiarity of those models is that they have quite pro- 
nounced asymmetry. Some of the characteristics of the model are shown in 
Fig. 8.27f. The model was initially tested as built until severely damaged. Then, 
it was retrofitted using lime cement fibre plaster reinforced with plastic grids. 

Juhásová et al. (2008) carried out shaking table tests on a full scale single storey 
stone masonry building (Fig. 8.27g) at LNEC in Lisbon. The asymmetrical model 
(non-provided with roof) was 3.58 m wide, 4.01 m long, 3.60 m high. The thickness 
of walls was equal to 0.24 m. The model was subject to the adequately scaled 
accelerogram of the Montenegro earthquake. 
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Bergamo et al. (2006) carried out shaking table tests on a 2-storey tuff masonry 
model building with three-leaf walls (Fig. 8.27h), before and after retrofit, at the 
facilities of CESI in Bergamo. The model was built in reduced scale of 1:2, and was 
2.85 m long, 2.60 m wide and 3.30 m high. The walls (0.30 m thick) were three-leaf 
(exterior leaves 0.10 m thick, filling with small pieces of tuff and mortar). The two 
exterior leaves were connected with header stones. Timber floors with plywood 
pavement were provided at both floor levels. Concrete tie beams were constructed 
at both floor levels. Timber lintels were provided to the openings. The model was 
tested both as-built and after strengthening using GFRP strips. The model was 
subjected to adequately scaled real accelerogram along two orthogonal axes. 

Tomaževič et al. (2009) have tested five two-storey brick masonry building 
models on the shaking table. The models (scale 1:4), with timber floors 
(Fig. 8.271) were tested before and after strengthening using CFRP laminates. 
Seismic isolation was also considered in some cases. The models were 1.32 m 
long, 0.76 m wide and 1.71 m high. The walls were 0.063 m thick. The 1979 
Montenegro earthquake accelerogram was imposed along x, y and z axes. 

Ersubasi and Korkmaz (2010) have tested ten small scale models (scale 1:10) on 
a shaking table (Fig. 8.27j). The dimensions of the single storey models were quite 
small (0.35 m long, 0.26 m wide and 0.30 m high). A marble plate, positioned at the 
top of the models was simulating a RC slab. One model was tested as-built. The 
other nine models were tested strengthened using various intervention techniques. 
Constant amplitude sinusoidal displacement was applied during tests and the 
frequency (and acceleration) of the motion were gradually increased. 

Shashi and Pankaj (2000) have tested (on an impulse table) two full scale models 
of single storey stone masonry (Fig. 8.27k). The models were first tested strength- 
ened using various techniques. Then, they were repaired and retested. The models 
were 2.90 m long and 2.60 m wide. The roof is described as “gable type" without 
any further information. The quality of materials and the construction type of 
masonry are not given in the publication. 

Meguro et al. (2012) conducted an experimental research on two scaled (1:4) 
single storey models with timber roof (Fig. 8.271). The models (0.95 m long, 0.95 m 
wide and 0.72 m high) having walls 0.10 m thick made of stone masonry were 
subjected to unidirectional motions. The models were tested both as-built and 
retrofitted after damage. 

Ahmad et al. (2010, 2012) performed a series of tests on one single storey stone 
masonry model with a reinforced concrete slab, simulating typical rural buildings in 
Pakistan (Fig. 8.27m). The model (1.52 m long, 1.22 m wide and 1.04 m high) made 
of double-leaf masonry, it was scaled to 1:3 and it was subjected to a series of 
motions along its weak direction. 

Mendes and Lourenco (2010) have tested two 4-storey models at the LNEC 
facility (Fig. 8.27n). The models were subjected to artificial accelerograms along 
two orthogonal directions. One of them was tested as-built, the other after inter- 
ventions. The two models, typical for houses in Lisbon, were at 1:3 scale. The 
models (4.8 m long, 3.15 m wide and 4.8 m high) were made of single leaf stone 
masonry 0.17 m thick and timber floors (timber beams and MDF panels as 
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pavement). The panels of the pavement were positioned leaving 1 mm joints among 
them, in order to reduce the in-plane stiffness of the diaphragms. The intervention 
techniques that were applied, aimed at increasing the diaphragm action of the floors 
and at improving the connection between floors and walls (to prevent out-of-plane 
collapse of the latter). 

Magenes et al. (2010, 20122, b) report the results of a series of shaking table tests 
on full scale stone masonry models carried out at the Eucentre facility, Pavia. The 
three models were 2-storey buildings with timber floor and roof (Fig. 8.270). They 
were made of double-leaf stone masonry, 0.32 m thick. The models (provided with 
additional masses for dynamic similitude reasons and adequately instrumented) 
were subjected to series of scaled accelerograms (1979 Montenegro earthquake). 
One of the models was tested as built, the others after the application of intervention 
techniques (such as enhancement of the diaphragm action by means of a second 
planking, improvement of the connection of horizontal and vertical members, 
substitution of the floor by a reinforced concrete slab etc.). 

Mazzon et al. (2009) and Mazzon (2010) report the results of shaking table tests 
on two storey three-leaf stone masonry building models (scale 2:3). The models 
(Fig. 8.27p) were provided with timber floors with double planking (for improved 
diaphragm action). One of the models was tested before the application of grouting 
to masonries, it was grouted and retested, whereas the second model was tested 
grouted. The purpose of those tests, with models subjected to a series of motions 
along two orthogonal axes, was among others, to detect the effect of grouting on the 
dynamic properties of buildings. Finally, 

Two two-storey building models were tested at the facility of the Laboratory of 
Earthquake Engineering, Athens. The models, made of three-leaf rubble stone 
masonry (Mouzakis et al. 2012a and Adami et al. 2012), were identical in geometry, 
materials, construction details, etc. Their only difference was that one was made of 
plain masonry, whereas the other was provided with timber-laces, to simulate 
structural systems that are very common in earthquake prone areas around the 
Mediterranean. The two models (Fig. 8.27q) were subjected to a series of scaled 
accelerograms (Kalamata, Greece, 1986 and Irpinia, Italy, 1980) along two orthog- 
onal axes, until they are severely damaged. Subsequently, they were strengthened 
(enhancement of diaphragm action and grouting of masonry) and retested to failure. 

The short presentation of the Literature related to dynamic testing of building 
models shows the variety of the parameters investigated by various researchers and, 
hence, the difficulties in making comparisons and draw general conclusions. How- 
ever, an attempt for such a comparison is presented herein, together with an effort to 
draw qualitative conclusions that may be of interest for the Reader of this paper. 


8.5.2.2 The Overall Behaviour of Building Models at Their as-Built 
State 


Although, as depicted in the previous paragraph and in Fig. 8.27, there were 
significant differences between the models tested by various researchers (in terms 
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of scale, materials, construction type of masonry, number of storeys, loading 
history, etc.), Fig. 8.28 shows the similar results obtained by almost all experimen- 
tal campaigns in terms of failure mode of the models tested on a shaking table. 
Actually, the models shown in the photographs and sketches of Fig. 8.28 have 
common characteristics, typical for historic buildings, namely, rather flexible in 
their plane diaphragms, a more or less good connection between perimeter walls at 
the corners of the building, small to medium size openings (windows and doors) 
and piers of rather small aspect ratio. Thus, the experimental results reproduce the 
damages that are usually observed to masonry buildings after seismic events, i.e.: 
(a) Diagonal or bi-diagonal cracks in walls subjected to in-plane shear, (b) Diagonal 
or bi-diagonal cracks to the masonry plates between openings of the two storeys 
(very vulnerable to shear, as they are usually under simultaneous horizontal ten- 
sion), (c) Cracks attributed to the out-of-plane or in-plane bending of walls, 
i.e. almost vertical cracks close to the corners of the buildings and horizontal cracks 
at top and bottom of piers. In some cases, when openings are located close to the 
corners of a building, partial or total collapse of that region is observed. Finally, 
(d) in case of three-leaf masonry, separation between leaves and partial collapse of 
the exterior leaf of masonry was observed. 

It should also be noted that in the model tested by Adami et al. (2012), in which 
masonry was provided with horizontal timber laces, significant improvement of the 
behaviour was observed. Actually, the damages occurred to the timber laced model 
due to a seismic motion by 30 % higher (in terms of PGA) than in the unreinforced 
masonry model were significantly lighter (in terms of width of cracks), whereas 
separation between the leaves of masonry was practically prevented. Figure 8.28m 
shows a splice of longitudinal timber elements, as well as the timber laces at one 
corner of the building: The relative movement of the timber elements at their 
connections proves that the timber laces were mobilized and they have prevented 
the opening of wide cracks in masonry. Furthermore, the presence of timber laces 
has reduced the out-of-plane vulnerability of walls. As shown in Fig. 8.29, the 
displacements of the long walls of the timber laced model were almost equal to 
those of the unreinforced masonry model subjected to 30 % smaller PGA. 

More detailed direct evaluation of the experimental results reported in the 
literature would require the availability of measured data, as well as systematic 
analytical work. Such an assessment is obviously beyond the scope of this paper. 
However, the fact that most of the testing campaigns reproduce the real behaviour 
of historic buildings subjected to seismic actions is a clear indication of the 
reliability of the obtained data. Thus, it can also be assumed that testing building 
models on a shaking table may provide reliable results on the effect of various 
intervention techniques. Although the study of the effect of repair and strengthening 
techniques on the seismic behaviour of historic buildings is out of the scope of this 
paper, the author would like to comment on selected experimental results that 
demonstrate the effect of two intervention techniques frequently applied to historic 
buildings and widely accepted also by Architects involved in the preservation of the 
built cultural heritage, namely grouting of masonry and enhancement of the dia- 
phragm action of floors and roofs. 
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Fig. 8.28 Overview of the general behaviour of building models. (a) Benedetti 1980. (b) 
Tomaževič et al. 1990, 1991, 1993. (c) Spence and Coburn 1987, 1992. (d) Benedetti 
et al. 1998. (e) Bayülke et al. (2001). (f) Tomaževič et al. 2009. (f) Tomaževič et al. 2009. (g) 
Shashi and Pankaj 2000. (h) Meguro et al. (2012). (i) Mendes and Lourenco (2010). (j) Magenes 
et al. (2010, 2012a, b). (k) Mazzon et al. (2009). (I) Mouzakis et al. (2012a) and Adami 
et al. (2012). (m) Adami et al. (2012) 
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Fig. 8.29 (a) Plain masonry model: Out-of-plane displacements of the long wall for an input 
motion equal to 90 % Kalamata earthquake, (b) timber laced model: Out-of-plane displacements 
of the long wall for an input motion equal to 120 % Kalamata earthquake (Mouzakis et al. 2012a, 
b; Adami et al. 2012) 


8.5.2.3 The Effect of Grouting and of Enhancement of the Diaphragm 
Action on the Behaviour of Historic Buildings 


Due to the fact that masonry is a brittle material and, by way of consequence, 
masonry elements reach their maximum resistance at rather small imposed defor- 
mation, it is desirable to ensure to masonry buildings sufficient box-action. In such 
a case, the deformations to be sustained by the building are significantly reduced 
(for the same seismic input) and the building can sustain even strong motions 
without collapse. Along the same line, vulnerable construction types of masonry 
(double- and three-leaf masonries) that become “monolithic” through interventions, 
can sustain seismic actions without significant separation of their leaves and, hence, 
without local or more generalized collapse of the exterior leaf. Among the tech- 
niques available for enhancing the box action of masonry buildings and making the 
masonry behave in a more or less monolithic way, this section focuses on the 
enhancement of the diaphragm action of floors and roofs, as well as on the grouting 
of masonry. 

In the past decades, the replacement of timber floors and roofs by RC (horizontal 
or inclined) slabs was quite frequent. However, in addition to the fact that such a 
replacement is rather invasive (as it alters significantly the original structural 
system), there is evidence of catastrophic effects of this intervention. Actually, 
when-stiff in their plane and quite heavy-RC slabs are simply supported by masonry 
(in many cases, not strengthened), they may act as a hammer during the earthquake, 
thus causing non-repairable damages to masonry (Fig. 8.30). Thus, the possibility to 
ensure sufficiently stiff diaphragms without replacing the original timber floors and 
roofs was experimentally investigated by several researchers. 

Piazza et al. (2008), Valluzzi et al. (2010), Wilson et al. (2011), Zaopo (2011) 
have tested timber diaphragms either as-built or stiffened using various techniques 
(e.g. double board, FRP strips, diagonal steel ties, plywood panels, RC slab, etc.). 
They have tested single span diaphragms in their plane (monotonically or cycli- 
cally) and they have recorded both the deflection of the diaphragm and the 
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Fig. 8.30 Catastrophic effect of RC slabs on poor quality (unstrengthened) masonry (courtesy of 
Prof. C. Modena) 


respective in-plane load. As shown in Fig. 8.31, the use of double board may lead to 
an increase of the in-plane stiffness of the floor, almost by an order of magnitude. 
The use of plywood as pavement provides similar stiffness with a reinforced 
concrete slab. Similar results are shown in Fig. 8.32, where the lower curves 
correspond to floors typical for historic buildings. It is evident that, in all cases, 
significant enhancement of the in-plane bearing capacity of the floors was also 
recorded. On the basis of the available results, one may conclude that the addition 
of a second layer of boards (preferably, at an angle with respect to the original layer 
of boards) may render the diaphragms sufficiently stiff in their plane. This is a very 
promising result, since this technique is reversible and acceptable even for high 
value historic structures. 

The effect of the enhanced in-plane stiffness of diaphragms was also tested 
through shaking table tests of entire building models. Actually, Tomaževič 
et al. (1991, 1993) have tested four building models with four different types of 
floors (model A: typical timber floor, model B: RC slab, model C: timber floor with 
prestressed steel ties, model 4: vaulted floor, see also Fig. 8.27b). As shown in 
Fig. 8.33, the typical timber floor is rather flexible in its plane. Actually, the 
mid-span displacement is almost double the displacement at the supports of the 
floor. On the contrary, in the other three models, the floors did perform quite 
satisfactorily, thus forcing the supporting walls to sustain practically equal dis- 
placements. The results were similar in the case of the building models tested by 
Magenes et al. (2010, 2012a, b). The authors did also draw a very significant 
conclusion by stating that “. . the improvement on the seismic performance appears 
to be related more to the improvement of the floor-to-wall and roof-to-wall con- 
nections, rather than to a strong in-plane stiffening of the diaphragms”. 

Mouzakis et al. (2012a) in their shaking table tests have provided to the building 
models a second layer of boards (at an angle of 45? with respect to the original 
pavement, Fig. 8.34). Natural frequency measurements along x and y axes have 
shown a significant difference along the two axes (6.05 and 4.21 Hz respectively), 
due to the significantly smaller stiffness perpendicular to the long side of the model. 
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Fig. 8.31 Experimental setup and main results (Piazza et al. 2008) 
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Fig. 8.32 Test setup and main results (Valluzzi et al. 2010; Zaopo 2011) 


After strengthening, the two values were substantially larger (10.36 and 9.95 Hz 
respectively) indicating a significant overall increase of the stiffness of the model. 
More importantly, the two frequency values are almost equal along the two axes, 
indicating that the stiffness of the strengthened diaphragms was able to ensure the 
box action of the model. 
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Fig. 8.33 Out-of-plane displacements of walls for various alternative floor types (Tomaževič 
et al. 1991, 1993) 
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Fig.8.34 Enhancement of the diaphragm action of floors (Mouzakis et al. 2012a): (a) the original 
pavement, (b) the pavement with the second layer of boards, (c) detail of the connection between 
diaphragm and walls, (d) the model after strengthening 


The effect of grouting on the seismic behaviour of building models was inves- 
tigated by several researchers, in most cases combined with other intervention 
techniques as well. Mazzon et al. (2009) and Mazzon (2010) have investigated 
the effect of grouting alone. One of the main findings of their research is that 
grouting provides a significant enhancement of the seismic resistance of masonry 
buildings without altering their dynamic properties. Grouting prevents the separa- 
tion of masonry leaves and, hence, it reduces their seismic vulnerability. 

Tests by Adami et al. (2012) on a timber laced masonry model before and after 
the application of grouting have shown that under the same input motion that led to 
significant damages of the unstrengthened model, the grouted model did not suffer 
any damage. 

A final observation that, in the opinion of the author, needs to be further 
investigated and discussed upon is illustrated in Fig. 8.35. Shaking table tests by 
Mouzakis et al. (20122) have shown that, although masonry is a brittle material and 
masonry elements are also brittle, masonry buildings may exhibit significant duc- 
tility, even at their as-built state. Although this result is reported with caution 
and it definitely needs to be confirmed by further experimental data, it may 
insinuate that historic masonry buildings avail of reserves-not easily detectable 
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Fig. 8.35 Envelop of 20000 
hysteresis loops for a plain 
masonry building model 

tested on the shaking table 


I 
Y-Direction 

= = = - After strenghening 

Before Strenghening |. 


150.00 


100.00 


Base Shear Y (kN) 


before and after &$ | [|. | ^^*-«-----.-. L. ` 
strengthening (Mouzakis S500 HR 
et al. 2012a) i 
0.00 
60 80 


Top Relative Displacement (mm) 


by calculations-which ensure a significantly better behaviour than usually assumed. 
It should be noted that this observation seems not to contradict reality, as many 
historic structures survived several earthquakes, although according to our calcu- 
lations they should have failed. 


8.6 Concluding Remarks 


This paper provides an overview of the results obtained from testing masonry 
elements, subassemblies and building models. Although this overview is clearly 
incomplete, both because it does not cover but a part of the available experimental 
results and because it does not offer but some general comments on the data, it 
allows for some qualitative conclusions to be drawn: 


(a) The international Literature is rich in results of experimental campaigns related 
to the behaviour of masonry elements (in compression, shear or out-of-plane 
flexure), of subassemblies, as well as of models of entire buildings. A vast 
variety of combinations of building materials, construction types of masonry, 
geometry of specimens, experimental setups, types of loading, scale of tested 
specimens, etc. can be found in publications. Valuable data are available on the 
mechanical properties of various types of masonry, as well as on stiffness and 
bearing capacity of elements, on the hysteretic behaviour of elements or 
assemblies. However, 

(b) Due to the variety of parameters investigated by various researchers, a direct 
comparison among seemingly comparable experimental results is in many 
cases not possible. In order to take the maximum profit of the available valuable 
data, the development of sound physical models is necessary. Furthermore, 
systematic analytical work is needed, in order to validate and calibrate physical 
models and propose design models adequate for practical use. 

(c) Although numerous experimental campaigns were carried out throughout the 
globe, there are still several aspects of the behaviour of historic masonry 
structures that remain insufficiently investigated. For example, out of the 
frequent types of masonry found in historic structures, only a limited variety 
has been investigated to date. Even their behaviour under compression is not 
adequately documented (in terms of strength, deformability, post-peak 
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behaviour, etc.). Furthermore, the behaviour of historic masonry under a com- 
bination of in- and out-of-plane actions is not sufficiently investigated at the 
level of structural member or subassemblies. Taking into account the vulnera- 
bility of historic masonry to out-of-plane actions and the subsequent effect of 
that vulnerability to the in-plane behaviour of structural members, this lacuna is 
quite significant. Moreover, 

(d) The experimental results are not presented in a form that would allow for 
comparisons at a large scale. Even the definition of some terms differs from 
publication to publication. Thus, although valuable qualitative conclusions can 
be drawn, the need for results liable to quantitative assessment is-in general-not 
satisfied. If one adds to those difficulties the inherent scatter of the experimental 
results, it becomes obvious that an exhaustive assessment of the Literature is a 
task with rather dubious outcome. 

(e) Thus, the author of this paper would like to make a proposal for future work 
within the European Association: An international group of experts both in 
experimental work and in the preservation of the built cultural heritage could 
collect all relevant publications. The group could establish a model for the 
presentation of experimental data, rendering the data liable to quantitative 
evaluation. The model forms should be filled for each publication. Obviously, 
in many cases it would be necessary for the group to contact the researchers 
asking for more data or for data in the adequate form. The final step would be 
the assessment of the experimental results and the creation of a database that 
could be made available to the Public. Such a database could also allow for the 
identification of open issues and, thus, guide further research on the subject. 
The author of this paper is conscious of the fact that such an operation is quite 
ambitious. However, it is strongly believed that this is a necessary step for the 
rationalization of the work of Engineers and, hence, for the preservation of 
the wealth the built cultural heritage constitutes for Europe. 


Open Access This chapter is distributed under the terms of the Creative Commons Attribution 
Noncommercial License, which permits any noncommercial use, distribution, and reproduction in 
any medium, provided the original author(s) and source are credited. 
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Chapter 9 

Earthquake Risk Reduction: From Scenario 
Simulators Including Systemic 
Interdependency to Impact Indicators 


Carlos Sousa Oliveira, Monica A. Ferreira, and F. Mota Sa 


Abstract Earthquakes have a strong effect on the socio-economic well-being of 
countries; the consequences can lead to a complex cascade of related incidents, 
expanding across sectors and borders, and in a more serious context, to our basic 
survivability. An urban area consists on several complex and highly connected 
systems. A significant loss of housing, education, power outages or other compo- 
nent would have substantial negative impacts. How would constrains in residential 
areas affect the residential distribution of the region? How would a general change 
in accessibility due to severe damage affect the population or the economy 
(employment changes)? 

Disasters are still predominantly seen as exogenous events, unexpected and 
unforeseen shocks that affect normally functioning economic systems and societies 
rather than as endogenous indicators, an integrated, and mutually influencing 
process where financial, health, economic and social risks are considered as both 
facets and at the same time contributing factors in an interdependent process of risk 
creation, accumulation, mitigation, and transference. 

Seismic scenario simulators have been used as tools to estimate damages 
inflicted by earthquakes in a region. Up to now this powerful simulators calculate 
and maps the direct damages on urban environment such as the building stock and 
infrastructures, not including the propagation effects among these components. 
This paper presents a novel approach to study in a macro scale an urban region, 
including the systemic interdependencies among urban elements. The methodology 
allows the observation of urban disruptions caused by the interdependencies and 
measured through a Disruption index. This index permits to identify the most 
vulnerable elements, being essential for the risk reduction. 
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9.1 Introduction 


Natural disasters, namely earthquakes have clearly demonstrated that preparedness 
and disaster management are dynamic processes that require a holistic analysis of 
critical interdependencies among core infrastructures in order to mitigate the 
impact of extreme events and improve survivability of our society. 

This paper, after a first analysis of the earthquake activity since 1900 and, in 
particular, in the last 20 years, in relation to the impacts caused to society, describes 
the main successes achieved to estimate the impact of future events and present a 
new indicator based on the disruption caused to the population due to not only the 
direct impact of shaking but also including the effect of interdependences among 
the various urban systems. 


9.1.1 Trends of Natural Disasters 


“The so called natural disasters, that is, those related to phenomena of Nature, have 
caused throughout the centuries great convolutions in the process of human devel- 
opment. Even though advances in science and technology have produced a great 
deal of knowledge on the causes of those disasters, human deaths in the world per 
million inhabitants are only slightly decreasing with time, but the economic losses 
have dramatically increased in the last decades. The rise in world population and 
the complexity of societal organization, among others, are factors that may explain 
this unfortunate fact. Inadequate non-sustainable use of the territory and present day 
inadequate construction practices, especially in developing countries, are clear 
causes of the too frequent “natural” disasters" (Oliveira et al. 2006). 

The economic and livelihood losses associated with damaged and destroyed 
housing, infrastructure, public buildings, businesses and agriculture have been 
rising at a rapid rate as well as the mortality associated with geological hazards 
such as earthquakes and tsunamis. How is it possible that progress, which should 
lead to reduced losses, is actually being accompanied by rising losses? 

The concentration of people and values in large conurbations as well as settle- 
ment in and industrialization of extremely exposed regions are some reasons to 
globally increase losses. It is estimated that by 2030 some 60 % of the world's 
population will live in urban areas and by 2050 this will have risen to 70 96 
(UN-HABITAT 2008; WDR 2010). Figure 9.1 shows the urban agglomerations 
with more than five million inhabitants in 2010 together with the zones of higher 
seismic hazard. 

As known, seismic risk is a convolution of Hazard, Exposition and Vulnerabil- 
ity. Looking to the history of earthquakes it is very clear that the higher of one of 
this variables, the higher the risk. 

Figure 9.2 present the evolution of number of victims (a) and economic losses 
(b) per decade during the twentieth century due to seismic activity. The two decades 
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Fig. 9.1 Urban agglomerations with more than five million inhabitants in 2010 and seismic 
hazard regions (Karklis 2010) 
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Fig. 9.2 Evolution of losses during the twentieth century: (a) to the population; (b) economic 
(normalized to 1997, per million inhabitants) 


with more victims were the 1920-1930 with the Japan Kanto earthquake and the 
1970-1980 with the Chinese Tangshan earthquake. The yearly average of events is 
three and the average of victims is 15,000 per year. Looking to Fig. 9.2 one 
observes that even though the number of victims is not a stationary process, the 
economical losses have increased steadily over the years in an exponential way. 
This increase is explained by the fact that each time a destructive earthquake strikes 
the larger the impact in the society, due to the larger assets involved and to the 
cascade effects of our modern society. 

In the last 15 years a similar trend has occurred. Earthquakes and tsunamis such 
as Sumatra 2004, Sichuan 2008, Haiti 2010 and Tohoku 2011 are extreme events in 
terms of consequences as shown in Fig. 9.3. In relation to economic losses, the 
increase trend of Fig. 9.2(b) is similar for the first decade of the twenty-first century. 
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Fig. 9.3 Victims from earthquakes (and tsunamis) in the last 15 years and corresponding 
magnitude values 
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Fig. 9.4 Annual number of earthquakes in the last 43 years in the World by classes of magnitude; 


green triangle — 6 < M < 6.9; red squares — 7 < M « 7.9; blue diamonds — 8 < M. (USGS 2012; 
EMSC 2014) 


Figure 9.3 also shows that victims are not only caused by the very large 
magnitude events. Sometimes a M7, as the case of Haiti, can cause such a large 
number of victims, naturally due to the way, in many regions, society has dealt with 
the earthquake threat. 

The pattern of earthquake impact cannot be attributed to an increase of seismic 
activity. In fact in Fig. 9.4 we plot the annual number of earthquakes in the world by 
classes of magnitude (6 < M < 6.9; 7 < M < 7.9; 8 < M), and it does not seems that 
seismic activity by itself has been increasing in the last 43 years. The earthquake 
impact is much more dependent on the increase of assets and of its vulnerability in 
many urban regions. 
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We will try to show that the impact of earthquakes is a multi-facet problem with 
consequences on the population and on the built environment, and demonstrate that 
in modern societies the effect of systemic dependences is marking with great power 
the traditional way to look at earthquakes and society. 

The figures above show the losses in terms of victims and economic impact, but 
they not reflect the livelihood impact, the business disruption, the red zone areas or 
the number of years that this impact will last. Can we get an indicator capable of 
telling us the “disruption” in a society caused by an earthquake, measuring the state 
of disorder that was caused? 


9.2 Scenario Earthquake Simulators. An Evolution 


Many different software packages have been produced by different schools around 
the world in order to provide accurate seismic risk estimates. Table 9.1 presents a 
review of recent open source software packages. 

These powerful seismic risk simulators can compute loss and damage estimate, 
risk scenarios or the associated benefit by cost of retrofitting, but they do not include 
the propagation and cascade effects existing in an urban area. 


9.2.1 QuakeIST^ 


An earthquake scenario simulator is produced to assess the impact of future 
earthquakes on a defined area of exposure, which may be a city, region or country, 
or a portfolio of buildings and facilities within such a geographical area. This is an 
ambitious aim since the problem is very complex and there is major uncertainty 
related to several elements: the ground-motion prediction equations; the ground 
conditions (site effects); the characterisation of the building stock and infrastructure 
exposure; the definition of the vulnerability of the exposed elements; the modelling 
of propagation effects, the estimation of repair costs and human casualties. 

Figure 9.5 shows the main modules that constitute an earthquake scenario 
simulator from hazard definition, exposure, vulnerability, to the loss assessment. 

Various approaches exist regarding the damage appraisal, such as financial and 
economic valuation based on market values (i.e. based on historical values or 
replacement values) — Today the typical approach is the economic estimation of 
direct damage. Earthquake scenario simulators developed until now show direct 
physical damage in terms of victims, buildings, essential facilities and transporta- 
tion systems, without including estimations of indirect losses or propagated effects 
(functional interdependencies). For a consistent decision analysis it is desirable to 
include an holistic approach. 

The QuakeIST® is an integrated simulator developed by Instituto Superior 
Técnico (Mota de Sa, 2012, QuakeIST® software, personal communication), to 
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Table 9.1 Synopsis of seismic risk software packages 


Graphical 
Programming user Type of 
Software Institution language Applicability Availability interface calculators 
ELENA NORSAR MATLAB/C User-defined OS Yes SCN/SDA/ 
PEB 
EQRM GA Python User-defined OS No SCN/SDA/ 
PEB 
ELER KOERI MATLAB User-defined SA Yes SCN/SDA 
QLARM WAPMERR Java World SC Yes SCN/SDA 
CEDIM CEDIM Visual Basic User-defined SC Yes SCN/SDA/ 
CPB 
CAPRA World Bank Visual Basic Central SC Yes SCN/PEB 
America 
RiskScape GNS Java New Zealand SA Yes SCN/SDA 
LNECLoss LNEC Fortran Portugal SC No SCN/SDA 
MAEviz MAE Java User-defined OS Yes SCN/SDA/ 
Center CPB 
OpenRisk SPA Risk Java USA SA Yes CPB/BCR 
OpenQuake GEM Phyton World OS Yes SCN/SDA/ 
PEB/ 
CPB/ 
BCR 
Adapted from Silva et al. (2013) 


OS open-source (code on a public repository), SA standard application (available under request), 


SC sourc 


e code (available under request) 


SCN scenario risk, DAS scenario damage assessment, PEB probabilistic event-based risk, CPB 


classical 


Fig. 9.5 
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provide assistance in risk assessment and disaster management to decision makers 
and other people concerned to take the right decisions related with the topic. This 
sophisticated software can model physical risk assessment and is the first earth- 
quake risk simulator that offer an integrated cascade-effect approach and a global 
impact at urban or regional scale (the DI, Disruption index: Oliveira et al. 2012; 
Ferreira et al. 2014). The results provided by QuakeIST® are capable to identify 
important factors and systems which contribute to main urban disruptions, provid- 
ing plans and guidance for short-, medium-, and long-term investment projects to 
reduce risk. 

QuakeIST™ software was applied in several countries (Italy, Portugal, Spain and 
Iceland) during the UPStrat-MAFA Project (2012), to generate and measure risk, 
quantify the impacts, and improve the capacity to define strategies to address 
adverse natural events. The locations under study were very important to calibrate 
and validate several parameters of the model, using real earthquakes (Lorca, Spain 
2011; Faial, Azores 1998; Mount Etna, Italy 1914; and Hverageroi, Iceland 2000 
and 2008). 

A brief description of the key features of the QuakeIST® software is presented 
below: 


— The simulator (QuakeIST®) can handle different ground motion scenarios pro- 
vided by the user, referring the ground motion values to coordinates, using 
external scenarios obtained from different software’s like SASHA (D'Amico 
and Albarello 2008), PROSCEN (Rotondi and Zonno 2010), or any historical 
seismic scenario. 

— QuakeIST® contains several well-known attenuation relationships that the user 
may select or adapt to their own conveniences, in order to calculate ground 
shaking based on an epicentral position (coordinates) and magnitude. 

— QuakeIST® requires shaking intensity, PGA, PGV or PGD as an input parameter 
to some objects. Conversion between PGA, PGV, PGD and different 
macroseismic intensity scales was implemented. Soil information can be han- 
dled through EC8 soil classes (EC-8 2004), and there are several possible 
options the user can choose to manage site effects (soil amplification/ 
deamplification). 

— QuakeIST® is written in C++ and interacts (but do not rely on them) with 
virtually all platforms of geographical information system software (GIS), 
such as ESRI, QuantumGIS, and others, to create maps and measure the possible 
impact caused by earthquakes in urban systems. 

— Various models to calculate direct damages (macroseismic model -Giovinazzi 
and Lagomarsino 2004), the capacity spectrum (Freeman 2004), N2 (Fajfar 
1999) or fragility functions) are included and users can upload their own 
vulnerability parameters or include new ones. 

— Different types of assets can be modeled (buildings, schools, bridges, various 
types of networks — water, power-electricity, gas, communications-telecom, 
population, etc.). 
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— QuakeIST® contains algorithms for propagation effects and earthquake impact 
assessment. 

— Losses maps and maps illustrating the cascade effects can be plotted for a given 
asset typology. 

— The Disruption index can be presented for a city, a region or plotted in a 
geographic environment. This latest option is very important to share informa- 
tion to general public (people without a scientific background). 


Earthquake insurance and compensation systems are important parts of strate- 
gies for dealing with seismic risks. They use sophisticated models to price earth- 
quake risk. By using QuakeIST® with the DI calculator can assist in analyzing the 
damage correlation and interdependence damage propagation; DI can certainly 
contribute to the development of innovative earthquake insurance systems reducing 
some of the existing “blind spots” (http://insurance.about.com/). 


9.3 New Advancements: Interdependences and Cascade 
Effects 


9.3.1 Disruption Index 


Where risk analysis looks at the impacts of catastrophic events, the analysis is 
generally restricted to the immediate effects and impacts rather than to identifica- 
tion of how economic processes generated the risk in the first place and how direct 
and indirect impacts then run through the economy affecting future development in 
diverse ways. 

Damages and the magnitude of adverse impacts can be categorized as shown 
below: 


— Direct losses: losses resulting from direct impact to buildings and 
infrastructures. 

— Indirect losses: losses resulting from the event but not from its direct impact, for 
example, transport disruption, business losses that can’t be made up, losses of 
family income, etc. 


In both loss categories, there are two sub-categories: 


— Tangible losses: loss of things that have a monetary (replacement) value, for 
example, buildings, livestock, infrastructure, etc. 

— Intangible losses: loss of things that cannot be bought and sold, for example, 
lives and injuries, heritage, and others. 


The larger the city, the greater its complexity and the potential for disruptions 
when facing an adverse event. For example, damage or non-functioning of infra- 
structure facilities also causes long-term impacts, such as disruptions to clean water 
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and electricity, deterioration of health condition owing to waterborne diseases. Loss 
of livelihoods, production and other prolonged economic impacts can trigger mass 
migration or population displacement. 

The Disruption Index (DI) was constructed to quantify the state of disorder 
induced by the disruption of urban structure and its systemic functions. Figure 9.6 
presents schematically the earthquake global impacts taking into account the 
various subsystems and interdependencies among them. 

This general model considers a number of subsystems which deals with the 
allocation of activities and components and their interaction and interdependencies. 
Crucial to the modelling process of DI was capturing and analysing the systems 
dependencies and the chain of influences and effects that cross multiple systems 
(Ferreira 2012). 

An urban area consists on complex, dynamic and highly interrelated systems. As 
mentioned significant loss of housing, education, power or other component would 
have substantial negative impacts. How would constrains in residential areas affect 
the residential distribution of the region? How would a general change in accessi- 
bility due to severe damage affect the population or the economy (employment 
changes)? 


9.3.1.1 Structuring Disruption Index Model 


When experimenting with urban systems, a first difficulty is to define what type of 
elements can be studied. A crucial part of the modelling process is to develop a 
general framework capable to clearly identify, capture and analyze each level of 
organization, the systems dependencies and the chain of influences and failures due 
to system/component interactions (Ferreira 2012; Ferreira et al. 2014). 

In order to identify the most important effects on a society, its economy and 
other sectors, more than 70 “primary concerns” were found as systematically 
present in all texts and reports. Following some fundamental rules of decision 
problem structuring, these primary elements were aggregated in 14 Fundamental 
Criteria (Fig. 9.7) translating critical dimensions (urban functions) that cooperate in 
an interdependent fashion. Those dimensions encompass six fundamental human 
needs: “Environment, Housing, Healthcare, Education, Employment and Food", 
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Fig.9.7 Disruption index, the adjacency matrix A. In columns, we represent the graph elements. 
The square matrix contains the six criteria; the other black rows contain the services and 
components, and the right columns (blue) show the elements that supports all other functions 
(Ferreira 2012) 


and are conditioned by several other main functions/systems such as mobility, 
electricity, water, telecoms and others, which in turn are dependent by the reliability 
of several buildings, equipments and critical or dangerous facilities. To give an 
example, from Fig. 9.7 we can say that the dependencies of Environment are Water, 
Sanitation and Dangerous facilities. 

Water depends on the operation of the Water system equipment and of the 
Electricity supply, which depends in turn on the Electric system equipment, and 
we have a chain of dependencies and interdependencies. 

Propagation and cascading effects can be calculated in a bottom — up sequence, 
starting with the physical damages directly suffered by the exposed assets (nodes 
with the lowest topological order), proceeding with the impacts that each node has 
in the functional performance of nodes that depends on them, until reaching the top 
node, DI (which is the one with higher topological order). Mathematically, the DI 
can be represented by its Adjacency Matrix of a Directed Graph [G], in which the 
element Gij equals 1 if row i depends on column j and is zero otherwise. 


9.3.1.2. Impact Assessment 


It is possible to associate qualitative impacts to each urban function and element 
(criteria), using a scale, describing as objective as possible all the plausible impacts 
that may presents. 
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Table 9.2 Criteria (Human needs) and respective consequence descriptors 


Criteria Descriptors 


Environment Identify materials or elements that can pose a substantial or potential hazard to 
human health or the environment when improperly managed: soil and water 
contamination, radiation, radioactive waste, oil spills, etc. It also assess the 
impact of service disruption of urban hygiene/public health from debris storage 
(building materials, personal property, and sediment from mudslides), contam- 
ination of water (unsafe drinking water and sanitation) and the high concen- 
tration of people in the same space 


Housing Evaluates whether a particular area may or may not be occupied for housing 
function as a result of the damage, also indicates alternative housing/shelter 
Food Evaluates if the food is accessible to the majority of the population and identifies 


alternatives to their supply (coping strategies) 

Healthcare Determines if the population is served by a sufficient number of health facilities 

Education Measures the discontinuity of education and the number of people without school 
lessons and identifies alternatives for recovery 

Employment Evaluates whether a certain area retains its activity as a result of the damage after 
the earthquake and identify new clusters of jobs that can be generated 


Table 9.2, presents the descriptors associated with each criterion of human 
needs. 

The impacts associated with a certain criterion are restricted to a range of 
plausible levels of impact (Roy 1985), from the more desirable level (normal or 
I) to a less desirable level (exceptional or IV—V). Taking into account the whole 
family of criteria, it is possible to define the overall response of the system, 
originating in the Disruption index, as the result of the interactions between the 
various systems (the results of sequencing actions are determined by individual 
actions). The values given for each criterion provide a single value to DI between I 
and V, a range of impacts of the earthquake in urban systems (Table 9.3). 

It is worth noting that these levels have no cardinal meaning; these impact scales 
are only ordinal (neither interval nor ratio scales). For example, we can say that 
impact V is greater than impact IV and that impact III is greater than impact I but, 
we cannot say that impact IV is twice impact II nor that the difference between 
impacts IV and III is à times the difference between impact III and impact II. 

Each level of DI conveys which are the disruptions and influences (physical, 
functional, social, economic and environmental) that a given geographic area is 
subjected when exposed to an adverse event. The enumeration of impact levels of 
each sub-system is provided in Table 9.4. Using the aforementioned DI, 
QuakeIST® can also compute impact and plot the respective maps. This is the 
first time that all the components for impact assessment are integrated and work 
seamlessly in just one software platform. 
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Table 9.3 Qualitative descriptor of disruption index, DI (impact levels are numbered in decreas- 
ing order of urban disruption/dysfunction) 


Impact 
level Description of the impact level 
V From serious disruption at physical and functional level to paralysis of the entire 


system: buildings, population, infrastructure, health, mobility, administrative and 
political structures, among others. Lack of conditions for the exercise of the 
functions and activities of daily life. High cost for recover 

IV Starts the paralysis of main buildings, housing, administrative and political systems. 
The region affected by the disaster presents moderate damage and a slice per- 
centage of total collapse of buildings, as well as victims and injuries and a 
considerable number of homeless because their houses have been damaged, 
which, although not collapse, are enough to lose its function of housing. Normal 
daily activities are disrupted; school activities are suspended; economic activities 
are at a stand-still 

IH Part of the population may permanently lose their property and need to permanent be 
relocated, which means strong disturbances of everyday life. This level is deter- 
mined by significant dysfunction in terms of equipment’s, critical infrastructures 
and losses of some assets and certain disorders involving the conduct of profes- 
sional activities for some time. The most affected areas show significant problems 
in mobility due to the existence of debris or damage to the road network. Starts 
significant problems in providing food and water, which must be ensured by the 
Civil Protection 

II The region affected by the disaster presents few homeless (about 5 %) due to the 
occurrence of some damage to buildings, affecting the habitability of a given 
geographical area. Some people may experience problems of access to water, 
electricity and/or gas. Some cases require temporary relocation 

I The region affected by the disaster continues with their normal functions. No injured, 
killed or displaced people are registered. Some light damage may occur 
(non-structural damage) that can be repaired in a short time and sometimes exists a 
temporary service interruption. The political process begins with an awareness 
that the problem exists as well as some investments in strengthening policy and 
risk mitigation is/should be made 


9.3.1.3 DI Application: Portugal 


After the briefly description of Disruption index we are able to assess and calculate 
the earthquake impacts in a holistic approach. The results here presented highlight 
the potential importance of incorporating dependencies and cascading failures into 
such models. DI provides the basis for understanding the resource requirements, not 
only for recovery after events but also to identify, prior to events, the physical 
elements that contribute most to severe disruptions. 


1755 Earthquake Scenario (M 8.7): Algarve Region in Portugal 
On November 1st of 1755, three very large earthquakes, centred southwest of the 


Algarve region (southern Continental Portugal), devastated Algarve and Lisbon 
regions and was felt throughout Europe and North Africa. Hundreds of aftershocks, 
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Fig. 9.8 QuakeIST® intensity distribution for 1755 earthquake scenario 


some severely damaging by themselves, continued for years. A devastating fire 
following the earthquake destroyed a large part of Lisbon, and a very strong 
tsunami caused heavy destruction along the coasts of Portugal, southwest Spain, 
and western Morocco (Oliveira 2008). 

The Algarve region was selected to demonstrate the regional impact assessment. 
QuakeIST™ software contains detailed information on the geological surface layers, 
on the building inventory and on population data of the Census (INE 2002), using 
the statistical sub-section (Census track) as work unit. Soil influence was included 
through the analysis of upper soil layers classified into several categories; and 
vulnerability of the building stock was obtained through the analysis of different 
classes of construction types (55 classes in total). Finally, a pair of coordinates 
(longitude and latitude) was provided to define the location of each asset (ERSTA 
2010). 

A vulnerability index was assigned to each typology using the approach of 
EMS-98 scale based method to calculate expected damages in buildings. The first 
level of analysis of the QuakeIST® software is based on obtaining intensity 
(or PGA) distributions analytically (Fig. 9.8) and estimating spatial distribution of 
the losses (building and lifeline damages) throughout the region of interest. Second 
level of analysis is intended to propagate effects and earthquake impacts, using DI 
(Figs. 9.7 and 9.9). 

The next figures illustrate how all the referred concepts should be applied and 
interpreted in our case study areas. Figure 9.10 shows the mean damage grade 
obtained for each census tract, and Fig. 9.11 illustrates the damages inflicted to 
bridges and the extend of their sphere of influence. 

The obtained results indicate that if we gather together the debris (obtained from 
the building stock) and the bridges damages, we obtain an impact on Mobility, 
according to DI methodology (Oliveira et al. 2012; Ferreira et al. 2014) equal to II 
and III (Fig. 9.12). Mobility equal to III means “Local perturbation on mobility 
linked with landslide or major damages. Used only by recovery teams. Disruptions 
to commuting trips, work and nonworking trips" (Ferreira et al. 2014). 
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Fig. 9.9 Disruption index: earthquake impact based on the systemic analysis of the urban 
components 


Fig. 9.10 Distribution of all damaged buildings 


The expected school damages associate with the 1755 risk scenario is presented 
in Fig. 9.13. As shown, most of the school buildings are not affected or present at 
maximum "moderate damages". 

Each impact level is correlated with a severity or grade of damage to either the 
equipment or function connected with the Education function (Fig. 9.14). By 
combining the conditions using the logical function OR, we are able to categorize 
and plot the impact level on Education system (Figs. 9.14 and 9.15). 
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Fig. 9.11 Intensity-based distribution of all bridges damaged 


Fig. 9.12 Impact on mobility 


Fig. 9.13 Direct damages obtained from QuakeIST® — School buildings 


The extent of damage to schools and problems on mobility, and the ensuing 
relocation of people (due to buildings damages), means we cannot restore the 
education network to its previous state. Figure 9.15 suggests that in this region 
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Fig. 9.16 Direct damages obtained from QuakeIST® — Healthcare buildings 


students will experience a prolonged interruption in their education and large 
numbers of families with school-age children will be forced to relocate either 
temporarily or permanently as a result of the earthquake. 

In terms of physical damage to hospitals and primary health centres, Fig. 9.16 
illustrates that were minor damage (D2) and one building with moderate damage 
(D3). However, the adverse impacts on healthcare system take a large proportion 
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Fig. 9.17 Impact on healthcare 


Fig. 9.18 Global disruption in Algarve region 
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Fig. 9.19 Comparison between Intensity map (/eft — Fig. 9.8) and DI map (right — Fig. 9.18) 


due to propagation effects in other important lifelines like power and water systems, 
and due to the problems on mobility. 

As seen on Fig. 9.17 propagation effects severely disrupt the functioning of the 
health system, being unable to provide emergency services in the region. These 
impacts may be short- or long-term (DI equal to II or III, respectively), based on the 
magnitude of the damage to the community and the ability of local resources to 
readily address and meet the healthcare needs of the community. 

It is important to notice that despite high exposure and vulnerability of building 
and facilities to earthquakes, the propagation effects and the number of chain 
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Fig. 9.20 Crises evolution in time 


disruptions must be underlined in risk scenarios studies. According to Fig. 9.18, the 
1755 Earthquake (not including the possible tsunami) has potential to cause dis- 
ruption on infrastructure and production capacity of entire Algarve region and 
consequently to the national level. 

Figure 9.19 compares the maps of intensity and of DI if a scenario similar to the 
1755 earthquake would happen today, emphasizing the importance of including 
interdependencies and cascading effects in the analysis of earthquake impact. 

From the above maps it is important to highlight that propagation effects due to 
interdependencies, largely extend the geographical scope and amplify the degree of 
earthquake impacts (measured by DI). As so, we can expect that zones where 
macroseismic intensity is low or even very low can be subjected to large disrup- 
tions. This situation happens when, for example, a pipeline feeding a region is 
broken in a section away from it. 

The combination of this seismically active area, dense population centres, and 
aging or fragile infrastructure has the potential to create a massive catastrophe for 
urban activities (education, business, and so on) located in Algarve region. Loss of 
life and property damage are the first and foremost concerns for businesses, but the 
ripple effects of a major seismic event, including business and educational inter- 
ruption as well as supply chain disruption, could take months or even years of 
recover. 

Looking at the time component, all post-earthquake activities occur in three 
major phases — during response, recovery and reconstruction — as shown in 
Fig. 9.20. The DI concept can show the time evolution of decreasing or increasing 
disruptions according to decisions and reconstruction policies. 

The DI concept although developed for a given deterministic seismic scenario 
can be extended to a set of scenarios representing the seismic activity in the region 
(hazard, de-aggregation, etc.). 


9.4 Final Remarks 


Living with earthquake risk is a devastating reality for a large and growing number 
of people in the world. Risk should be seen as a normal and inseparable part of 
economic activities and development. The construction of disaster risk reduction as 
an autonomous sector, concerned with protecting economic sectors and society 
from the impact of exogenous and extreme shocks has isolated it from the 
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mainstream concerns of government in general, including economic growth and 
employment, or in the case of local governments, water and power supplies, 
transport and waste management. The lack of real political and economic commit- 
ment to disaster risk reduction in many countries reflects its isolation from real 
political and economic imperatives. This requires awareness of the impact on 
sectors or territories of any other given sector’s policies and/or changes in strategy. 
As so an important issue should be highlighted; is important to identify communi- 
ties at direct risk but also those indirectly affected. 

The concept of disruption index presented herein can be extended to other 
earthquake-induced phenomena such as landslides, mudflows, tsunamis, liquefac- 
tion and fires, and to other natural or man-made hazards such as typhoons (Ferreira 
2012), avalanche, floods and so on. 

Fire following earthquake is a significant problem in seismic countries and many 
people are not aware of this hazard (urban and industrial) resulting from earth- 
quakes and tsunamis. These fires can be classified in “earthquake-induced fires” 
caused directly by the earthquake, such as fires in oil and gas tanks or in urban areas, 
and in “tsunami-induced fires”, caused by ignition of buildings by burning build- 
ings or debris carried by the tsunami, for example, as observed on 2011 Tohoku 
earthquake (Yamada et al. 2012) or in the 1755 earthquake (Oliveira 2008). 

In the case of insurance policies the various hazards should be taken into 
account, not only hazard by hazard but also considering the interdependencies 
among them. Both in urban tissues and in industrial areas the interdependencies 
are very critical. 

The key messages from this work are: 


— earthquakes are having a major impact on millions of people every year and 
therefore earthquake risk management measures need to be implemented in the 
short term; 

— failure to enforce and implement appropriate measures could increase the impact 
of earthquake events and undermine the resilience of a system; 

— promote a risk management approach in dealing with earthquakes, including 
prevention, mitigation and response; 

— continuous communication to raise awareness and reinforce preparedness is 
necessary. 


“Risk communication is successful only if it adequately informs the decision 
maker” (US Food and Drug Administration 2009). The DI methodology provides 
useful information in risk perception and risk communication as well as in devel- 
oping strategies to reduce the consequences of earthquakes and benefits of a 
decision. This concept offers a comprehensive description of real observed scenar- 
ios and permits: (i) to identify the urban system and critical services or elements; 
(ii) to rank the order of priority of services or elements for continuous operations or 
rapid recovery; and (iii) to identify internal and external impacts of disruptions. 
This approach can be also extended to other natural and man-made disasters, and 
may be used as a tool for optimization resources of system components. 
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Decisions regarding earthquake risk management are complex and require wide 
participation and a clear vision of the alternatives from technical personnel and 
non-specialists. There are now many methods to assist them in making choices. The 
most popular focuses on evaluating costs and benefits in monetary terms using Cost 
Benefit Analysis (CBA). However, city managers, urban planners and risk pro- 
fessionals must take a broader view and consider multiple aspects — some of which 
cannot be quantified. This need can be addressed by the use of Multi-Criteria 
Analysis (MCA). These decision and risk approaches, capable to use only ordinal 
scales are very important in order to avoid the endless discussions about the relative 
weights and utility functions that are the standard procedure used nowadays to 
assign tangible and intangible values, which may have to be considered in the 
evaluation of consequences. 

Finally, there are many reasons that may result in the priority of earthquake risk 
management being ignored in favor of more immediate demands. There are finan- 
cial, practical and psychological factors that come into play here, including the 
common perception that earthquakes will not happen. 
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Chapter 10 
Physics-Based Earthquake Ground Shaking 
Scenarios in Large Urban Areas 


Roberto Paolucci, Ilario Mazzieri, Chiara Smerzini, and Marco Stupazzini 


Abstract With the ongoing progress of computing power made available not only 
by large supercomputer facilities but also by relatively common workstations and 
desktops, physics-based source-to-site 3D numerical simulations of seismic ground 
motion will likely become the leading and most reliable tool to construct ground 
shaking scenarios from future earthquakes. This paper aims at providing an over- 
view of recent progress on this subject, by taking advantage of the experience 
gained during a recent research contract between Politecnico di Milano, Italy, and 
Munich RE, Germany, with the objective to construct ground shaking scenarios 
from hypothetical earthquakes in large urban areas worldwide. Within this contract, 
the SPEED computer code was developed, based on a spectral element formulation 
enhanced by the Discontinuous Galerkin approach to treat non-conforming meshes. 
After illustrating the SPEED code, different case studies are overviewed, while the 
construction of shaking scenarios in the Po river Plain, Italy, is considered in more 
detail. Referring, in fact, to this case study, the comparison with strong motion 
records allows one to derive some interesting considerations on the pros and on the 
present limitations of such approach. 
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10.1 Introduction 


Tools for earthquake ground motion prediction (EGMP) are one of the key ingre- 
dients in seismic hazard analysis, both within probabilistic and deterministic 
frameworks, with the seminal objective to provide estimates of the expected ground 
motion at a site, given an earthquake of known magnitude, distance, faulting style, 
etc. A variety of procedures for EGMP has been proposed in the past four or five 
decades (Fig. 10.1), relying, on one side, on different information detail on the 
seismic source and propagation path, and, on the other side, providing different 
levels of output, either in terms of peak values of ground motion or of an entire time 
history. The level itself of complexity of the proposed procedures ranges from the 
empirical ground motion prediction equations, typically calibrated on the instru- 
mental observations from real earthquakes, up to complex 3D numerical models, 
involving as a whole the system including source - propagation path — shallow soil 
layers. A comprehensive review of techniques for EGMP was recently published by 
Douglas and Aochi (2008). 

In the absence of suitable and performing numerical tools for physics-based 
modelling of source and path effects, research has been mainly directed in the past 
towards statistical processing of available records to provide empirical equations 
for EGMP. A recent compilation by Douglas (2011) has reported about 300 such 
equations to estimate peak ground acceleration (PGA) since 1964, and about 200 to 
estimate the response spectral ordinates. More recently, the ever increasing avail- 
ability of high-quality records throughout the world, coupled with the improvement 
of the meta-files associated to the strong motion databases, has stimulated a further 
development of empirical tools for EGMP, both in the United States with the NGA 
West2 project (Boore et al. 2013) and in Europe with the calibration of updated 
pan-European ground motion prediction equations (Douglas et al. 2014). 

Still, in spite of such a substantial effort, empirical ground motion prediction 
equations suffer of intrinsic limitations, such as: (1) the available records hardly 
cover the range of major potential interest for engineering applications (see 
Fig. 10.2), with relatively few records available in the near-field of large earth- 
quakes; (2) they refer to generic site conditions, in the best cases represented in 
terms of Vg 30; (3) they only provide peak values of ground motion, without the 
entire time history, which would be instead of major relevance in terms of input 
motion for engineering applications; (4) they are not suitable to be used for seismic 
scenario studies where the realistic representation of spatial variability of ground 
motion is an issue. 

Physics-based numerical simulations of earthquake ground motion are often 
advocated as an alternative tool to cope with the previous limitations, since they 
provide, according to different methodologies, synthetic ground motion time his- 
tories compatible with a more or less detailed model of the seismic source process, 
of the propagation path, and of the local site response. Deterministic approaches 
rely on the rigorous numerical solution of the seismic wave propagation problem, 
based on detailed 3D models both of the seismic source and of the source-to-site 
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countries) (Adapted after Bindi et al. 2014) 
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propagation path. However, limited by the large computational requirements on one 
side, and, on the other side, by the insufficient information on the local seismic 
source features and on the local geology, the reliability range of such numerical 
solutions is most often limited to 1 or 2 Hz. For this reason, the frequency range of 
the numerical simulations is often enlarged to produce broadband waveforms, by 
considering hybrid approaches where high-frequency source and path effects are 
either modelled by stochastic or semi-stochastic processes (Seyhan et al. 2013) or 
random processes are introduced within a deterministic model to provide a realistic 
frequency-dependent spatial incoherency of ground motion. 

The dream behind physics-based numerical simulations of earthquake ground 
motion is that they may become the engine to produce, effectively and with 
reasonable computing efforts, plausible realizations of future earthquakes. This is 
for example the idea behind the ShakeOut experiment in California, where the 
physics-based simulations of a hypothetical My7.8 earthquake on the Southern San 
Andreas Fault (Porter et al. 2011) were the basis to construct a comprehensive 
earthquake risk scenario including costs evaluations and planning of emergency 
response activities. 

The need for such advanced tools for EGMP was made clear by the conse- 
quences of the series of earthquakes from 2010 to 2012, started with Haiti in 
January 2010, followed by Chile in February 2010, by the Canterbury earthquake 
series in New Zealand in 2010-2011, by the gigantic Tohoku earthquake in Japan in 
March 2011, up to the Emilia, Italy, earthquakes of May 2012. All of them 
illustrating, in different terms and different scales, the increasing loss potential of 
seismic disasters. As a matter of fact, losses in the two-digit billion dollar range 
have become a reality, even outside the leading industrialized countries, and 
nowadays a much higher fraction of these losses is insured than in the past. Before 
the 2010 Chile earthquake, Santiago was last time affected by the 1985 Valparaiso 
M8 earthquake. Whereas the total economic loss in 2010 was about 25 times higher 
than 1985, the insured loss increased by a factor of 100. Furthermore, comparing 
the 1995 Kobe and the 2011 Tohoku earthquakes, the loss statistics shows a factor 
3 increase for the economic loss, and a factor 13 for the insured loss. 

Therefore, these recent disasters stimulated a re-thinking of several aspects of 
natural disaster risk management, which has not yet produced final conclusions, but 
shattered what may be called a false sense of security or complacency about how to 
assess and manage risk, including identification, evaluation, control and financing. 

In the perspective of improving tools for seismic hazard identification, Munich 
RE funded a research activity with Politecnico di Milano, having the main objec- 
tives, on one side, of developing a certified computer code to run effectively 
numerical simulations of seismic wave propagation in large-scale models within 
high-performance computing architectures, and, on the other side, of applying this 
code to produce preliminary sets of physics-based earthquake ground shaking 
scenarios within large urban areas. This paper provides an overview of the progress 
within this research activity. 
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10.2 Numerical Approaches for Physics-Based Earthquake 
Ground Shaking Scenarios 


Stimulated by the ever increasing power of large parallel computer architectures, 
numerical codes for seismic wave propagation have considerably evolved in the last 
decade and are presently becoming an appealing alternative to produce reliable 
physics-based earthquake ground motion scenarios in the presence of realistic 3D 
configurations of seismic source, complex basin structures and topographic fea- 
tures. Two major experiments of verification of such numerical codes were 
conducted in the second half of the last decade, namely within the ShakeOut 
(Bielak et al. 2010) and the Grenoble (Chaljub et al. 2010) benchmarks, while a 
further experiment is in progress (E2VP) based on the Euroseistest configuration 
(Chaljub et al. 2013). 

Relatively few numerical codes exist for this purpose, mostly belonging to the 
classical finite difference (e.g., Graves 1996) and finite element (e.g., Bielak 
et al. 2005) schemes, while spectral element methods (e.g., Faccioli et al. 1997; 
Komatitsch and Vilotte 1998) have emerged subsequently as an alternative power- 
ful technique, relying on a right balance between accuracy, ease of implementation 
and parallel efficiency. It is not surprising that three open source codes recently 
made available belong to the SE family. Namely, these are SPECFEM3D,! 
EFISPEC? and SPEED,” the latter one being illustrated in the next section. 

As a matter of fact, considering Table 10.1 which illustrates an overview of 
recent studies to produce physics-based earthquake ground shaking scenarios in 
large urban areas, most numerical methods included in this selection belong to the 
previous FD, FE or SE classes. Table 10.1 addresses as well further important issues 
of particular relevance: 


— model sizes are very large, typically extending up to few hundreds of km size 
and few tens of km depth; 

— the maximum frequency propagated, fmax, is only very seldom exceeding 1 Hz. 
However, even with such frequency limitation, the number of nodes of the 
numerical meshes exceeds as a rule 10 millions, implying a huge requirement 
in terms of computer time and memory requirement, so that these numerical 
simulations are typically carried out in parallel computer architectures; 

— as we move to recent years, there is an increasing trend in terms of number of 
simulations per case study, clearly showing that the computing power is pres- 
ently opening this world to a much wider set of applications, including para- 
metric analyses and production of large series of scenarios. 


! www.geodynamics.org/cig/software/specfem3d 


? efispec.free.fr 
? mox. polimi.it/it/progetti/speed 
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10.3 SPEED: SPectral Elements in Elastodynamics 
with Discontinuous Galerkin 


10.3.1 Development of the Numerical Code 


In the framework of the joint research activity between Munich RE and Politecnico 
di Milano, the SPEED code (SPectral Elements in Elastodynamics with Discontin- 
uous Galerkin) was developed, as an open-source numerical code suitable to 
address the general problem of elastodynamics in arbitrarily complex media 
(Mazzieri et al. 2013). SPEED is designed for the simulation of large-scale seismic 
wave propagation problems including the coupled effects of a seismic fault rupture, 
the propagation path through Earth's layers, localized geological irregularities such 
as alluvial basins and topographic irregularities. Some examples of applications 
with the additional presence of extended structures, such as railway viaducts, can be 
found in the SPEED web site. 

Treating numerical problems with such a wide range of spatial dimensions is 
allowed by a non-conforming mesh strategy implemented through a Discontinuous 
Galerkin (DG) approach (Antonietti et al. 2012). More specifically, the numerical 
algorithm can be summarized in the following steps (Fig. 10.3): consider an elastic 
heterogeneous 3D medium, (i) make a partition of the computational domain based 
on the involved materials and/or structures to be simulated, (ii) select a suitable 
spectral-element discretization in each non-overlapping sub-region, and (iii) 
enforce the continuity of the numerical solution at the internal interfaces by treating 
the jumps of the displacements through a suitable DG algorithm of the interior 
penalty type (De Basabe et al. 2008). 

SPEED allows one to use non-conforming meshes (h-adaptivity) and different 
polynomial approximation degrees (N-adaptivity) in the numerical model. This 
makes mesh design more flexible (since grid elements do not have to match across 
interfaces) and permits to select the best-fitted discretization parameters in each 
subregion, while controlling the overall accuracy of the approximation. More 
specifically, the numerical mesh may consist of smaller elements and low-order 
polynomials where wave speeds are slowest, and of larger elements and high-order 
polynomial where wave speeds are fastest. Moreover, since the DG approach is 
applied only at a subdomain level, the complexity of the numerical model and the 
computational cost can be kept under control, avoiding the proliferation of 
unknowns, a drawback that is typical of classical DG discretizations. 

Taking advantage of the built-in flexibility of the underlying discretization 
method and of the increasing computational power of parallel computer architec- 
ture, the code provides a versatile way to handle multi-scale earthquake engineering 
studies in a new “from-source-to-site” philosophy. This has been addressed in the 
recent years only by a few studies (Krishnan et al. 2006; Taborda et al. 2012; 
Isbiliroglu et al. 2013), due to the related intrinsic complexities of reproducing such 
phenomena in a single conforming model. A sketch of potential applications of 
SPEED is illustrated in Fig. 10.4. 
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Fig. 10.3 Non-conforming Spectral Element mesh (different element sizes and spectral degrees in 
each sub-domain) and its partition, with jumps along the interfaces treated according to a DG 
approach 
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Fig. 10.4 Sketch of potential applications in elastodynamics of the SPEED code 


The code is naturally designed for multi-core computers or large clusters, but it 
can run as well on a single processor machine. It is written in Fortran90 with full 
portability in mind and conforms strictly the Fortran95 standards. It takes advantage 
of the hybrid parallel programming based upon the Message Passing Interface 
(MPI) library relying on the domain decomposition paradigm and the OpenMP 
library for multi-threading operations on shared memory. The mesh generation may 
be accomplished using a third party software, e.g. CUBIT (http://cubit.sandia.gov/) 
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and load balancing is facilitated by graph partitioning based on the METIS library 
(glaros.dtc.umn.edu/) included in the package. 

The code has been verified over different benchmarks, including that of Greno- 
ble (Chaljub et al. 2010), and a further comparison with an independent solution is 
described in the following. 

Physical discontinuities can be modeled either by the DG approach (creating 
physical interfaces) or by a not-honoring technique (where material properties are 
given node by node). The time-integration is performed either by the explicit 
second-order accurate leap-frog scheme or by the explicit fourth-order accurate 
Runge-Kutta method (Quarteroni et al. 2007). 

Despite its short life-time, SPEED was awarded among the emerging applica- 
tions with industrial relevance within the project PRACE-2IP (WP 9.3) and 
received substantial fundings for HPC resources (2012: ISCRA project MAgNITUd 
500 k core hours, 2013: LISA project SISMAURB 2000 k core hours, PRACE 
project DN4RISC 40000 k core hours). Within the framework of PRACE-2IP, 
SPEED was optimized for use on the FERMI cluster at CINECA (Tier-0 machine), 
and optimal performances in term of efficiency, scalability and speed-up were 
obtained (see Dagna 2013). 


10.3.2 Main Features 


In its present version, SPEED allows the users to treat different seismic excitation 
modes, including: (1) kinematic seismic fault models (see below) (ii) plane wave 
load; (iii) Neumann surface load; (iv) volume force load. Dirichlet and/or Neumann 
boundary conditions can be set into the model; furthermore, first-order absorbing 
paraxial boundary conditions (Stacey 1988) have been implemented in order to 
prevent the propagation of spurious reflections from the external boundaries of the 
computational domain. The upgrade of the paraxial conditions to Perfectly Matched 
Layers (PML) is planned for the next release of the code. 

Post-processing tools are available to produce ground shaking maps in a stan- 
dard format that can be read by a variety of software, such as ArcGIS (www.esri. 
com), GID (gid.cimne.upc.es) and PARAVIEW (www.paraview.org). 


10.3.2.1 Treatment of Kinematic Finite-Fault Models 


SPEED adopts a kinematic description of the seismic source in terms of a distri- 
bution of double-couple point sources, whose mathematical representation is given 


: : r E Mo( xit 
by the seismic moment tensor density, i.e., mij (x; t) = als ) (vi -nj + vj: ni), 


where Mo (x; t) is the time history of release at the source point x inside the 
elementary source volume V, n and v denote the fault normal unit vector and the 
unit slip vector, respectively (Faccioli et al. 1997). 
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The code features a number of options for the kinematic modelling of an 
arbitrarily complex seismic source, by assigning realistic distributions of 
co-seismic slip along an extended fault plane through ad hoc pre-processing 
tools. These tools allow one to reproduce in a semi-automatic way realistic fault 
rupture models as compiled in the on-line Finite Source Rupture Models Database 
(Mai 2004) or computed by other methods using a specific format. Furthermore, it is 
also possible to define stochastically correlated random source parameters, in terms 
of slip pattern, rise time, rupture velocity and rupture velocity distribution along the 
fault plane, which may be crucial in deterministic simulations to excite high 
frequency components of ground motion (Smerzini and Villani 2012). 


10.3.2.2 Attenuation Model 


Modelling of visco-elastic media is handled by modifying the equation of motion 
according to the approach of Kosloff and Kosloff (1986). For this purpose, the 


2 2 
inertial term p m of the wave equation is replaced by p Le 26 ae + Cu, where u is 


the generic displacement component, p is mass density and ¢ is an attenuation 
parameter. It can be shown that, with this substitution, all frequency components 
are equally attenuated with distance, resulting in a frequency proportional quality 


factor Q = Qo E where Qo = Eh and fo is a reference value within the frequency 


range to be propagated. 

This model is in agreement with numerous seismological observations 
supporting a frequency dependent law Q— OQof^, with a~1 (e.g., Castro 
et al. 2004; Morozov 2008). Implementation of new rheological models is in 
progress, starting from the classical Rayleigh and Caughey damping. 


10.3.2.3 Non-Linear Elastic Soil Behavior 


A simple Non-Linear Elastic (NLE) soil model is implemented as a generalization 
to 3D load conditions of the classical modulus reduction (G— y) and damping (D— y) 
curves used within 1D linear-equivalent approaches (e.g. Kramer 1996), where G, 
D and y are the shear modulus, damping ratio and 1D shear strain, respectively. 
Namely, to extend those curves to the 3D case, a scalar measure of shear strain 
amplitude is considered as follows: 


eu (x, t) — em (x.t) |] 
(10.1) 


Y ais (2; t) = max [|é7 (x, t) = ey (x, t) , e; (x, t) = en (x, t) , 


where ej, €z and €7;; are the principal values of the strain tensor. Once the value of 
Y max 1$ calculated at the generic position x and generic instant of time f, this value is 
introduced in the G—y and D—y curves and the corresponding parameters are 
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updated for the following time step. Therefore, unlike the classical linear- 
equivalent approach, G and D values are updated step by step, so that the initial 
values of the dynamic soil properties are recovered at the end of the excitation. 
Application of this approach can be found in Stupazzini et al. (2009) for the case of 
Grenoble, France. 


10.3.2.4 Hybrid Approach for the Generation of Broadband Synthetics 


In spite of the increasing computer resources and tools, as shown in Table 10.1, 3D 
numerical simulations are still restricted to the low frequency range, up to about 1— 
2 Hz, mainly due to computational limitations as well as insufficient resolution of 
geologic and seismic source models. On the other hand, earthquake engineering 
applications need realistic ground motion time histories in the entire frequency 
range of interest for the analysis of structural response and damage assessment, say 
between 0 and 25 Hz. 

A hybrid scheme is presently the best approach to generate broadband 
(BB) ground motions. In this work, Low Frequency (LF) waveforms from numer- 
ical simulations are combined by means of matching filters with the High Fre- 
quency (HF) synthetics computed by other independent approaches. Namely, the 
method of Sabetta and Pugliese (1996) was selected because of ease to treat in the 
post-processing phase the huge set of synthetics of the 3D numerical simulations. 
On the other side, it has the disadvantage of accounting neither of detailed kine- 
matic fault rupture models, nor of specific 1D site amplification functions. Exam- 
ples of other approaches for generation of synthetics, such as EXSIM (Motazedian 
and Atkinson 2005), are presented by Smerzini and Villani (2012) for the case of 
the 2009 L'Aquila earthquake. 

The procedure adopted in this work to generate BB acceleration time histories at 
a given site can be summarized as follows (see Fig. 10.5): (1) compute N — 20 
stochastic realizations by SP96 for each ground-motion component (EW and NS); 
(ii) for each stochastic realization, synchronize the LF and HF time histories in the 
time domain, so to have the same value for the time ts% at which the normalized 
Arias intensity /,, — 5 % is reached both by the LF and HF synthetic; (iii) for each 
stochastic realization, combine HF and LF waveforms in the frequency domain by 
applying a match filter, defined as follows: 


BB(f) = wrr Arr (f) + wur : Aur(f) (10.2) 


where A; (f) and Ajz(f) denote the Fourier transform of the LF and HF acceler- 
ation time histories, respectively; wy and wyr are the corresponding weighting 
cosine-shape functions and BB( f) is the Fourier transform of the output BB signal. 
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Fig. 10.5 Generation of broadband ground motions (black) combining the LF waveforms from 
SPEED (red) with the HF synthetic accelerograms of Sabetta and Pugliese (1996), SP96 (blue), 
through suitable matching filters 


10.4 Overview of Case Studies 


Hybrid deterministic-stochastic ground shaking scenarios were generated in the 
following areas: (1) Santiago de Chile; (ii) Po Plain, NorthEastern Italy; (iii) 
Christchurch and (iv) Wellington, New Zealand. Besides a relevant interest from 
the economic loss exposure viewpoint, all of these sites were chosen because of 
availability of sufficiently detailed information both of the active faults surrounding 
the sites and of the shallow and deep geology structures, along with a significant 
amount of records, notably in the Christchurch and Po Plain cases. 

The last rows of Table 10.1 summarize the main features of the adopted 
numerical models and the associated scenarios, so that a comparison with previous 
case studies can be made. All numerical meshes were built by the software CUBIT 
(cubit.sandia.gov/) and the numerical simulations were performed on parallel 
computer architectures, namely, the FERMI BlueGene/Q system, at CINECA 
(www.hpc.cineca.it/). 


10.4.1 Santiago de Chile 


Different earthquake rupture scenarios along the San Ramon fault, an active thrust 
structure crossing the eastern outskirts of the city of Santiago, were addressed. 
Recent works (e.g. Armijo et al. 2010) have shown that the San Ramon fault has a 
key role for the seismic hazard of the city. 
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Fig. 10.6 Computational domain for the Santiago region, Chile 


The numerical model (see Fig. 10.6) was built by including: (i) surface topog- 
raphy; (ii) 3D model of the 80-km-long and 30-km-wide Santiago valley (Pilz 
et al. 2010); (iii) kinematic representation of potential ruptures breaking the San 
Ramon fault; (iv) linear visco-elastic soil behavior. 19 scenarios were considered by 
varying the magnitude (range from 5.5 to 7), slip pattern (7 different distributions) 
and hypocenters (8 different locations). 

To appreciate the potential interest of these numerical simulations, Fig. 10.7 
shows at top two representative scenarios in terms of PGV distribution in Santiago, 
and, at bottom, the simulated PGV variation with distance compared to the one 
predicted according to the empirical equation of Akkar and Bommer (2007). While, 
for the M,6 scenario, there is an overall agreement of ground motion predicted by 
both approaches at stiff sites within the basin (EC8 class B), for the M,, 7 scenario 
the empirical equations are not fit to predict neither the very high near-fault PGV 
values, related to a fault slip mechanism affected by directivity, nor the high 
amplification levels at the edges of the basin in the vicinity of the fault (shaded 
areas in Fig. 10.7). 


10.4.2 Po Plain, Italy 


Stimulated by the major seismic sequence that struck the Emilia-Romagna region, 
Italy, from May to June 2012, a program for 3D numerical simulations of earth- 
quake ground motion within the Po Plain was initiated. The model was constructed 
(Fig. 10.8) to include the seismogenic structures responsible of the Mw 6.1 May 
20 and My 6.0 May 29 earthquakes (Ferrara and Mirandola faults, respectively). 
The irregular shape of the submerged bedrock topography in the Po Plain was also 
modelled, as derived by the isobaths of the basement of the Pliocene formations of 
the structural map of Italy (Bigi et al. 1992). Further details on the shear wave 
velocity model inside the Po Plain can be found in the sequel. A suite of 23 earth- 
quake scenarios, characterized by magnitude ranging from 5.5 to 6.5, and different 
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Fig. 10.7 Top: Horizontal PGV (geometric mean) scenario maps for 2 out of 19 scenarios 
considered for Santiago de Chile. Bottom: comparison of simulated PGV values inside the basin 
with the empirical prediction based on the Akkar and Bommer (2007) equations. The 
superimposed ellipses on the right hand side denote areas where significant deviations from the 
GMPEs are found 


co-seismic slip distribution, focal mechanism, rupture velocity and rise time, was 
generated along both faults. 

Results of this case study will be explored in more detail in the next section, by 
comparison with the observed records. 


10.4.3 The Canterbury Plains, New Zealand 


A 3D numerical model of the Canterbury Plains, New Zealand, was constructed 
which includes the city of Christchurch, part of the Canterbury Plains and of the 
Banks Peninsula, extending over an area of about 45 x 45 x 20 km, and combines: 
(i) a horizontally layered deep crustal model as well as a reliable description of the 
alluvial-bedrock interface based on the available geological map and studies in the 
literature (Forsyth et al. 2008; Bradley 2012); (ii) the surface topography; (iii) a 
simplified velocity model of the Canterbury plain, filled with Quaternary deposits, 
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Fig. 10.8 Po Plain, Italy: 3D numerical model including the seismic faults responsible of the Mw 
6.0 May 29 and Mw 6.1 May 20 May earthquakes and the submerged topography. On the right, the 
assumed slip mechanisms to model the earthquakes 


constrained at shallow depths by extended MASW results within the Central 
Business District of Christchurch’; (iv) the kinematic fault models for the 
mainshocks of Feb 22 (My 6.2), June 13 (Mw 6.0) and Dec 23 2011 (My 6.1), 
proposed by Beavan et al. (2012). 

For sake of brevity, we refer the reader to the results published by Guidotti 
et al. (2011), based on a preliminary numerical model of the basin. We limit 
ourselves here to show in (Fig. 10.9) the PGV maps of the EW and NS components 
for the Feb 22, 2011 earthquake. 


10.4.4 Wellington, New Zealand 


Seismic hazard in the metropolitan area of Wellington is dominated by several 
major active fault systems, i.e., from West to East, the Ohariu, Wellington-Hutt and 
Wairarapa faults, as indicated by the superimposed red lines in Fig. 10.10, top-left 
panel. Although all these faults were incorporated in the numerical model, the 
scenarios are produced only for the Wellington—Hutt fault. This is a 75-km long 
strike-slip fault, characterized by a return period between 420 and 780 years for a 
magnitude between M 7.0 and 7.8 (Benites and Olsen 2005). 


^Canterbury geotechnical database, Orbit Project: canterburygeotechnicaldatabase.projectorbit. 
com 
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Fig. 10.9 Christchurch, New Zealand: PGV map of the geometric mean of the horizontal 
components for the Feb 22, 2011 M,,6.2 earthquake. Coloured dots denote the corresponding 
observed values from earthquake records 
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Fig. 10.10 3D numerical model of the Wellington metropolitan area (bottom) with indications of 
the main active faults (top-left) and the Wellington Lower-Hutt basin (top-right) meshed by a 
non-conforming strategy 


Besides these faults, we incorporated in the numerical model (see Fig. 10.10, 
bottom panel) the most important geological features of the area, i.e., the 3D basin 
bedrock topography along with the 3D irregular soil layers deposited over the 
bedrock. This information is integrated based on the available geological and 
geophysical data (borehole, bathymetry, gravity, seismic), down to about 800 m 
depth (R. Benites, personal communication, 2013). To better describe such geo- 
logical discontinuities, a non-conforming strategy was adopted to model the Wel- 
lington Valley, as depicted in Fig. 10.10, right-top panel. Note that the free-surface 
topography of the region is taken into account. Numerical simulations for this case 
study are presently in progress. 
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Fig. 10.11 NS components of a selected set of velocity records of May 29 Emilia earthquake. 
Superimposed in the slip model assumed based on Atzori et al. (2012) 


10.5 Insight of a Case Study: Earthquake Ground-Shaking 
Scenarios in the Po Plain 


Among the previous case studies, we overview in this Section the numerical 
simulations of the seismic response of the Po Plain, with emphasis on the sites 
affected by the Emilia-Romagna earthquakes of May-June 2012, for which an 
exceptional set of strong motion records is available, especially for the Mw 
6.0 May 29 event. In addition to the simulation of this real earthquake, various 
fault rupture scenarios were produced, considering different hypothetical breaking 
mechanisms of the faults responsible of the May 20 and 29 earthquakes. 

Leaving to other publications (e.g., Tizzani et al. 2013) an insight of the 
seismotectonic and geological environment, a critical step of this work is the 
validation of simulated results against strong motion records obtained during both 
earthquakes. While on May 20 the Mirandola (MRN) station alone was in opera- 
tion, the number of near-source records from the May 29 event is much larger, 
mainly from temporary arrays (Fig. 10.11). 

The near-source records show similar features, with large velocity pulses in the 
fault normal direction reaching up to about 60 cm/s, while, at larger distance from 
the fault, peak values rapidly decrease and records tend to be dominated by surface 
waves generated by the complex subsoil structure of the Po Plain (Luzi et al. 2013). 
Peak values of horizontal acceleration reach about 0.3 g, while on May 29 the 
vertical acceleration at MRN reached a remarkable 0.9 g. 
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Fig. 10.12 (a) Vs profile adopted for the 3D numerical simulations (red: Po Plain sediments; 
black: Miocene bedrock formations). (b) G-y and D-y curves adopted for the first 150 m in a 
non-linear elastic approach. (c) Validation of SPEED numerical simulations with the Hisada 
(1994) code, assuming a 1D Vs soil profile, and the finite-fault of May 29 earthquake 


10.5.1 3D Numerical Simulations of the 29 May 2012 
Earthquake 


Numerical modelling of the 29 May earthquake was addressed, being this earth- 
quake the best constrained in terms of strong motion recordings as well as of source 
inversion studies. For the shear velocity model (see Fig. 10.12a), a homogenous 
average soil profile was defined for the Po Plain sediments, while a horizontally 
layered model was assumed in the rock Miocene formations. These profiles were 
calibrated merging the information from the available Vs profiles and published 
works (e.g. Margheriti et al. 2000; Martelli and Molinari 2008), along with the 
Down-Hole and Cross-Hole surveys (Project S2 2013). The resulting subsoil model 
has been found in reasonable agreement with the results recently published by 
Milana et al. (2013). The kinematic fault solution proposed by Atzori et al. (2012) 
has been adopted in the numerical simulations (see superimposed map in 
Fig. 10.11). 

Both a linear visco-elastic and non-linear elastic soil behavior has been adopted 
for the numerical simulations, as discussed in the sequel. The G—y and D—y curves 
as derived by Fioravante and Giretti (2012) were used for the top 150 m layers. 

Prior to the numerical simulations with the 3D model, we carried out a validation 
with the results of the Hisada (1994) code, by assuming a 1D Vs soil profile and the 
finite-fault of May 29 earthquake. The very good agreement of the two solutions 
(Fig. 10.12c) demonstrates the accuracy of SPEED. 
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Fig. 10.13 Top: Simplified sketch of a NS cross-section of the Po-plain across Mirandola and the 
seismic source of the May 29 earthquake. Bottom: snapshots of the NS displacement wavefield 
along this cross-section 


Figure 10.13 shows some snapshots of the displacement wavefield 
(NS component) through a NS cross-section including the seismic fault, clearly 
showing the key role of the submerged topography to produce prominent surface 
wave trains affecting seismic ground response both at short and at large distance 
from the epicenter. 

Figure 10.14 shows the comparison between synthetics and recordings in terms 
of three-component displacement waveforms at 12 representative strong motion 
stations, distributed about uniformly around the epicenter. Both recorded and 
simulated waveforms were band-passed filtered between 0.1 and 1.5 Hz, the latter 
being the frequency limit of the numerical model. The agreement between syn- 
thetics and recordings is satisfactory, especially for stations distant from the 
epicenter. On the other hand, at stations in the near-field region, such as MRN 
and SANO, the numerical model tends to underestimate significantly the observed 
horizontal ground motion amplitudes, while a good agreement is found for the 
vertical component. This points to one of the most critical problems to be faced 
when physics-based simulations of real earthquakes are compared with observa- 
tions, that is, near-fault records depend on details of the source slip mechanism and 
rupture propagation that are hardly predicted and are often beyond the frequency 
range on which earthquake source inversions are provided. While, the larger the 
epicentral distance is, the smaller is the relevance of such details. 

The most significant effects of non-linear soil behavior are found at those 
stations where the thickness of soft sediments reaches considerable values of a 
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Fig. 10.14 Recorded (black) and simulated displacement waveforms (0.1—1.5 Hz). Results for 
both linear (blue dotted) and non-linear (red) visco-elastic soil behavior are shown. The location of 
stations is illustrated in Fig. 10.11 


few thousands of kilometers (see e.g. MDN station). Given the low frequency range 
propagated by the model («1.5 Hz), the overall impact of soil nonlinearity is small 
especially for the stations in the near-fault region. 


10.5.2 Ground Shaking Scenarios in the Po Plain 


Starting from the 3D models developed for the May 20 and May 29 earthquakes, 
different hypothetical seismic rupture scenarios were assumed, all of them breaking 
either the Mirandola or the Ferrara faults, with magnitude ranging from 5.5 to 6.5. 
Realistic slip models along the faults were obtained either by source inversion of 
real earthquakes with similar fault mechanisms or they were computed using a self- 
similar k-square model (Herrero and Bernard 1994; Gallovič and BrokesSová 2007). 
Twelve rupture scenarios are produced along the Ferrara fault (May 20) and eleven 
are activated along the Mirandola fault (May 29). 

An overview of the ground shaking map in terms of spatial distribution of PGV 
(geometric mean of horizontal components), for eight selected scenarios, is shown 
in Fig. 10.15. For each scenario, the surface projection of the seismic fault is 
superimposed on the PGV map and the corresponding kinematic source model is 
displayed on the right hand side. It is interesting to note that the computed seismic 
response is strongly affected by the combination of directivity and radiation pattern 
effects, with near-fault PGV values that appear to be only slightly dependent on 
magnitude, in agreement with several theoretical and experimental studies (see e.g., 
McGarr and Fletcher 2007). 
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Fig. 10.15 PGV (geometric mean of horizontal components) maps for selected ground shaking 
scenarios in the Po Plain 


Finally, we compare in Fig. 10.16 the PGV maps obtained through the hybrid BB 
approach outlined previously, by injecting high frequency components into the 
results of the physics-based numerical simulations, with those provided by 
ShakeMap tools (shakemap.rm.ingv.it) based on suitable interpolation procedures 
of available records. It can be noted that there is a qualitative agreement in terms of 
spatial distribution, but the near-fault peak values are significantly underestimated, 
by a factor of about 2. Namely, with the adopted kinematic fault solution and 
hypocenter location, it was not possible to reproduce the large recorded near-fault 
velocity peaks (see Fig. 10.14, stations MRN and SANO). 


10.6 A Web-Repository for Ground-Shaking Scenarios 


One of the main outcomes of the cooperation of PoliMi with MunichRe was the 
development of a web-repository of the synthetic seismic scenarios produced in the 
urban areas considered, in a format suitable for risk assessment studies. The data 
structure of the web-repository is handled as a relational Access database, so that 
any standard/advanced query can be easily performed. 

It is worth to remark here that the database is not constrained to SPEED results, 
rather it was envisioned as an open repository aiming at collecting the results of 
different complex scenarios, both from the simulation method and model descrip- 
tion viewpoint. 


10 Physics-Based Earthquake Ground Shaking Scenarios in Large Urban Areas 353 


m7 11°00°E 
0 5 10 20 
es km 


Fig. 10.16 PGV maps from BB (SPEED+SP96) numerical simulations (left) and from 
ShakeMap tool (right) 
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Fig. 10.17 Web-repository of earthquake ground shaking scenarios 


Figure 10.17 illustrates the conceptual scheme adopted as a basis of the archive 
of synthetic seismic scenarios, with reference to the Po Plain case study: (1) the user 
first selects the target location; (2) then, the seismic fault is picked among those 
available for the location under study; (3) the target scenario is adopted, uniquely 
defined by magnitude, location and size of the broken fault, and by the additional 
parameters such as co-seismic slip distribution, nucleation point, rupture velocity, 
rise time and rake angle; (4) output ground shaking maps are downloaded. In a 
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future version of the web site, BB time-histories at selected locations will also be 
downloadable. 

Output maps are stored in a standard format, on a regular grid of Latitude and 
Longitude in terms of the following strong motion parameters (geometric mean of 
horizontal components): Peak Ground Displacement (PGD), Peak Ground Velocity 
(PGV), Peak Ground Acceleration (PGA), response spectral Pseudo-Acceleration 
(PSA) at 0.3, 1.0, 3.0, and 5.0 s. 


10.6.1 Conclusions 


In the framework of a research contract between Politecnico di Milano, Italy, and 
Munich Re, Germany, we generated physics-based ground shaking scenarios from 
hypothetical earthquakes in large urban areas worldwide. These scenarios were 
obtained by the open-source high-performance computer code SPEED, based on a 
Discontinuous Galerkin spectral element formulation of the elastodynamics equa- 
tions, allowing one to treat non-conforming meshes as well as non-uniform poly- 
nomial approximation degrees. 

The case studies encompass Santiago de Chile, the Po Plain, Italy, Christchurch 
and Wellington, New Zealand. Taking advantage of the large set of records 
obtained in the near-fault region of the Po Plain, affected by the earthquake 
sequence of May-June 2012, results from the 3D numerical modelling of the My 
6 May 29 2012 earthquake were illustrated, under both assumptions of linear and 
non-linear visco-elastic materials. Comparisons with records were addressed, to 
highlight potential limitations of this numerical approach to obtain realistic ground 
shaking scenarios. 

Although results for this case study were not fully satisfactory when compared to 
records, this simulation experiment pointed out some of the key points to be 
accounted for when physics-based earthquake ground motion simulations are 
carried out and compared with real records: 


— given the complexity of the numerical model, preliminary validation tests with 
independent numerical codes on simplified configurations (as shown in 
Fig. 10.12c) are recommended; 

— the accuracy of input data for finite-fault modelling is crucial, especially in the 
near-field region, where details on the asperity distribution along the fault, 
together with the relative position of the nucleation point with respect to the 
slip pattern, affect dramatically the ground motion computations; 

— if the input seismic source and geological models are sufficiently detailed to 
excite seismic ground motion within a sufficiently wide frequency range, 
physics-based numerical simulations are capable of providing realistic ground 
shaking scenarios and of capturing some features of ground motion variability 
(such as spatial coherency, dependence on the lateral variation of soil properties, 
basin edge effects, surface or submerged topographic irregularities), which are 
not taken into account by any other tool for EGMP. 
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As shown in Table 10.1, much progress has been done in the last 15 years in the 
production of realistic physics-based earthquake ground shaking scenarios in large 
urban areas. Several verification benchmarks of the numerical codes against inde- 
pendent solutions and/or cross-validation among codes have demonstrated that a 
satisfactory level of reliability of results has been reached. Furthermore, the com- 
putational progress allows one presently to run numerical meshes of hundreds of 
millions nodes in few hours, or tens of minutes, even without having access to very 
powerful computer architectures. 

However, in order for such numerical approaches to be accepted confidently by 
the engineering community as alternative and reliable tools to empirical approaches 
for EGMP, physics-based numerical simulations of source-to-site earthquake 
ground motion prediction still need to convincingly provide answers to the follow- 
ing questions: 


— what is the level of detail required on the seismic source to excite ground 
motions in a large enough frequency range? 

— what is the level of detail required on the local geology to produce realistic 
ground motion scenarios useful for seismic risk evaluations? 

— how many numerical simulations are required to produce a sufficiently repre- 
sentative and reliable picture of the earthquake ground motion and of its spatial 
variability? 


Answers to the previous questions will be by far more convincing if these 
methods will be proven to provide explanations of observed ground motions, 
especially in the near-source region, more satisfactory than conventional tools 
for EGMP. 
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Chapter 11 

A Seismic Performance Classification 
Framework to Provide Increased Seismic 
Resilience 


Gian Michele Calvi, T.J. Sullivan, and D.P. Welch 


Abstract Several performance measures are being used in modern seismic engi- 
neering applications, suggesting that seismic performance could be classified a 
number of ways. This paper reviews a range of performance measures currently 
being adopted and then proposes a new seismic performance classification frame- 
work based on expected annual losses (EAL). The motivation for an EAL-based 
performance framework stems from the observation that, in addition to limiting 
lives lost during earthquakes, changes are needed to improve the resilience of our 
societies, and it is proposed that increased resilience in developed countries could 
be achieved by limiting monetary losses. In order to set suitable preliminary values 
of EAL for performance classification, values of EAL reported in the literature are 
reviewed. Uncertainties in current EAL estimates are discussed and then an 
EAL-based seismic performance classification framework is proposed. The pro- 
posal is made that the EAL should be computed on a storey-by-storey basis in 
recognition that EAL for different storeys of a building could vary significantly and 
also recognizing that a single building may have multiple owners. 

A number of tools for the estimation of EAL are reviewed in this paper and the 
argument is made that simplified methods for the prediction of EAL are required as 
engineers transition to this new performance parameter. In order to illustrate the 
potential value of an EAL-based classification scheme, a three storey RC frame 
building is examined using a simplified displacement-based loss assessment pro- 
cedure and performance classifications are made for three different retrofit options. 
The results show that even if only limited non-structural interventions are made to 
the case study, the EAL could be significantly reduced. It is also argued that overall, 
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such a performance classification, coupled with some form of government or 
insurance-driven incentive scheme, may provide an effective means of reducing 
the risk, and increasing the resilience, of our societies. 


11.1 Introduction 


Looking back at how the subject of earthquake engineering has developed, we have 
observed what went wrong in earthquakes, learnt from these events and subse- 
quently developed an engineering approach (building codes, analysis tools and 
construction techniques) that one could argue provides our communities with an 
acceptable level of seismic risk. However, as communities develop, it is also 
apparent that the definition of what is an acceptable level of risk changes. Some 
40 years ago, it would appear that the intention of seismic design and retrofit was 
solely to ensure that the probability of loss of life during an earthquake was 
acceptably low. However, following earthquakes such as the Northridge earthquake 
in 1994 and the more recent 2011 Christchurch earthquake, it is becoming increas- 
ingly clear that the protection of lives is not enough. Financial losses associated 
with repair, disruption to businesses and the time lost to clean up and reinstate 
services and activities, are just a number of important factors that need to be 
considered in a modern definition of seismic risk, and which are already entering 
into performance-based earthquake engineering procedures, as will be discussed 
shortly. 

Another means of considering performance and risk is to focus on disaster 
resilience. Also here, as has been discussed by experts in the field (e.g. Comerio 
2012), even if the number of lives lost in an earthquake are low, individuals and 
communities cannot return to their normal way-of-life unless they have jobs and 
housing, and if the community services (transport systems, schools, hospitals, 
banks, businesses and governments) are functioning properly. The best means of 
quantifying resilience is arguably still to be identified, with various resilience 
indicators in the literature (see Comerio 2012). However, it is clear that an engi- 
neering approach that focusses solely on the concept of life-safety will not ensure 
resilient communities. 

With the above points in mind, this paper will review modern measures of 
performance and propose a new performance classification scheme that is based 
only on expected monetary losses. It will be argued that, whilst the important issue 
of life safety should not be forgotten, a monetary loss-based performance scheme 
could offer an effective means of reducing risk and increasing resilience, provided 
that it is used together with suitable government incentive schemes to motivate 
retrofit and improvements. 
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Fig. 11.1 Overview of the four stages of the PEER PBEE framework 


11.2 Modern Measures of Performance 


Performance measures offer engineers a means of quantifying and communicating 
risk. As explained in the introduction, until recently the main concern for seismic 
engineers was the risk of loss of life. However, since the nineties (and arguably 
before that time in some parts of the world where serviceability limit state checks 
were in place since the seventies), a need for additional performance measures has 
arisen, in response to the need to reduce other risks posed by earthquakes, including 
the high repair costs and disruption (loss of time and social upset) that earthquakes 
can cause. In response to this there have been a series of initiatives (SEAOC 1995; 
ATC 2011a) aimed at developing performance-based earthquake engineering 
(PBEE) approaches. The most refined PBEE procedure currently available appears 
to be the framework developed for the PEER PBEE methodology (Porter 2003) 
which offers engineers a means of quantifying performance measures of deaths, 
dollars and downtime (the “3 D's") by following the approach outlined in Fig. 11.1. 
Referring to Fig. 11.1, the PEER PBEE framework consists of defining the facility 
type and location followed by four analysis stages: hazard analysis, structural 
analysis, damage analysis and loss (decision) analysis. 

The four stages allow for each aspect of the seismic assessment to be treated in a 
probabilistic manner where inherent uncertainties are incorporated within a given 
stage and carried through to subsequent stages of the assessment process. In order to 
better illustrate how this is performed, a mathematical relationship in the form of a 
triple integral is shown in (11.1). Notably, the terms in (11.1) are displayed for the 
calculation of consequences from damage across all seismic intensities, yet a 
similar form is applicable to other consequences or decision variables (DV). 


A[pv|p] = Ill p|DV|DM|p|[DM|EDP]p|EDP|IM|A[IM\dIMdEDPdDM (11.1) 


The terms A[xly] and p[xly] represent the mean annual occurrence rate and 
probability density of x given y. The design, D, represents the structure and site 
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to be assessed, where all building details are specific to D and site hazard charac- 
teristics are addressed in order to obtain the occurrence relationship of a given 
intensity measure, A[/M]. Site hazard is typically defined by a Probabilistic Seismic 
Hazard Analysis (PSHA) which allows for the site hazard to be related to an IM of 
interest (e.g. Ist mode spectral acceleration, S,(T,)) via proper selection of 
accelerograms for input into the structural analysis stage. The structural analysis 
stage is perhaps the most familiar to the engineering community where a model of 
the structure is developed in order to run nonlinear time history analyses (NLTH) to 
obtain likely response quantities; defined here as engineering demand parameters 
(EDPs). The output of the structural analysis stage results in probabilistic distribu- 
tions of EDPs such as inter-storey drift and floor acceleration that are associated 
with a given level of seismic intensity, p[EDPI/M]. These EDPs are then used to 
estimate the damage of various assemblies within a building within the damage 
analysis stage. The relationship between structural response (EDP) and a given 
damage measure (DM) is represented by fragility functions (cumulative distribution 
of p[DMIEDP]) that are assigned to various components within the building 
(e.g. columns, partitions and ceilings). Each set of DMs for a given component 
are sufficiently separated to represent distinct methods and extent of repair; with 
each DM having an associated decision variable distribution (p[DVIDM ]), in this 
case repair cost, associated with it. Remaining consistent with the formulation of 
(11.1), the final result of the triple integral would represent the mean annual 
occurrence of repair cost for the given building and site, A[DVID]. 

The previous description of the PEER PBEE methodology represents only one 
metric of performance (annualized repair cost due to damage), yet the seismic 
performance can consider numerous sources of loss (e.g. the 3 D's) expressed in a 
variety of metrics. These metrics can be annualized, such as expected annual loss 
(EAL), to allow losses to be treated as an expense within cash flow analysis (Porter 
et al. 2004), based on a given intensity such as that corresponding to a design level 
event, or based on a given scenario possibly recreating a previous or anticipated 
event of known magnitude and distance (ATC 20112). Further, loss metrics can be 
expressed based on input from decision makers such as the annual or 50 year 
probability that losses will exceed a given value, such as probable maximum loss 
(PML). 

The PEER framework for performance assessment is attractive since it is quite 
clear and very flexible, noting that no restrictions are imposed on the approach used 
to quantify hazard, to undertake the structural analysis, relate EDPs to losses and 
other performance measures. To this extent, it is also apparent that the results of a 
performance-assessment conducted using the PEER PBEE procedure will currently 
lead to quite different measures of performance depending on the assumptions 
made in applying the procedure and the risk parameters of interest. The following 
sub-sections review considerations currently made when estimating life-safety, 
monetary losses and downtime, and identify some of the factors that will affect 
their quantification. 
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11.2.1 Life-Safety and Probability of Collapse 


The inherent risk of a structure to collapse and subsequently endanger lives has 
been the primary concern of earthquake engineering since the earliest seismic 
provisions were adopted. Further, the ongoing efforts within the field of seismic 
design over the past four decades have made great strides in controlling the collapse 
risk of structures. However, only until recently have advances in computing power, 
experimental testing and engineering seismology allowed analysts to quantify life 
safety and collapse risks probabilistically. Conceptually, the estimation of the 
likelihood of loss-of-life is explained by three basic requirements: (i) determine 
the ways in which a structure can endanger life, (ii) relate critical structural 
conditions to the likelihood of the seismic hazard producing them and (iii) establish 
an estimate of the number of lives exposed to the dangerous conditions. However, 
numerous factors challenge the estimation of collapse probability and consequen- 
tial risk of loss-of-life. 

Rather intuitively, a majority of fatalities occur when at least a portion of a 
structure collapses (Hengjiam et al. 2003). However, although small in comparison, 
there are still a number of fatalities that can be attributed to the damage of 
non-structural elements (e.g. masonry partitions, large equipment, failed exteriors) 
or building contents (e.g. furniture) (Durkin and Thiel 1992; Stojanovski and Dong 
1994; Hengjiam et al. 2003). Alternatively, as non-structural damage may not be a 
significant source of fatalities, resulting injuries may be substantial (Porter et al. 
2006) which leads to another, at least viable, consideration in seismic risk assess- 
ment. Further discussion of life and injury risks associated with non-structural 
hazards is omitted for the sake of brevity, yet it is noted that this source of risk 
has received wide attention in recent years (Charleson 2007; ICC-ES 2010; FEMA 
2011). 

Given the complexity of the physical interactions of a building at imminent 
collapse, the first major challenge lies within capturing these complexities in a 
reliable manner within mathematical models for computer simulations of earth- 
quake demands. For more modern (ductile) structures, current seismic provisions 
mandate that certain strength hierarchy be followed (e.g. SCWB ratio, flexure- 
controlled members) to ensure a ductile response and indirectly force a sidesway or 
global collapse mechanism. Although numerous methods and tools have been made 
available for the modelling of structural members, as a result of countless experi- 
mental campaigns (Ibarra et al. 2005; Berry et al. 2004; Lignos 2013; Lignos and 
Krawinkler 2011; among others) the intricacy associated with even a “ductile” 
collapse mode require that numerous uncertainties must be accounted for. In light 
of state-of-the-art assessment methods such as the PEER PBEE methodology, the 
probability of global collapse of a structure is addressed with a collapse fragility 
function (typically a cumulative lognormal distribution) requiring that the median 
collapse intensity be estimated and the corresponding dispersion to represent 
uncertainty. Estimation of the median collapse intensity can be performed by 
various methods (ATC 2011a; FEMA 2009; Mohammadjavad et al. 2013; 
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Vamvatsikos and Cornell 2006). The collapse dispersion must address uncertainty 
involved in both demand (record-to-record) and capacity (modelling) with the 
former requiring a large number of time history simulations (e.g. IDA, Vamvatsikos 
and Cornell 2002) or reliable approximation (Perus et al. 2013). The latter source of 
uncertainty is typically benchmarked through parametric studies (e.g. Haselton and 
Deierlein 2007) and then adjusted based on the judgment of the analyst in terms of 
level of knowledge of the structure (e.g. details, materials, construction quality) 
adequacy of the structural model (ATC 201 1a; FEMA 2009). 

When dealing with older structures that lack strength hierarchy provisions and 
proper detailing, numerous additional modes of failure can be expected (e.g. joint 
failure, shear failure, punching shear of slab-column connections) other than a 
global sidesway collapse. This combined with current limitations of modelling 
and simulation capabilities (Liel and Deierlein 2008) requires that the collapse 
probability become a two staged problem. Initially the probability of a sidesway 
collapse is estimated using methods similar to ductile structures, and then a 
subsequent assessment must be made with simulations that did not produce collapse 
in order to estimate the probability of brittle or non-simulated modes of failure. 
Taking the shear failure of a column as an example, the expected deformation 
capacity of the column corresponding to a brittle shear failure would be estimated 
based on structural properties (e.g. material, axial load, detailing) and available 
experimental data in order obtain a fragility function similar to that used to estimate 
global collapse (Aslani and Miranda 2005). Further, the influence of joint deterio- 
ration could be captured in the structural model (Altoonash 2004; Pampanin et al. 
2003) which would affect the expected structural deformation and subsequently 
influence the likelihood of a brittle collapse mode. 

An additional challenge of estimating the collapse risk of a structure lies within 
associating a given structural demand to a proper representation of seismic hazard 
in order to convey collapse risk. As current assessment methods rely heavily on 
NLTH analysis, accelerograms must be selected to represent the expected seismic 
demands. Although numerous factors must be considered with record selection in 
general (e.g. Baker and Cornell 2006a; Iervolino et al. 2006; Kalkan and Kunnath 
2006), the use of accelerograms in collapse studies becomes an even more daunting 
task as recorded data from very large events is just as rare as the events that produce 
them; with the recent improvements in seismic design producing structures that are 
expected to have median collapse intensities on the order of 2—3 times that expected 
for the 2 % in 50 year probability of exceedence intensity which typically corre- 
sponds to the maximum credible earthquake (Haselton and Deierlein 2007). As 
such, the proper treatment of the uncertainty associated with these rare events is 
critical when conducting collapse assessments. A very important characteristic of 
very rare ground motions is that of spectral shape; an importance that is a result of 
structural analysts’ use of first-mode spectral acceleration as an intensity measure in 
collapse assessments. Briefly, spectral shape for rare ground motions (e.g. 2 % in 
50 year intensity) must be properly considered because they can significantly differ 
from the corresponding uniform hazard (UHS) or design spectra (Baker and Cornell 
2006b). The main issue relating to the prediction of collapse is that rare ground 
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motions have a much longer return period, Tr, (e.g. 2,475 years) compared to the 
return period of the events that cause them (e.g. 150—500 years in the Western U.S.) 
requiring that this rarity be accounted for (FEMA 2009). This is typically done with 
an epsilon factor, e, that relates the number of standard deviations above (or below) 
a median hazard spectrum for a given Tg and structural period (Baker and Cornell 
2006b). Although this concept is not the most recent development, it is deemed 
important in the context of collapse assessment where failing to incorporate some 
procedure to consider epsilon (i.e. Haselton et al. 2011) has lead to collapse 
capacities to be underestimated by 30-80 % (FEMA 2009). 

In order to estimate the number of fatalities due to the collapse of a structure, the 
type of failure mode must be considered with respect to how many building 
occupants will be exposed to dangerous or lethal conditions. This has been quan- 
tified previously as a collapsed volume ratio (CVR) expressed as a percentage of the 
building that completely collapses in previous efforts to estimate life safety risk; 
where reconnaissance data has shown it to be a good indicator of the level of 
fatalities within a structure (Coburn et al. 1992; Yeo and Cornell 2003). The 
uncertainties in estimating this parameter are even more difficult that assessing 
the collapse probability due to the lack of data on the subject and typically must rely 
on judgment. To illustrate the different considerations for estimating CVR the 
assumptions made by Liel and Deierlein (2008) in the assessment of reinforced 
concrete (RC) frame buildings are used as an example. 

The data in Tables 11.1 and 11.2 illustrate how the CVR is estimated provided 
that a global side-sway collapse is expected. The initial CVR is estimated via 
NLTH analysis in terms of the number of stories involved in the collapse mecha- 
nism which can vary significantly depending on the number of stories and expected 
ductility of the building as shown in Table 11.1. Additionally, the likelihood of a 
side-sway collapse causing a complete collapse of every storey (i.e. pancake 
collapse) must also be estimated. An example set of values for the likelihood of a 
pancake collapse provided that side-sway collapse occurs is presented in 
Table 11.2. 

Notably, the values are based on judgment, yet reflect two basic principles: i) 
ductile structures have a higher deformation capacity which could involve more 
stories in the collapse mechanism and ii) taller structures are more susceptible to 
secondary effects (e.g. P-delta) as shown with respect to the expected ductility and 
height of the building in Table 11.2 (Liel and Deierlein 2008). 

When collapse is conditioned on a local brittle failure (e.g. shear) the fact that a 
soft-storey mechanism involving only one storey initially may lead to subsequent 
failure of additional stories (i.e. progressive collapse) must also be considered. The 
event tree shown in Fig. 11.2 shows how different modes of collapse may lead to 
different estimations of the collapsed volume ratio (CVR). 

Once the likely percentage of the building that has collapsed in estimated, the 
fatality probability is calculated by estimating the number of lives expected within 
that area of the building. This is currently achieved by attributing a population 
model to the structure. Population models vary according to the use or occupancy of 
the building. Two examples are provided in Fig. 11.3 for a commercial office 
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Table 11.1 Example of 


TE : # of stories — Ductility of RC frame Collapsed volume ratio? 
variations in collapsed ——————————————— 


volume ratio for RC frame 4 Ductile . 0.38-0.52 
buildings (abridged from Liel Non-ductile 0.50.62 
and Deierlein 2008) 8 Ductile 0.15-0.28 
Non-ductile 0.27—0.43 
12 Ductile 0.08-0.24 
Non-ductile 0.2-0.29 


“Estimated from nonlinear time history analyses 


Table 11.2 Assumed probability of side-sway collapse triggering pancake collapse based on 
height and ductility (Liel and Deierlein 2008) 


# of Ductility of RC Probability side-sway collapse leads to pancaking P[Pancakel 
stories frame C] 
<4 Ductile 0.3 
Non-ductile 0.15 
>8 Ductile 0.6 
Non-ductile 0.3 


Collapsed Volume 
Ratio (CVR) from 
Analysis 


1-P[Pancake |C] 


Collapse Isolated in 
(1 or more stories) 


Global 
Collapse 


Pancake Collapse CVR =1 
P[Pancake |C] (all stories) 
0.75 x 
Limited Collapse CVR =1story 
/# stories 
Local 
Collapse 
Progressive Collapse CVR 2 0.75 


0.25 


Fig. 11.2. Example of an event tree to determine the collapsed volume ratio of a structure 
conditioned on either a global or local collapse for the estimation of fatalities (Adapted from 
Liel and Deierlein 2008) 


building and a healthcare facility (e.g. hospital). The figure shows that it is likely 
that the office building will be vacant overnight and the occupancy is drastically 
reduced on the weekend. Conversely, the hospital model expects a minimum of 
2 people per 1,000 ft? (93 m?) at all times and only a small reduction in population 
on the weekend. Notably the population models represent expected values and 
additional uncertainty may be incorporated as well as additional time frames for 
population variation (e.g. monthly). 

Although the probability of the loss-of-life may be estimated, it may be in the 
decision-makers best interest to also estimate the economic impact of the expected 
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Commercial Office 


5 
— Weekday 
Weekend 


Healthcare Facility 


Number of People per 1000 ft? 
Number of People per 1000 ft? 


1 —— Weekday 
Weekend 
0 3 6 9 12 15 18 21 24 0 3 6 9 12 15 18 21 24 
Hour of Day Hour of Day 


Fig.11.3 Illustration of different population models used for life safety assessment: (a) commer- 
cial office, (b) healthcare facility (Values taken from ATC 2011b) 


life safety risk of a structure or facility. Attributing a price to human life comes with 
both moral and economic challenges, yet this is usually necessary in order to 
compare the benefits of allocating monetary resources to protect public welfare; 
both by municipalities and decision makers within the private sector. This is 
typically done by estimating the value of a statistical life, VSL (FHWA 1994; 
Mrozek and Taylor 2002). Values can depend on the amount an industry is willing 
to pay to preserve life safety for a particular type of risk (Liel and Deierlein 2008) or 
even considering a life quality index based on a country's gross domestic product 
(per capita) and life expectancy (Rackwitz 2004). 


11.2.2 Direct Monetary Losses 


The calculation of seismic losses can have numerous sources as previously men- 
tioned (e.g. the 3 D's). However, it is useful to make a distinction between the types 
of losses based on how they may affect decision making. The term direct loss is 
typically attributed to monetary loss from repair costs due to damage and full 
replacement costs in the case of a structural collapse (Mitrani-Reiser 2007; 
Welch et al. 2014). The remaining losses associated with other sources of loss are 
termed indirect losses herein. It is noted that the damage of building contents 
(e.g. furniture, office equipment) can also be a significant source of direct loss 
(Comerio et al. 2001), yet the current discussion will be limited to only the structure 
and its non-structural components. 

The calculation of direct losses due to repair costs requires that (ideally) each 
damageable component within a building has a specific damage fragility and 
consequence function attributed to it in order to transition from structural response 
to damage and then repair cost in line with the progression shown in Fig. 11.1. A 
sample set of fragility and consequence functions are shown in Figs. 11.4 and 11.5 
for a ductile interior RC beam-column joint. Figure 11.4 illustrates that as inter- 
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0 + + or rupture of reinforcement 
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Inter-storey Drift Ratio, IDR [rad] "Median inter-storey drift" Lognormal standard deviation 


Fig. 11.4 Sample fragility function (left) and damage state parameters (right) for a modern 
interior RC beam-column joint (Values taken from ATC 2011b) 
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Fig. 11.5 Repair costs for various damage states of a modern interior RC beam-column joint: (a) 
significant cracking, (b) spalling and (c) severe damage (Values in 2011 USD from ATC 2011b) 


storey drift ratio (IDR) increases the likelihood of each successive (more damaging) 
damage state also increases; where an IDR of 5.0 96 will return that almost certainly 
the element has significant cracking and spalling and there is a 50 % probability that 
the element has suffered severe damage. 

To estimate the repair cost associated with a given damage state, the 
corresponding consequence function (Fig. 11.5) is used. Notably, Fig. 11.5 displays 
the mean estimated repair cost (solid line) as well as the plus and minus one 
standard deviation bounds (dashed lines) which highlights the uncertainty associ- 
ated with estimating repair costs following a seismic event. Further, the cost 
functions relate the unit repair cost to the total number of units to be repaired, 
showing a reduction in unit cost as the total increases which represents the reduc- 
tion in labor required (e.g. set-up time, transport of materials) to repair numerous 
elements in the same building. Further, the availability of materials and human 
resources may fluctuate significantly, yet these types of factors will be discussed 
more thoroughly in the following section. 

Aside from the need for additional experimental testing in order to produce more 
reliable and component-specific fragility and consequence functions, the next 
greatest challenge in estimating repair costs could be the appropriate consideration 
of the damageable assemblies within a building. Since structural elements are of 
manageable quantities within a structure the largest source of this difficulty is 
rooted in repairs associated with non-structural elements. Although a vast range 
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Fig. 11.6 (a) Summary of relative value of non-structural elements for three different occupan- 
cies, (b) Relative contribution of different non-structural element classes for a given building and 
(c) Example EDP sensitivity of non-structural elements within a building (Values from Taghavi 
and Miranda 2003) 


of components complete a fully functional facility it is not only their quantities that 
make non-structural elements a critical part of estimating direct losses due to repair 
costs. 

The importance of non-structural damage in direct loss assessment is mostly 
derived from the fact that non-structural elements comprise a significant portion 
(or majority) of the total construction costs of a building (see Fig. 11.6a) and many 
non-structural elements are damaged at seismic intensities much lower than struc- 
tural elements. This importance is reflected in the tremendous losses associated 
with non-structural damage in previous seismic events (Miranda et al. 2012; 
Filiatrault et al. 2001; Reitherman and Sabol 1995). 

In order to incorporate non-structural elements into a comprehensive loss frame- 
work, the various types of non-structural components that compose the inventory of 
a building (Fig. 11.6b) must be assigned engineering demand parameter (EDP) 
sensitivity. Typical sensitivities are (but are not limited to) inter-storey drift ratio 
(IDR) and peak floor acceleration (PFA). Additionally, many components within 
the building may not be affected by building response and are only treated as a loss 
in the event of collapse; these components are typically termed “rugged”. An 
example sensitivity distribution is shown in Fig. 11.6c. 

There are numerous ways in which this discretization of non-structural elements 
can be carried out. First, there is the component-based (or assembly-based) 
approach where the damageable assemblies are identified and assigned fragility 
and consequence functions based on available information (Mitrani-Reiser 2007; 
Porter et al. 2001). Additionally recent studies (Ramirez and Miranda 2009, 2012; 
Welch et al. 2012) have also implemented a storey-based loss model developed by 
Ramirez and Miranda (2009) which combines the likely structural and 
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non-structural inventory into a set of engineering demand parameter to decision 
variable functions (EDP-DV). The two loss modelling aproaches differ significantly 
and each has its own inherent benefits and drawbacks. 

The component-based model is advantageous in that it allows the actual com- 
ponent inventory to be represented (e.g. 12 beams/floor, 600 m? of ceiling/floor) 
whereas the storey-based model relies on relative inventories based on construction 
estimating documents. The storey-based approach is advantageous not only due to 
its simplicity (provided that EDP-DV functions have been constructed) but also 
eliminates the need to select the type and number of damageable assemblies. This 
can lead to repair costs that may or may not reflect the total damaged inventory, yet 
other component-based studies (Krawinkler 2005) have used “generic” fragility 
functions in order to consider components that do not have available fragilities 
based on experimental results. Further, the storey-based model avoids allocating 
repair cost to an element that must also be repaired in order to repair another or 
“double counting”; with the simplest example being the replacement of partition 
walls in order access structural members for repair, where considered separately the 
partition cost could be counted twice. However, this problem can be overcome by 
careful formulation of a component-based model which would indeed consider the 
building most accurately if formulated properly. 

The allocation of direct losses based on collapse typically attribute the building 
replacement cost to the probability of collapse for a given intensity. However, there 
are a number of additional factors that may be considered when estimating direct 
losses due to collapse. The influence of residual displacements can significantly 
affect loss estimates (Ramirez and Miranda 2012) and their consideration could 
prove critical to accurately represent post-event conditions; based on previous 
reconnaissance where significant residual drifts can render a structure a complete 
loss without actually collapsing (Mahin and Bertero 1981; Rosenbluth and Meli 
1986; Anderson and Fillipou 1995). Additonally, the direct loss based on collapse 
assumes a total loss in monetary terms, yet it may be difficult to properly consider 
expected increases in cost due to demolition before new construction can begin or 
even the increased cost to tear down a building that has experienced excessive 
residual deformation. 


11.2.3 Indirect Losses and Downtime 


The third and final source of seismic loss is downtime. The estimation of downtime 
is perhaps the most difficult to achieve of all of the 3 D’s. Predominately since this 
metric not only involves the numerous considerations that have been discussed thus 
far, but because it depends on many additional external factors; not only involving a 
structure experiencing an earthquake, but an entire region or community. 

The basic contributions to downtime following a seismic event can be broken up 
into two components: rational and irrational downtime as defined by Comerio (2006). 
Rational downtime represents the time needed to repair damage of replace a building. 
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Quantity to be Repaired Quantity to be Repaired Quantity to be Repaired 


Fig. 11.7 Repair times for various damage states of a modern interior RC beam-column joint: (a) 
significant cracking, (b) spalling and (c) severe damage (Values from ATC 2011b) 


Irrational downtime includes a number of factors including financing and human 
resources, as well as economic and regulatory uncertainty (Comerio 2006). 

The concept of estimating rational downtime is quite similar to the manner in 
which repair costs are estimated. Using the previous example of an RC beam- 
column joint, as sample set of expected repair times are shown for three damage 
states in Fig. 11.7. 

The figure shows that the estimated repair time is proportional to the level of 
damage for the component which is logical. However, noting that the ranges 
defined by the standard deviation bands (dashed lines) are giving estimates differ- 
ing by a factor of two which highlights the large uncertainty involved with repair 
time estimation. Further, considering an entire building requiring repair, these 
uncertainties would be expected to exacerbate. For the repair of an entire facility, 
the rational component of downtime relating to mean repair time is a function of: 
building size (e.g. number of floors, plan area), the number of different trades that 
are involved (e.g. electrician, drywall installer/finisher) and, similar to the compo- 
nent level, the number of assemblies and the extent of damage. The downtime 
associated with the number of trades involved also contributes to what is termed 
change of trade delay where certain tradesman will not be able to access the 
building until others have completed their tasks. This type of delay can vary 
significantly depending on the repair scheme adopted (Mitrani-Reiser 2007; Beck 
et al. 1999). Repair schemes vary in efficiency between the lower bound of a slow- 
track scheme where all trades are performed in series to a fast-track scheme where 
(ideally) all trades are performed in parallel. A summary of the rational components 
of downtime is shown in Fig. 11.8. 

The various contributions of irrational downtime are very difficult to estimate. 
Economic factors such as municipal buildings waiting for a decision on government 
funding or private facilities negotiating a loan for repairs could vary significantly 
depending on individuals and the condition of the surrounding area. Similarly, 
another component of the irrational downtime would be, upon acquisition of 
funds, the delay for the start up of construction which could involve the develop- 
ment of drawings and repair schemes, bidding for construction, and various levels 
of engineering assessments; factors that would greatly depend on the relationship of 
the owner with the engineers, architects and contractors (Comerio 2006). The 
various components of downtime are summarized in Fig. 11.8. 
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Total Downtime 


Rational Component Irrational Component 


Mean Repair Time Change of Trade Delay Mobilization Time 


# of operational units * #of changes of trade Time before inspection 


(e.g. stories) (e.g. electrical, interiors) 


Inspection outcome 
# of assembly groups to * Type of repair scheme: (e.g. red, yellow, green tag) 
be repaired for a given Fast-track Delay for funding, financing 
operational unit (e.g. parallel trades) and available labor 
Extent of damage Slow-track Prepare drawings and 

(e.g. trades in series) construction bidding 


Fig. 11.8 Various aspects that can contribute to the downtime of a building following a seismic 
event 


The outcome of initial engineering inspections has been the primary metric for 
the estimation of downtime in recent loss assessment studies (Mitrani-Reiser 2007). 
The procedure for carrying out post-earthquake inspections typically implements a 
“tagging” system by which buildings can be quickly identified with a commonly 
adopted green, yellow and red system such as the ATC-20 guidelines (ATC 2005) 
where: 


* Green signifies that the building is “inspected” and occupancy is permitted 
(bearing in mind that the use of the word permitted here would suggest that 
the undamaged building was deemed safe), 

* Yellow represents the presence of some hazard within the building and receives 
a "restricted use" placard typically with notes describing the risks and extent of 
entry and 

* Red represents the case of a clear hazard to human life and returns an “unsafe” 
placard that prohibits any re-entry or occupation of the building. 


In order to quantify downtime, Mitrani-Reiser (2007) developed a “virtual 
inspector" algorithm which simulates the engineering inspection process. As an 
example of the differences in downtime due to engineering inspection outcomes, 
Mitrani-Reiser (2007) assumed that the mobilization time associated with a green, 
yellow and red tag were 10 days, 1 month, and 6 months respectively. Notably, 
when considering a building that is damaged beyond repair, a downtime of 
38 months was attributed. Further, although some estimations must be made in 
order to quantify downtime, it is mentioned that the time associated with a yellow 
tag can vary significantly as the purpose of the yellow tag is to provide more in 
depth inspections to arrive at a final decision of a red tag or possible repair 
requirements before the issuance of a green tag. 

Despite the difficulties in its estimation, downtime following a seismic event can 
be orders of magnitude in importance above all other sources of seismic loss 
depending on the scenario. For example, some lease agreements for commercial 
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real estate in seismic areas, such as California, include a window period (typically 
270 days) in which building owners must repair damages to avoid a break of the 
lease agreement (Comerio 2006). Similarly, tenants of the same commercial real 
estate may be losing valuable clients or contracts for every week or even day they 
are out of operation. This would be a similar case for industrial buildings that 
produce a certain product or provide a service. Although building repair is different 
than business recovery (Chang and Falit-Baiamonte 2002), property owners and 
tenants will likely be forced to compete within the same pool of (possibly scarce) 
services and resources which could significantly affect resulting downtime. The 
concept of “demand surge” for human resources and materials to restore an entire 
city (or region) facing these types of dilemmas becomes much more apparent. 

In light of the importance of downtime, as well as the other sources of seismic 
loss, mitigation of this risk may be a cumbersome task, yet even small reductions in 
seismic risk in terms of direct losses or life-safety could translate into tremendous 
benefits when considering the indirect loss associated with downtime. 


11.3 Proposal to Use EAL for Seismic Performance 
Classification 


This section proposes a performance-classification scheme that is based on direct 
expected annual monetary losses (EAL), with no consideration of life safety or 
indirect losses. The motivation for the classification scheme is first provided, some 
limitations with the EAL performance measure are discussed and then a tentative 
classification framework is proposed. 


11.3.1 Motivation for EAL-Based Performance 
Classification 


At first it might appear that a good performance classification scheme should be 
all-encompassing, considering life-safety, monetary losses and downtime, as well 
as the other factors considered in the definition of community resilience. However, 
it is argued here that best performance classification parameter really depends on 
the intended use of the classification scheme. In this paper it is proposed that an 
EAL-based performance classification can provide suitable means of motivating 
retrofit measures that help build community resilience and reduce losses and 
downtime due to earthquakes. It is argued that the issue of life-safety should be 
separately addressed by code-requirements; buildings should satisfy minimum 
requirements for what regards the probability of loss of life, but that these do not 
form the basis of a performance-classification scheme. 
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This concept of separating life safety from EAL performance could be consid- 
ered somewhat analogous to the way that the performance of washing machines and 
refrigerators is currently quantified; the energy performance rating scheme gives us 
an idea of the performance of the fridge (or washing machine) in terms of running- 
costs (energy use) but does not provide any indication of the likelihood that the 
machine will break down or not. Instead, we tend to rely on brand-names and 
guarantees to ensure that the likelihood of breakdown is not too high. The benefit of 
the establishment of the energy-rating performance scheme for home appliances is 
that it is saving our communities (as well as the individual) money and energy 
(which is a sustainable initiative important for the environment). In the context of 
earthquake engineering, such savings are vital as they could help reduce household 
and business disruption and social impacts of earthquakes. Even though the 2011 
Christchurch earthquakes (and other events in modern engineered societies) only 
caused limited loss of life, the upheaval on the community has been extensive and 
has taken a long time to recover from. Fortunately, in the case of Christchurch a 
large proportion of the damage was insured and therefore recovery is easier but it is 
still taking a long time and the earthquake has clearly caused widespread upset. In 
other parts of the world, such as Italy, the majority of homeowners and many 
businesses don’t have earthquake insurance and therefore the government either 
steps in or the local community suffers hugely (or both). 

In order to be effective, it is also argued that a performance classification index 
needs to be coupled with some sort of incentive scheme. In the case of home- 
appliances the benefit of energy-efficiency to homeowners is clear and immediate. 
In the case of low-risk building solutions the benefit of improved performance may 
only become apparent after an intense earthquake event, which has a low proba- 
bility of occurrence and may never in fact occur during the building owner’s 
lifetime. As such, it is considered that government incentive schemes could provide 
the suitable motivation to building owners and this could consist of tax-rebates, 
discounted bank loans or even subsidized building materials. Another possibility is 
to engage the insurance industry more effectively, ensuring that insurance pre- 
miums can be tailored according to the building-specific seismic risk, rather than 
generic fragility functions for broad building typologies. However, this will require 
more dialogue with insurance companies who ideally would have some input in 
defining final performance-classification schemes such as those defined shortly in 
this paper. 


11.3.2 Observed Trends in Expected Annual Loss Estimates 


As the implementation of advanced loss assessments is still somewhat rare in the 
current literature, the results of the PEER benchmark study on modern RC moment- 
resisting frame (MRF) buildings is the largest source of building-specific loss data 
currently available. The EAL for thirty 2003 International Building Code (IBC) 
conforming RC MRF buildings was estimated using two different loss model 
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Fig. 11.9 Expected annual loss estimates for 30 different 2003 IBC conforming RC moment 
frame buildings conducted by Ramirez and Miranda (2009) (left) and Ramirez et al. (2012) (right) 


formulations. Taking the same site hazard and structural analysis as input, the 
buildings were assessed using a storey-based loss model by Ramirez and Miranda 
(2009) and a component-based MDLA (Matlab Damage and Loss Analysis) tool- 
box (Mitrani-Reiser 2007; Beck et al. 2002) reported within Ramirez et al. (2012). 
The buildings range from one to twenty stories and consider either space-frame or 
perimeter-frame lateral load systems. Buildings also consider a variety of founda- 
tion modelling assumptions (e.g. pinned, fixed, grade beams modelled). The EAL 
results are shown for the two different loss models in Fig. 11.9. The figure shows 
that code conforming RC MRF designs have EAL values between 0.5 % and 1.5 96 
of replacement cost which is a plausible initial benchmark for standard buildings 
designed to modern seismic codes. Notably, the one story building with higher EAL 
was treated as an outlier. 

The figure also shows a general trend of decreasing EAL with story height. This 
is quite easily explained by the concentration of damage in only a few stories of 
taller, more expensive, buildings. Conversely, shorter buildings will have a larger 
percentage of its stories damaged which can result in larger losses in terms of the 
percentage of replacement cost. This relationship with height may need to be 
considered before making further assumptions of generalized EAL values for 
code conforming buildings. However, the range of 0.5—1.5 % is supported by the 
previous results for variations of modern 4-storey RC MRF frames reported by 
Haselton et al. (2008) who found EAL in the range of 0.55-1.07 % of 
replacement cost. 

As part of a continuing effort, Liel and Deierlein (2008) essentially extended the 
previous benchmark study to include non-ductile structures. The study examines 
eight different non-ductile 1967 IBC conforming RC MRF designs and compares 
them with the equivalent 2003 IBC designs that were discussed in the previous 
section. The buildings consist of perimeter and space frame designs ranging from 
two to twelve stories. The EAL results are shown in Table 11.3 in comparison with 
the corresponding 2003 IBC conforming design from other PEER studies. 

The table shows that the EAL values range from 1.6 96 to 5.2 % with an average 
of 2.5 96 of replacement cost for non-ductile RC frame buildings. These values 
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Table 11.3 Comparison of expected annual loss for ductile 2003 and non-ductile 1967 RC 
moment-resisting frame buildings (Liel and Deierlein 2008) 


1967 RC frames 2003 RC frames 
Expected annual loss Expected annual loss 
# stories Framing EAL [% repl.] EAL [% repl.] 
2 Perimeter 3.2 % 1.0 % 
Space 5.2 % 1.0 % 
4 Perimeter 2.3 96 1.2 96 
Space 2.3 % 1.1% 
8 Perimeter 2.1 96 1.0 96 
Space 1.8 96 1.3 96 
12 Perimeter 1.6 96 0.8 96 
Space 1.6 96 1.1 96 
Min 1.6 96 0.8 96 
Average 2.5 % 11% 
Max 5.2 % 1.3 96 


suggest that a possible “non-ductile” range of EAL could be 1.5-3.0 %. However, 
the resulting values show an even stronger dependence on height which suggests 
that EAL classification ranges should distinguish between low-rise (say 1—4 
stories), mid-rise (5-12) and high rise (>12 stories) in order to consider this 
difference, yet furture research is needed to confirm these trends. 

The study by Krawinkler (2005) on the Van Nuys hotel building, which is a 
7-storey RC perimeter frame building located in California, is an additional case 
study involving non-ductile structures. The structure was constructed in 1966 in the 
San Fernando Valley and can be confidently labeled as a “non-ductile” structure 
based on the witnessed performance in the 1971 San Fernando and 1994 Northridge 
events; the latter of which causing brittle shear failures of columns and beam 
column joints (Trifunac and Hao 2001). As Krawinkler (2005) estimated an EAL 
of 2.2 96 of the replacement cost ($198,000 of $9 M replacement in 2002 USD), the 
generalization of non-ductile buildings having an expected annual loss on the order 
of 1.5-3 % is supported. However, additional work with this case study building has 
shown different results and this will be discussed along with other concerning 
points about generalizing EAL values to classify seismic risk categories. 


11.3.3 Uncertainties with Expected Annual Loss Estimates 


A number of inherent difficulties in implementing expected annual loss (EAL) as a 
seismic risk classification metric are addressed in this section. It is shown that even 
while using a normalized loss value (e.g. percentage of replacement cost) there are 
still various aspects of the loss estimation procedure that must, ideally, also be 
"normalized" before EAL could be expected to give reliable results for various 
structural typologies. 


11 A Seismic Performance Classification Framework to Provide Increased. . . 379 


General trends, thus far, have shown expected annual loss (EAL) to be on the 
order of 0.5-1.5 % of replacement cost for 2003 IBC conforming MRF buildings 
(Haselton et al. 2008; Liel and Deierlein 2008; Ramirez and Miranda 2009) and 
non-ductile RC MRF buildings exhibiting EAL values on the order of 1.5-3.0 % of 
the replacement cost (Liel and Deierlein 2008). However, the manner in which the 
replacement cost of these structures has been calculated has been somewhat 
controlled (typically with the current version of the RS Means estimating manual 
at the time the study was conducted). Liel and Deierlein (2008) point out that the 
replacement cost estimates using RS Means (Balboni 2007) are expected to be at 
least 25 % lower than the actual cost of construction and that total project costs can 
be underestimated by as much as $200/ft7 (2006 USD). Further, Liel and Deierlein 
(2008) state that these discrepancies from actual repair costs can still produce 
unbiased loss estimates provided that both replacement cost (e.g. entire structure) 
and repair costs (e.g. non-structural damage) are calculated using the same estimat- 
ing reference (e.g. RS Means). The implications that deviation from this caveat can 
have on obtaining consistent EAL estimates to classify the seismic risk of a 
structure are illustrated with a previous case study performed on base isolated 
buildings. 

The work of Sayani (2009) implemented the PEER PBEE methodology on two 
variations of a three storey steel moment frame building located in Southern Cali- 
fornia: (i) a typical special moment-resisting frame (SMRF) and (ii) an isolated 
ordinary moment-resisting frame building (IMRF). The buildings are designed to 
modern U.S. seismic code provisions, assume typical office occupancy and consider 
similar non-structural typologies and fragilities as studies that have been previously 
discussed (e.g. Mitrani-Reiser 2007; Beck et al. 2002). Assuming similar site hazard 
(e.g. Los Angeles area), the reported values of EAL were 0.134 % and 0.194 % of 
replacement cost for the IMRF and SMRF respectively; assuming the “total building 
and site” estimate for replacement cost (refer Sayani 2009). 

Initially, the EAL estimate of 0.134 % for the isolated building suggests a 
continuation of the general trend of a traditional modern building giving results 
on the order of 0.5—1.5 % of replacement with the drastic reduction stemming from 
the intuitive “protection” that base isolation can provide. However, the traditional 
steel building (SMRF) gave EAL results (0.194 %) less than half of the lower bound 
(0.55 %) value reported from PEER studies which implies that the manner in which 
the replacement cost was calculated is inconsistent with previous studies conducted 
in the PEER benchmark study. Opposite of the suggestion to use the same costing 
reference for both replacement and repair costs set by Liel and Deierlein (2008), the 
work of Sayani (2009) used a professional cost estimator for the replacement and 
construction costs while repair costs were adjusted based on reported values within 
RS Means (Balboni 2007). Notably, the possible underestimation of up to $200/ft* 
when using RS Means for replacement cost was not a terrible estimate in this case, 
where only by adding $200/ft to the 2 and 4 storey buildings (more than doubling 
the cost) examined in Liel and Deierlein (2008) are the replacement costs in 
agreement with the 3-storey estimates made by Sayani (2009), at least in terms of 
storey height and gross area. This raises much concern for the results of advanced 
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Table 11.4 Expected annual loss estimates for the Van Nuys hotel from two different studies 


Building Study Replacement cost [$M] EAL [$] EAL [96 replacement] 
Van Nuys hotel Krawinkler (2005)* 9.0 198,000 2.20 % 
Porter et al. (2004)^. 7.0 53,600 0.77 96 
*2002 USD 
2001 USD 


loss estimates as neither study estimated the replacement cost improperly as no 
clear guidelines for performing this step are currently in available guidelines (ATC 
201 1a). Further, it could be argued that the replacement estimate by Sayani (2009) 
was performed at a very high level of competence, yet due to the repair costs not 
being treated to the same level the resulting estimates are not held to the same 
criteria as other studies and therefore can not be compared. 

In addition to problems associated with the manner in which replacement cost is 
estimated, the numerous decisions that must be made in order to estimate EAL will 
be shown to drastically affect results. Although only the selection of damageable 
assemblies and variation in fragility selection will be the focus, it must also be noted 
that selection of initial (onset of damage) intensity, consideration of downtime or 
fatalities, and numerous economic factors (post-event demand surge for repairs, 
additional costs of tear down due to residual displacements) could also drastically 
affect EAL. 

The Van Nuys Hotel study that was discussed when describing trends with 
non-ductile structures is recalled. Interestingly, there are two loss estimates for 
this building, the aforementioned study by Krawinkler (2005) and another 
conducted by Porter et al. (2004). The two estimates of EAL for the Van Nuys 
hotel are displayed in Table 11.4 showing the estimate of Porter et al. (2004) to be 
approximately one third (0.77 % vs. 2.2 %) of that reported by Krawinkler (2005). 

Now how could such a discrepancy exist? Certainly the large difference is not 
rooted in the difference in replacement cost as the higher replacement cost (1 year 
of inflation is negligible) from Krawinkler (2005) would give a reduction in EAL by 
the same principles discussed in the previous section concerning the base isolated 
steel building. The large difference is most likely attributed to the number of 
damageable assemblies considered in the study and the manner in which their 
repair costs are distributed. Reportedly, the damageable assemblies (with subse- 
quent fragilities and consequence functions) in Porter et al. (2004) consist of select 
structural and non-structural typologies from the collection of fragility and repair 
cost information within Beck et al. (2002). Conversely, the fragilities for the 
Krawinkler (2005) study consider a, comparatively, exhaustive list of 
non-structural components as identified by Taghavi and Miranda (2003) as well 
as numerous structural elements with distinct seismic fragility and consequences. 
Possibly the largest distinction is that the Krawinkler (2005) study adopts fragilities 
for numerous non-structural typologies and includes generic drift- and acceleration- 
sensitive fragilities in order to consider repair implications of numerous assemblies 
within the building in lieu of specific experimental data. 
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As a final point, loss estimates conducted within Welch et al. (2012) recreated 
previous assessments of a four-storey RC frame building using both the component- 
based model developed by Mitrani-Reiser (2007) and the storey-based model by 
Ramirez and Miranda (2009). Even with varying modelling assumptions and 
discrepancies within the many steps of the PEER PBEE framework, the resulting 
losses tended toward the parent study which highlights the reliability in the meth- 
odology. However, since the difference in the values between the two models 
varied by 30 % on average, the manner in which the loss model is developed should 
also be regulated in order to classify seismic risk. Finally, given the that the topic is 
relatively new, it is expected that rigorous loss assessments would be best for 
internal comparisons and cost benefit analysis, where regulations in order to reduce 
the interpretation required by the analyst may be defeating the purpose of having 
such a versatile loss framework. 


11.3.4 Tentative Classification Framework 


The previous sections have highlighted some important uncertainties in the defini- 
tion of EAL as a performance parameter. In particular, (and leaving the perfor- 
mance issue of life-safety aside as a matter that could be addressed through code- 
requirements) the following two points were made: 


* EAL is currently very uncertain and the values obtained are greatly affected by 
the loss models adopted and the value placed on replacement. 

* The total EAL for a building, expressed as a fraction of the building replacement 
cost, will tend to decrease as the building height increases. 


For what regards the first point, this would appear to be an issue with the current 
state of the art and could be dealt with by more research and some consensus on a 
standard procedure for estimating EAL. This uncertainty need not, however, pre- 
vent the creation of an EAL-based performance classification framework (which 
could actually help motivate the additional research that is required into EAL) and 
one should recognize that the engineering community already accepts large uncer- 
tainties and variations in performance checks. For example, the Eurocode 8 (CEN 
2005) currently allows the use of four different types of structural analysis 
(equivalent-lateral force, modal-response spectrum analysis, pushover analysis, 
and non-linear dynamic analyses) in order to check specific engineering perfor- 
mance criteria and all four methods will generally provide different response 
estimates. Therefore, the current uncertainties inherent in EAL need not be seen 
as a large deterrent for the creation of an EAL-based performance classification 
scheme. 

The second point raised above, which notes that EAL tends to decrease with 
building height, should also be given some attention. As the building height 
increases the total EAL may well tend to decrease because deformations and 
damage tend to be concentrated on specific floors, which make up a smaller fraction 
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SEE SRE Proposed Class EAL (storey-specific) 
-based seismic ee 
performance rating scheme A+ <0.25 % 

A 0.25-0.75 % 

B 0.75-1.5 96 

C 1.5-3.0 % 

D 23.0 96 


of the total building as the number of storeys increases. Nevertheless, it would 
appear inappropriate to tell the owner of the storey in which high losses are 
expected that the EAL for the whole building was very low, when in fact it is the 
EAL of their apartment that is of most interest and relevance to them. A logical 
solution to this is to define EAL not on a building level, but on a storey-by-storey 
basis, so that different storeys of a building might be given different performance 
classifications. To this extent, the proposal is not that the performance of one storey 
can be considered completely independent of another and clearly, if there is a soft- 
storey collapse at the ground floor of a building then all floors have a high loss as the 
building will have to be replaced. However, it is proposed that the whole building 
be assessed and performance ratings then assigned to different levels, recognizing 
that repairable damage from low to moderate intensity earthquake shaking may 
tend to concentrate in specific levels. Then, a given owner at a certain level of the 
building might recognize that by using well-detailed non-structural elements they 
could significantly reduce the EAL for their storey. 

With the above points in mind, and considering the EAL results from the 
literature presented in Sect. 3.2, Table 11.5 proposes a tentative EAL-based seismic 
performance rating scheme. It is proposed that the EAL limits in Table 11.5 refer to 
storey-specific values of EAL (i.e. the expected annual loss of the storey divided by 
the replacement value of the storey) which is a slightly different definition of EAL 
than is traditionally used, but would assist in addressing bullet-point 2 made above. 
The next section of the paper will present some simplified tools for the estimation of 
the EAL which will be followed by a case-study example. 


11.4 Tools for Simplified Performance Classification 


For most practicing engineers the challenge of computing the EAL for a building 
is currently likely to appear a somewhat daunting and impractical task. As com- 
puting power improves, software develops and loss assessment concepts and pro- 
cedures become more widely established, it is likely that this situation will change. 
However, in the interim (and to permit such change to happen), it is apparent that 
there is a need for simplified tools that will allow engineers to estimate losses in 
a relatively simplified manner, without departing too greatly from current engi- 
neering procedures. This section reviews a recent proposal by Sullivan and Calvi 
(2011) and Welch et al. (2014) for simplified loss assessment, which combines the 
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Direct-displacement based assessment (Priestley et al. 2007) and SAC-FEMA 
(Cornell et al. 2002) methodologies together with an evaluation of losses at specific 
limit states. 


11.4.1 Displacement-Based Seismic Assessment 


Within a text proposing Direct displacement-based design, Priestley et al. (2007) also 
set out a procedure for the displacement-based seismic assessment (DBA) of struc- 
tures. The procedure offers an estimate of the probability of exceeding a certain limit 
state, which could be the collapse prevention limit state, serviceability limit state or 
some other intermediate limit state. The first task in the Direct DBA procedure is to 
establish a force-displacement response curve, such as that shown in Fig. 11.10a, for 
an equivalent SDOF representation of the building. Priestley et al. (2007) explain that 
this can be done using hand-calculations in which the relative strengths of members 
are first compared in order to identify the expected lateral mechanism, which is then 
used together with (mechanism-dependent) approximations for the displaced shape 
and limit-state deformation capacity (which may be linked to resistance of brittle 
mechanisms). Alternatively to hand-calculations, one could undertake non-linear 
static analyses to obtain the force-displacement response curve. 

With the force-displacement curve known, the effective stiffness, effective mass 
and ductility demand at the assessment limit are computed for the equivalent SDOF 
system. Equation 11.2 is then used to compute the system's effective period: 


Me 
T,—2n4|— 11.2 
s (112) 


where m, is the effective mass given, as a function of the assessed displaced shape 
A;, by: 


(11.3) 


The use of the effective period and mass stems from the substitute-structure 
concept of Shibata and Sozen (1976) and Gulkan and Sozen (1974) and permits the 
use of linear elastic spectrum analysis to gauge the impact of seismic demands, with 
the effect of non-linear response accounted for through the use of effective-period 
inelastic spectrum scaling factors. Traditionally, such spectral scaling factors are set 
in Direct displacement-based design as a function of an equivalent viscous damping 
value, which is in turn a function of the ductility demand and hysteretic properties 
of the building. Recent research (Pennucci et al. 2011) has indicated that there are 
advantages in computing the spectral scaling factor (referred to as the displacement 
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Fig. 11.10 Overview of displacement-based assessment approach (after Priestley et al. 2007). 
(a) Equivalent SDOF representation of structure at critical limit state. (b) Force-Displacement 
(pushover) curve for equivalent SDOF system. (c) Identification of seismic intensity expected to 
create limit state damage 


reduction factor in Pennucci et al. 2011) directly as a function of the ductility 
demand, skipping the computation of the equivalent viscous damping. This lead to 
the proposal that the inelastic displacement demand, A;,, can be related to an elastic 
spectral displacement demand, S, ,,, using an empirical ductility-dependent expres- 
sion. The resulting expression obtained for RC wall structures and bridge piers 
using equations proposed in Priestley et al. (2007) is: 


1 
1+ 6.34 (E) 


m 


(11.4) 


Note that this expression can be related back to an equivalent viscous damping 
value from expressions in the literature, such as that proposed in Eurocode 8 (CEN 
2005) (adapted here to give € as a function of 7): 


10 


Proceeding with the displacement-based assessment, once the effective period 
and system ductility demand, p, at the limit state have been identified, an empirical 
spectral displacement scaling factor is computed (11.6) and divided into limit state 
displacement capacity to provide an equivalent elastic spectral displacement capac- 
ity, $5,145, as shown: 


A cap 


Sa, el, cap = (11.6) 


With knowledge of elastic spectral displacement demands at a site, for various 
hazard levels, the earthquake intensity required to push the structure to its limit state 
can then be identified using the effective period (T;) and spectral displacement 
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capacity (Sa,el,cap) as shown in Fig. 11.10c. Note that this relatively simple approach 
could also be done using a capacity-spectrum method or other non-linear static 
procedures. 

The benefit of this type of assessment over a traditional assessment approach in 
which code-specified intensity levels are checked via a pass-fail type approach is that 
a better appreciation of the real risk can be obtained. Priestley et al. (2007) go as far as 
suggesting that the probability associated with the hazard level shown in Fig. 11.10c 
provides an indication of the probability that the assessed limit state will be exceeded. 
However, such a proposal does neglect the effect of dispersion in both demand and 
capacity which is should be accounted for in probabilistic assessment methods. 

In order to extend the DBA procedure to provide a probabilistic assessment of 
the likelihood of exceeding a certain limit state, some consideration must be made 
of uncertainties in the assessment process, and more generally, for dispersion in the 
demand and capacity estimates. To permit a simplified probabilistic displacement- 
based assessment, Sullivan and Calvi (2011) and Welch et al. (2014) have 
recommended adaption of the SAC-FEMA approach (Cornell et al. 2002) simpli- 
fied as per the suggestions of Fajfar and Dolsek (2010). According to the 
SAC-FEMA approach, the probability, Pj s. of exceeding a certain limit state 
can be found for an x-confidence level according to: 


Pis, = A (S -)CuCjC. (11.7) 


Where C,, Cy and Cp are coefficients account for C values are coefficients 
accounting for the desired confidence level, differences between mean and median 
hazard levels, and dispersion in the demand and capacity, respectively. H (Sac) is 
the median value of the hazard function at the seismic intensity S, c, expected to 
cause a specific limit state to develop. Simplifying the approach according to the 
suggestions of Fajfar and Dolsek (2010) both the coefficients Cy and C, are set to 
one, and a 50 % confidence level estimate using the mean hazard of the probability 
of exceedence is obtained as: 


Pus H(S, c) C; (11.8) 


As shown in Fig. 11.10c, the DBA procedure as proposed by Priestley et al. (2007) 


provides the mean value of the hazard function, H Q z) , expected to cause a selected 
limit state to develop. Subsequently, the adjustment required to arrive at a simplified 
estimate of the probability of exceeding a certain limit state only needs computation 
of the dispersion factor, Cs. According to Cornell et al. (2002), the C; factor can be 


calculated, assuming log-normal distributions of demand and capacity, as: 


2 


k 
C= exp| (Bor + Aa) (11.9) 


2p? 
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where the constant k is set as a function of local hazard data using a power 
expression to relate hazard with probability of exceedence, the constant b relates 
engineering demand parameters to the intensity measure and could be approxi- 
mated as 1.0 (as per equal-displacement rule even if in reality more accurate values 
could be obtained considering different structural typologies and hysteretic sys- 
tems), and Jcr and fpr are dispersion measures for randomness in capacity 
(modelling) and demand (record-to-record) respectively. Indicatively, one could 
expect a value of (Bor + Ber’) = 0.2025 as suggested by Fajfar and Dolsek (2010), 
who also report that reliable data on modelling dispersion is not yet available. More 
refined/reliable information on dispersion appears to emerging within the recent 
ATC-58 document (ATC 201 1a) based on recent parametric studies as described in 
Sect. 11.2.1. 

As discussed in the fib Bulletin 68 (fib 2012), the accuracy of the SAC-FEMA 
approach is limited but it is very simple and therefore is considered to provide 
engineers with a useful approach in the transition to more rigorous probabilistic 
methods. The approach will be used later in Sect. 11.5 as part of an example case- 
study to illustrate possible application of the performance-classification scheme. 

One aspect of the DBA procedure not clarified above is that in addition to 
checking displacement demands, one should also take care to assess demands on 
acceleration-sensitive non-structural elements and secondary-structural elements, 
particularly when assessing the serviceability limit state. In work by Welch et al. 
(2014) acceleration demands up the height of a building were estimated using 
empirical expressions from ATC-58 (ATC 201 1a) but existing empirical procedures 
are known to possess a number of limitations. Progress towards improved estimation 
of floor acceleration spectra has been made by Sullivan et al. (2013), Calvi and 
Sullivan (2014), who provide expressions for the estimation of floor acceleration 
spectrum demands as a function of the non-linear response of the underlying structure 
and the period and damping of the supported non-structural element. However, it is 
still an area of the DBA procedure that requires further development. 


11.4.2 Approximation of the Expected-Annual Loss 


The DBA procedure described in the previous section provides an estimate of the 
probability of exceeding a given limit state. This approach should appear within the 
grasp of most practicing engineers who have become used to exercise of assessing 
different limit states. However, the proposal in this paper is for the performance of a 
building to be classified according to the expected annual monetary loss (EAL). As 
such, the next step in the assessment process is to convert the probability of 
exceeding different limit states into values of EAL. In order to do this, Welch 
et al. (2014) have shown that by estimating losses associated with four key limit 
states, and assuming that losses vary linearly with intensity between the key limit 
states, simple integration can be used to arrive at an estimate of EAL. This process 
is illustrated in Fig. 11.11 and will be explained in more detail subsequently. 
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Referring to Fig. 11.11, itis shown that the smooth curve, representing a series of 
intensity-based assessments using refined methods (e.g. PEER PBEE), has a dis- 
tinct transition region between intensities of large annual frequency (lower 
expected losses) and rarer events with smaller annual frequency (higher expected 
losses). The main concept behind the simplified method using DBA is that a refined 
loss curve is reasonably approximated using only four key limit states; two 
bounding limit states to represent the onset of damage (zero loss) and the point of 
total loss (near collapse), as well as two intermediate limit states (operational and 
damage control) that represent the transition region in the loss curve. 

As discussed previously, a single DBA assessment is capable of estimating the 
probability of exceeding a limit state defined by a peak displacement demand 
(e.g. peak IDR). Therefore only limit state definition is required in order to obtain 
the vertical ordinates (mean annual frequency) shown in Fig. 11.11, yet the loss 
values associated with each of the four limit states are conditioned on a few 
simplifying assumptions. The zero loss limit state is assigned a mean damage factor 
(MDF, % of replacement cost) of zero; a similar assumption to assigning an initial 
intensity to begin analysis within the PEER PBEE approach. The near collapse limit 
state is assumed to represent the total loss threshold and is attributed a MDF of 1.0. 
This leaves only direct loss estimates to be calculated at the intermediate opera- 
tional and damage control limit states. 

In order to estimate losses at intermediate limit states, the work within Welch 
et al. (2014) adopted the engineering demand parameter to decision variable 
functions (EDP-DV) formulated by Ramirez and Miranda (2009). These functions 
are constructed for frame buildings based on number of stories, ductility capacity, 
structural system (space or perimeter frame) and occupancy (e.g. office). As part of 
a storey-based loss framework, EDP-DV functions directly relate the EDP's of peak 
inter-storey drift ratio (IDR) and peak floor acceleration (PFA) to the expected 
direct losses associated with structural and non-structural damage. The functions 
assume three performance groups considering structural (drift-sensitive), 
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Fig. 11.12 Summary of the P[DS| EDP] P[Loss| DS] 
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non-structural drift-sensitive and non-structural acceleration-sensitive components. 
The functions consider the variation in expected assembly inventory between 
ground floor, typical floors, and roof level. Notably, the EDP-DV functions con- 
sider many interactions between components in order to avoid attributing the same 
repair cost twice to a component that may need repair in order to access additional 
elements for repair. A summary of how EDP-DV functions are developed and 
implemented is shown in Fig. 11.12. 

With the assumptions in place, the last important aspect of the simplified EAL 
calculation using DBA is the definition of limit states. Ideally, the zero loss limit 
state should represent the onset of damage of the most fragile non-structural 
components (e.g. partitions, infills) and this should transition to an operational 
limit state that would produce only light non-structural damage. Further, the 
damage control limit state should represent only minor structural damage and the 
near collapse limit state, appropriately, should consider the expected displacement 
demand at imminent collapse. Notably, the work within Welch et al. (2014) 
developed limit state criteria similar to that described in Vision 2000 (SEAOC 
1995), yet a few modifications were made. Most importantly the near collapse limit 
state considered both the imminent collapse displacement as well as an approxi- 
mation of the peak displacement corresponding to a target residual drift in order to 
include the possibility of a total loss due to residuals. 


11.5 An Example Application 


11.5.1 Assessment, Retrofit Options, Estimate of EAL 


In order to illustrate how a performance classification scheme could be used in 
practice, the three storey office building shown in Fig. 11.13 is examined. 
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Fig. 11.13 Illustration of the case study frame building 


This hypothetical case study building, assumed to be located in the city of L'Aquila, 
possesses features typical of construction practice in the 1980s with a ductile RC 
frame structure, an exterior glass facade, lightweight steel framed interior partitions 
and suspended ceilings. This example will consider how a performance classifica- 
tion scheme could be coupled with a government-funded incentive scheme to 
encourage retrofit and subsequently reduce likely monetary losses and disruption 
caused by earthquakes. 

A non-linear static (pushover) seismic assessment of the building reveals that the 
building forms a ductile beam-sway mechanism and develops the bi-linearized 
force-displacement response shown in Fig. 11.14, with a (cracked) fundamental 
period of vibration of 1.15 s (similar responses are expected for both the E-W and 
N-S directions). The base shear resistance at yield of 2250kN is approximately 
20 96 of the full seismic weight of the building. The pushover curve is annotated to 
show the corresponding storey drift demands for different potentially critical 
response points. 

As shown in Fig. 11.14, the lightweight steel framed partitions considered for 
this example structure are assessed as possessing a drift-capacity of 0.3 96 before 
repairs are required (noting that 0.3 96 drift capacity has been observed through 
experimental testing by Davies et al. (2011). The drift limit corresponds to an 
equivalent SDOF system displacement limit of 0.0231 m at period of 1.15 s (i.e. the 
cracked elastic period). The other non-structural elements in the case-study build- 
ing are assessed as being less critical, with the glazing have a serviceability drift 
capacity of greater than 1.0 % and the ceilings expected to sustain the peak 
acceleration demands without damage. The frame has a yield drift of 1.0 %, 
which is quite typical of RC frame structures and a total drift capacity of 5.0 96 

In the following paragraphs the EAL expected for the building under three 
different retrofit approaches will be reported: 
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Fig. 11.14 Force-displacement response curve for the building, showing important response 
points 


* OPTION 1: no retrofit such that the structure remains as it is; 

* OPTION 2: replacement of the lightweight steel partitions with well detailed 
partitions that increase the drift required to exceed zero-loss limit state from 0.3 
to 0.7 95; 

* OPTION 3: replacement of the partitions (as per OPTION 2) and addition of 
viscous dampers to reduce the seismic demands at all limit states. 


The retrofit options listed above will allow this study to highlight how the 
improvement of non-structural elements (OPTION 2) could lead to significant 
reductions in EAL that could represent a more feasible option for building owners 
to consider than the costlier OPTION 3 that would improve the performance at all 
limit states. Clearly other retrofit options could also be considered and the options 
listed above should not necessarily be considered the most effective retrofit solu- 
tions. Another retrofit possibility could have been to add a RC wall or other 
structural elements that increase the stiffness and strength of the system. This 
would have the benefit of reducing the displacement demands but would have the 
negative effect of increasing acceleration demands, which in the present scenario 
are considered to be below limit state values for the ceilings. Note therefore that in 
all cases the structure remains as it is, coherently with a satisfactory predicted drift 
capacity of 5 % at collapse. 

Proceeding with the displacement-based assessment approach described in 
Sect. 11.4, Table 11.6 summarizes the characteristics (effective period, displace- 
ment capacity and equivalent viscous damping) for the three different retrofit 
scenarios at both the zero-loss and replacement limit states. Note that the replace- 
ment limit state was defined as being the point at which the peak storey drift reached 
2.0 %, making the relatively conservative assumption that residual drifts would 
become unrepairable at this level (exceeding a residual drift limit of 0.5 96). It can 
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Table 11.6 Summary of key characteristics obtained from displacement-based assessment 


Retrofit Retrofit Retrofit 
OPTION 1 OPTION2 OPTION 3 
Displacement capacity (m) Zero loss limit state 0.023 0.054 0.054 
Replacement limit state — 0.154 0.154 0.154 
Effective period (s) Zero loss limit state 1.15 1.15 1.15 
Replacement limit state 1.59 1.59 1.59 
Equivalent viscous Zero loss limit state 5 96 5 96 20 96 
damping Replacement limit state 15 96 15 96 36 96 


be seen that the effective period for the zero-loss limit state for all three retrofit 
options is 1.15 s (the fundamental period of the building), whereas the effective 
period for the replacement limit state is 1.59 s (obtained using the effective stiffness 
of the building at a peak drift of 2 96). 

Spectral displacement demands at each value of effective period and for each 
value of equivalent viscous damping were then obtained from seismic hazard data 
for L'Aquila (NTC 2008). Subsequently, the hazard level expected to cause the 
limit state displacement values indicated in Table 11.6 were identified, as per the 
procedure described in Sect. 11.4.1. To account for dispersion, Eq. (11.8) was 
applied, with the constant k set to the local hazard data for the site (around the 
displacement response point of interest), the constant b set equal to 1.0 (which is 
approximate but should not affect dispersion estimates too greatly), and with 
estimated values of dispersion in demand and capacity equal to 0.35 respectively 
(as used for RC frames by Fajfar and Dolsek 2010). Table 11.7 presents values from 
the simplified SAC-FEMA approach used to identify the probability of exceeding 
different limit states. The limit states include the zero-loss limit state which (as the 
name suggests) corresponds to a mean damage factor (MDF) of 0.0, and the 
replacement which corresponds to an MDF of 1.0 (i.e. the full replacement cost). 
In order to be able to apply the four-point loss model described in Sect. 11.4.2, the 
probability of exceeding another two intermediate limit states corresponding to 
mean damage factors (MDFs) of 0.2 and 0.5 were also computed, making simpli- 
fying assumptions about EDP-loss values for the purpose of this example. 

At this stage of the assessment one can already begin to get a feel for the impact 
of the different retrofit measures on the likely losses. Figure 11.15 compares the 
probability of exceedence of each value of MDF reported in Table 11.7 for the three 
different retrofit options. The increased deformation capacity offered by the new 
partitions in retrofit OPTION 2 leads to a considerable reduction in the probability 
of exceedence of the zero-loss limit state and the overall losses, which can be 
gauged from the area under the curves. This reduction occurs even if retrofit 
OPTION 1 and OPTION 2 have the same probability of exceeding the replacement 
limit state. By adding viscous dampers in retrofit OPTION 3, it can be seen that 
probability of exceeding all limit states are reduced, but considering the areas under 
the curves, the difference in losses between retrofit OPTION 2 to OPTION 3 do not 
appear as significant as those between retrofit OPTION 1 to OPTION 2. 
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Table 11.8 Cost considerations for different retrofit strategies 


Net 
Perf. Total Tax rebate retrofit 
Description EAL CLASS retrofit cost (incentive) cost* 
Retrofit Do nothing 1.54% C 0 0 0 
OPTION 1 
Retrofit Replace partitions 0.63 % A €50,000 €15,000 €35,000 
OPTION 2 (30 % 
rebate) 
Retrofit Replace partitions 0.22 % A+ €200,000 €100,000 €100,000 
OPTION 3 and add structural (50 % 
dampers rebate) 


“Figures should be adjusted to allow for inflation 


The next step in the assessment is to compute the EAL for each retrofit strategy 
and this is done here using the approximate 4-point approach described in 
Sect. 11.4.2. Figure 11.16 presents the results obtained, together with the perfor- 
mance classification that would be assigned to the building according to the 
proposal made in Sect. 11.3.4. It can be seen that the existing building would be a 
class C building, bordering on class B (and if required, more refined loss estimates 
could be undertaken to confirm the final class). If the non-structural partitions are 
replaced, as per retrofit strategy 2, the building would become class A. If, in 
addition to this, viscous dampers are provided then it can be seen that a seismic 
performance Class A+can be achieved. 

In order to highlight the possible implications of these retrofit options, Table 11.8 
presents possible costs of the different retrofit scenarios, considering also a possible 
tax incentive scheme that a government might provide (clearly there is no funda- 
ment on the values provided, assumed for the sake of discussion only). 
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Fig. 11.16 Expected 
annual losses estimated for 
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11.5.2  Breakeven Times 


In order to further illustrate the potential benefits of the retrofit options, as well as 
the influence of subsidiary measures, the EAL values are presented in terms of 
break-even times. The break-even time, tgreak-Even, represents, probabilistically, the 
time necessary for the upfront cost of the retrofitting intervention to be balanced by 
the expected annual reduction in seismic losses as shown in (11.10): 


Value COS fRetrofit 
Value/time ^ EALgüsing — EALRetrotit 


(11.10) 


ÍBreak—Even = 


where the total cost of the intervention, CoStgerof, could include a reduction to due 
subsidiary measures depending on the situation. The results of break-even times are 
shown in Fig. 11.17 for the example case study. Notably, the replacement cost of 
the structure is taken as €2,000,000 for the sake of simplicity. Actual values could 
vary significantly yet this cost corresponds to the more comprehensive retrofit 
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Table 11.9 Values for the calculation of break-even times for the considered retrofit options 


Break-even time, tgreak-Even 


(year) 
Reduction Retrofit Tax rebate No With subsidiary 
Retrofit OPTION in EAL* cost (incentive) assistance assistance 
Replace partitions €18,200 €50,000 €15,000 2.7 1.9 
Replace partitions and add €26,400 €200,000 €100,000 7.6 3.8 


structural dampers 
"Replacement cost taken as €2,000,000 


(e.g. added damping) to be 10 % of the replacement cost. The values used for 
calculation of f5,,,4 E, 4, are shown in Table 11.9. 

Reflecting on the numbers shown, one can see that a significant capital outlay is 
required to increase the performance class to A+. Even though the government 
incentive for this option is assumed to be greater than for retrofit option 2, it might 
be deemed too expensive by the building owner to pursue. Retrofit option 2 still 
results in a significant retrofit cost, but is likely to be more acceptable to the 
building owner, particularly considering that the replacement of partitions might 
be undertaken as part of a refurbishment scheme. Another instance in which option 
2 might be considered more attractive is the situation in which the building is 
owned by several different parties, as is the case for the majority of residential 
buildings in Italy. In such occasions it may be very difficult to obtain agreement 
from all building owners to proceed with retrofit option 3, owing to the costs. On the 
other hand, retrofit option 2 could actually be implemented only on specific floors of 
a building (or part of it), by owners interested in improving the seismic performance 
rating of their apartment. Clearly, the same cannot be said for retrofit option 
3 (addition of structural dampers) which should be implemented for the entire 
building system. 

As a closing comment to this example, note that by motivating people to make 
some form of retrofit, even if only to non-structural elements as for option 2, the 
negative impacts of earthquakes should be reduced, with reduced disruption, 
monetary losses and downtime in the event of an earthquake. This is considered 
to provide good justification for the development and implementation of a seismic 
performance rating system, ideally coupled with some form of incentive scheme, in 
the years ahead. 


11.6 Conclusions 


This paper has reviewed a range of performance measures that are being adopted in 
modern seismic engineering applications and has then proposed a seismic perfor- 
mance classification framework based on expected annual losses. The motivation 
for an EAL-based performance framework stems from the observation that, in 
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addition to limiting lives lost during earthquakes, changes are needed to improve 
the resilience of our societies, and it is proposed that increased resilience could be 
achieved by limiting monetary losses. Typical values of EAL reported in the 
literature have been reviewed, uncertainties in such EAL estimates have been 
discussed and then a EAL-based seismic performance classification framework 
has been proposed. The proposal has been made that the EAL should be computed 
on a storey-by-storey basis in recognition that EAL for different storeys of a 
building could vary significantly and also recognizing that a single building may 
have multiple owners. 

A number of tools for the estimation of EAL exist in the literature and both the 
PEER PBEE framework and a simplified displacement-based loss assessment 
(DBLA) procedure have been reviewed in this paper. It has also been argued that 
there is a need for simplified methods for the prediction of EAL as engineers make a 
transition into this new performance parameter. In order to illustrate the potential 
value of an EAL-based classification scheme, a three storey RC frame building is 
assessed using the simplified DBLA procedure and performance classifications are 
made for three different retrofit solutions. The results show that even if only limited 
non-structural interventions are made to the case study building, the EAL could be 
significantly reduced. As the less-expensive non-structural retrofit could be more 
within the grasp of building owners, it is argued that overall, such a performance 
classification, coupled with some form of government or insurance-driven incentive 
scheme, may provide an effective means of motivating (even if limited) retrofit, 
thereby reducing the risk and increasing the resilience of our societies. 
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Chapter 12 
Towards Displacement-Based Seismic Design 
of Modern Unreinforced Masonry Structures 


Katrin Beyer, S. Petry, M. Tondelli, and A. Paparo 


Abstract Unreinforced masonry (URM) structures are known to be rather vulner- 
able to seismic loading. Modern URM buildings with reinforced concrete 
(RC) slabs might, however, have an acceptable seismic performance for regions 
of low to moderate seismicity. In particular in countries of moderate seismicity it is 
often difficult to demonstrate the seismic safety of modern URM buildings by 
means of force-based design methods. Displacement-based design methods are 
known to lead to more realistic and less conservative results, opening up hence 
new opportunities for the use of structural masonry. An effective implementation of 
displacement-based design approaches requires reliable estimates of the structure’s 
force and displacement capacity. This paper contributes to this endeavour by taking 
a fresh look at the drift capacity of URM walls with hollow clay bricks and mortar 
joints of normal thickness. It discusses in particular the influence of the size of the 
test unit and the applied loading history and loading velocity on the drift capacities 
of URM walls. 


12.1 Introduction 


Although unreinforced masonry (URM) construction features excellent properties 
with regard to sustainability, durability, indoor climate and fire resistance, in most 
regions of moderate seismicity the total amount of structural masonry in new 
residential buildings has decreased over the last three decades (Magenes 2006). 
One reason for this decrease relates to the conservatism of force-based methods 
which often lead to the situation that URM buildings do not satisfy the seismic 
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design check in regions of moderate seismicity. As a result alternative structural 
systems such as reinforced concrete (RC) walls and gravity frames are used instead. 
Furthermore, for RC structures already several well developed displacement-based 
design methods are in place, which yield more realistic and less conservative results 
than force-based design methods. In order to regain the URM construction’s 
competitiveness with regard to seismic design, displacement-based design methods 
for URM buildings are necessary. A number of displacement-based design methods 
for URM structures have recently been proposed. These include applications of the 
capacity spectrum methods (Fajfar 1999) using inelastic (e.g. Graziotti 2013) or 
overdamped (e.g. Norda and Butenweg 2011) response spectra or the direct 
displacement-based design method (Priestley et al. 2007). A summary of these 
methods can be found in Graziotti (2013). 

Displacement-based design methods require the force-displacement response of 
the structure up to failure as input. With the development of macro-elements 
representing the nonlinear response of URM walls (Braga and Liberatore 1990; 
Chen et al. 2008; Belmouden and Lestuzzi 2009; Penna et al. 2013) and their 
implementation in software packages (Lagomarsino et al. 2013), nonlinear static 
and dynamic analyses of entire URM buildings have become feasible not only in 
research but also in engineering practice. Macro-element models are based on 
pre-defined failure mechanisms and force-displacement relationships of structural 
components. Next to models for strength and stiffness, the drift capacities of URM 
walls at horizontal and axial load failure are important input parameters for such 
models. For RC structures the structural engineer can control the failure mechanism 
by providing appropriate longitudinal, vertical and confinement reinforcement 
ratios and layouts. In contrast, most parameters controlling the failure mechanism 
of URM walls, such as the geometry of the walls, the axial load carried by the walls 
and the boundary conditions provided by the slabs are defined by architectural 
considerations or other non-structural requirements (e.g. the thickness of RC slabs 
depends often on requirements for sound insulation and heating installation). For 
this reason the ability to predict the nonlinear response of URM buildings forming 
all kinds of failure mechanisms is a key element towards displacement-based 
design of URM structures. 

Mechanical models for the stiffness and strength of URM walls have been 
proposed and successfully validated (e.g. Magenes and Calvi 1997). For the defor- 
mation capacity of URM walls, comprehensive mechanical models are, however, still 
lacking. Furthermore, the prediction of the deformation capacity by means of numer- 
ical tools remains a challenge although the numerical analysis of URM structures has 
seen significant advances (for a review see Lourenco 2008; Milani 2012). Numerical 
models that have been developed for the analysis of URM structures include limit 
analysis tools (e.g. Milani et al. 2006a, b) which aim at the prediction of failure load 
and failure mechanism; the simplified micro-models where joints are modelled as 
interface elements (e.g. Lourenço and Rots 1997; Gambarotta and Lagomarsino 
1997a; Snozzi and Molinari 2013); and finite element approaches where masonry is 
modelled as continuum (e.g. Gambarotta and Lagomarsino 1997b; Zucchini and 
Lourenço 2002; Facconi et al. 2013). While most of these analysis techniques provide 
very good approximations of the failure load and often also the failure mechanism, 
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Table 12.1 Parameters considered in codes when estimating the drift capacity of URM walls 


Failure Slender- Shape of cross 
mode ness ratio Axial section 
(shear Ho/L, or stress Moment (rectangular 
vs. flexure) H/L,, ratio profile vs. flanged) 
ECS8-Part 3 (CEN 2005) x X 
German National Annex to EC8-Part x x x 


1 (DIN 2011) 
Italian code (NTC 2008; MIT 2008) 


New Zealand Standard for seismic x x x 
assessment (NZSEE 2006, 2011) 


> 


FEMA 306 (ATC 1998) x x 
FEMA 273 (ATC 1997) x x 
SIA D0237 (SIA 2011) x x 


the deformation capacity associated with horizontal load failure (20 % drop in 
strength) or axial load failure (loss of axial load bearing capacity) is often difficult 
to predict. Both performance points lie in the post-peak branch where localisation 
issues render the numerical analyses particularly difficult. The displacement capacity 
of URM structures is therefore typically determined by drift limits established on the 
basis of experimental results. 

The principal elements in modern URM buildings are URM walls, RC slabs and 
sometimes spandrel elements consisting of a masonry spandrel and a strip of the RC 
slab (“composite spandrels”). While the stiffness and strength of RC slabs and 
composite spandrels are important in order to predict the force-displacement 
response of the building, their deformation capacity is typically sufficiently large 
to be non-critical (see experimental results in Beyer and Dazio 2012). Research 
needs with regard to horizontal elements in URM buildings relate therefore mainly 
to the effective width of the slab and the stiffness and strength of composite 
spandrels. First attempts to address these issues are reported in Da Parè (2011), 
Benaboud (2013) and Marino (2013). The displacement capacity of modern URM 
buildings is therefore expected to be limited by the URM walls of the building 
rather than the horizontal elements (Salmanpour et al. 2013). Of all URM walls the 
first storey walls are expected to be most critical since shear demands are largest for 
the first storey. 

A comprehensive overview on drift capacities in codes is given in Petry and 
Beyer (2014a). Table 12.1 summarises the different factors considered in these drift 
capacity models. With the exception of the Swiss guidelines for the seismic 
assessment of masonry structures (SIA 2011), all drift capacity models are rather 
similar: The main parameter is the failure mode; typical drift capacities at the 
“Significant Damage” (SD) limit state are 0.4 % for shear failure and 0.8 % for 
flexural failure. The origin of these two values is unknown to the authors but it is 
assumed that they were derived from results of quasi-static cyclic tests. Quasi-static 
cyclic tests are of course only an approximation of the loading an URM wall is 
subjected to during a real earthquake. However, most structural engineering 
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laboratories do not have the capacity of conducting dynamic tests but many are 
equipped for quasi-static cyclic tests. As a result, the number of quasi-static tests on 
URM walls that has been carried out until today clearly outnumbers dynamic tests 
on URM walls or entire URM buildings. Hence, empirical drift capacity models 
will have to rely on quasi-static cyclic test results. Using experimental results from 
isolated URM walls under quasi-static cyclic loading as the basis for empirical drift 
capacity models raises a number of questions; in particular whether the drift 
capacity of URM walls is influenced by: 


* the size of the test unit? 
* the loading history applied to the wall? 
* the loading velocity? 


This paper attempts to shed some light on these aspects. The paper is limited to 
the behaviour of URM walls with hollow clay bricks and cement mortar for joints of 
normal thickness (walls with thin bed joints are not considered). 


12.2 Tests on URM Walls: Influence of Wall Height 
on Drift Capacity 


Many tests on URM walls have been conducted on specimens with heights between 
1.2 and 1.8 m, which corresponds roughly to one half to three quarters of typical 
storey heights H,. Apart from restrictions imposed by the test setup, the observation 
that walls with reduced free height often fail first might have influenced this choice 
(Fig. 12.1a). In modern URM buildings, however, the window units often reach 
over the entire storey height and therefore the effective height H of the walls is 
equal to the storey height (Fig. 12.1b). In older construction, inner walls correspond 
also to storey-high walls. Given the range of effective wall heights in real buildings, 
the question whether the size and therefore height of the test unit influences the drift 
capacity of URM walls is therefore pertinent. 


12.2.1 Database on URM Wall Tests 


Figure 12.2 shows the distribution of test unit heights from a recently published 
database on URM wall tests (Petry and Beyer 2014a). A large part of this database 
stems from the study by Frumento et al. (2009). The database includes walls 
constructed with full-size clay brick units and cement mortar for joints of normal 
thickness. The smallest test unit in the database had a height of H = 1.17 m («0.5 
H,) and the largest test unit had a height of H —3.00 m. The database covers 
therefore well the effective height of walls in real buildings, but it is biased towards 
the walls with reduced effective heights: out of the 64 tests, 41 tests were conducted 
on walls with heights smaller than three quarters of a storey height (H<2.4 m). 
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Fig. 12.1 Effective height H of walls in facades with and without masonry spandrels 
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Fig. 12.2 Database on URM walls (Petry and Beyer 20142): distribution of height H, axial stress 
ratio oo/f,, and shear span ratio Ho/H 


Most of the walls were tested as cantilever walls (Ho/H z 1.0) or with fixed-fixed 
boundary conditions (Ho/H ~ 0.5, Fig. 12.2b). Apart from the EPFL-campaign, 
where the shear span ratio Ho/H was the key parameter investigated, three further 
tests featured shear span ratios other than 0.5 or 1.0. In these tests the axial force 
was applied eccentrically or the height of the top beam was considerable when 
compared to the rather small test unit. The walls with larger heights than the EPFL- 
walls were all subjected to fixed-fixed boundary conditions. Seventy percent of the 
41 walls smaller than 1.8 m (0.75 H,) were tested as cantilevers. The database is 
therefore dominated by walls that have a height smaller than H, and were tested as 
cantilevers. Deriving drift capacity estimates for codes by averaging the drift 
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capacities of all test units in the database that are displaying, for example, a 
particular failure mode, will inevitably lead to drift capacity estimates representa- 
tive for this subset. However, it is questionable if short cantilever walls are 
representative for walls in modern URM structures. 

Before closing this section, some reflections on the testing of walls with H < H,: 
For walls extending only over part of the storey height (Fig. 12.1a), the boundary 
conditions at the bottom of the wall require particular attention. In the test stand, the 
test unit is typically placed between concrete or steel beams in order to fix the test 
unit to the strong floor and apply the horizontal and vertical loads at the top. In a 
modern building the URM wall is framed by RC slabs. The boundary conditions in 
laboratories seem therefore representative if full storey high walls are tested. Walls 
in facades with masonry spandrels (Fig. 12.1a) would be framed by a RC slab at the 
top and URM masonry at the bottom. The boundary condition at the bottom should 
therefore be given some consideration since the steel or RC foundation in the 
laboratory might not be representative. In particular, the confining effect on the 
bottom mortar joint provided by the steel or RC foundation might be stronger than 
that of the masonry supporting the wall in real buildings. As a result, the lateral 
expansion of the brick due to the different Poisson ratios of mortar and brick might 
be smaller. If the failure mode includes crushing of the URM wall’s toe, the 
confinement provided by the foundation might therefore potentially lead to an 
increase of the URM wall’s drift capacity. To avoid this effect one could consider 
testing the specimen with an additional brick layer at the base that is fixed to the 
foundation by a high performance glue. 


12.2.2 A New Empirical Drift Capacity Model for URM Walls 


Figure 12.3a shows the experimentally determined drift capacity 9, as a function of 
the wall height. The drift capacity is the drift capacity associated with a 20 % drop 
in strength. The figure shows a clear decreasing trend of drift capacity with 
increasing height. This holds also if the drift capacity is normalised with the 
shear span ratio Ho/H accounting for the fact that the drift capacity reduces with 
reducing shear span ratio (SIA 2011). These plots suggest that the drift capacity of 
URM walls is influenced by a size effect, as it has first been proposed by Lourenco 
(1997). Accounting for the effect that the drift capacity of walls reduces with 
increasing axial load ratio, the following drift capacity equation was recently 
proposed by Petry and Beyer (2014a): 


oo) Ho (2400mm\°° 
bcp = 1.3%. (1-22—)-—- 12.1 
EHE ( 2) H ( H ) oe 


The equation aims at predicting a mean drift capacity as obtained for quasi-static 
cyclic tests where the test unit is subjected to a constant axial load ratio and a 
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Fig. 12.3 Drift capacity 5, (a) and drift capacity normalised with the shear span ratio (b) as a 
function of the wall height 


constant shear span ratio throughout the test. To predict the drift capacities under 
real earthquake loading, where axial load ratio and shear span ratio might vary and 
where the wall is subjected to larger strain rates, the drift capacity equation needs to 
be modified by two correction factors accounting for loading history (why) and 
strain rate (Vsg) effects respectively. The drift capacity equation at “Near Collapse" 
limit state therefore becomes: 


Onc = Oct ` WLH ` WSR (12.2) 


Section 12.3 investigates effects of the loading history on the drift capacity. In 
Sect. 12.4 results from static and dynamic tests are compared and conclusions 
regarding the importance of strain rate effects on the drift capacity are drawn. 


12.3 The Effect of the Loading History on the Drift 
Capacity 


Since reliable analytical models for predicting the drift capacity of URM walls are 
currently not available, the drift capacity is typically determined by quasi-static 
cyclic tests. The main variables that are used in these tests are: 


* The axial load ratio, 
* The rotational or moment restraint at the top of the wall, and 
* The loading history. 


In most tests reported in the literature, the axial load ratio was maintained 
constant throughout the test, the test unit was subjected to either cantilever or 
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fixed-fixed boundary conditions, and a loading history with two or three cycles per 
amplitude level was applied. The total number of cycles until failure was often not a 
key parameter when defining the loading history. However, for systems susceptible 
to cumulative damage demands, the number of cycles can influence the force and/or 
displacement capacity obtained from the quasi-static cyclic test. In current testing 
practice, in order to capture the evolution of damage limit states, a relatively large 
number of cycles is often applied. The questions that arise from such testing 
practice are: 


* Does the loading history have an influence on the key parameters of interest, i.e., 
the effective stiffness, maximum force capacity and drift capacity? 

* If it does, is the number of applied cycles representative of the expected 
cumulative seismic damage demand in the region of interest? 

* Are the boundary conditions representative for the critical walls in a structure? 


To investigate these questions, first the results from pairs of test units are 
discussed where one had been subjected to monotonic and one to cyclic loading 
(Sect. 12.3.1), then loading protocols for cyclic tests on URM walls are reviewed 
(Sect. 12.3.2) and typical axial force and shear force histories of first storey URM 
walls are investigated (Sect. 12.3.3). 


12.3.1 Monotonic vs. Cyclic Tests 


When reviewing the test results on URM walls (Sect. 12.2.1), three pairs of tests on 
URM walls were identified where one wall had been subjected to monotonic loading 
and the other to cyclic loading. The first two pairs stem from the experimental 
campaign by Ganz and Thürlimann (1984), the third from Magenes and Calvi 
(1992). Ganz and Thürlimann applied always 10 cycles per amplitude level, which 
from today's point of view is certainly not representative since it exceeds consider- 
ably the number of cycles imposed by an earthquake. The total number of cycles 
applied until failure was 58 for W6 and 61 for W7. Magenes and Calvi applied a 
loading history which corresponds in many respects already to today's standard for 
URM wall testing. Until failure, the cyclic loading history comprised ~6 cycles. 
Table 12.2 summarises the three main properties of the envelope curves in 
Fig. 12.4, i.e. the effective stiffness, the maximum force and the drift capacity. 
The effective stiffness is the secant stiffness at 0.75 Fmax and the drift capacity the 
drift at which the force had dropped to 0.8 Fmax. For the cyclic tests, the effective 
stiffness Kc and the strength F4, c are taken as average values obtained for the 
positive and negative loading direction. The drift capacity 9, c, on the contrary, is 
defined as the minimum of the two values (see Frumento et al. 2009). From the 
three parameters, the maximum force is the one which is the least affected by the 
loading scheme. The largest influence of the loading history is observed for the drift 
capacity, which is in average twice as large for monotonic tests than for quasi-static 
cyclic tests. Somewhat surprising is the consistently larger stiffness for cyclic tests 
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Table 12.2 Monotonic vs. cyclic loading: comparison of effective stiffness, maximum force and 
drift capacity 


Cyclic test Monotonic test Cyclic/monotonic 
Kc Fnaxc Suc Km Fmax,M Sum Kc/Ky Frax,c/ Ou c/0,, 
[kN/m] [kN] [%]  [kN/m] [kN] [^] [-] Fma[-l] Ml-l 
Wi & W6 178 256 0.45 127 266 0.94 1.40 0.96 0.48 
W2 & W7 218 496 0.20 163 479 0.40 1.34 1.03 0.50 
MlIIm & 98 263 0.28 66 258 0.78 1.49 1.02 0.35 
MII 
Mean 1.41 1.00 0.44 
ratio 


than for monotonic tests. The authors do not have an explanation for this observa- 
tion. It must be assumed that it is linked to the alternating loading direction since 
mortar strengths and age of the test units at the day of testing were very similar for 
all test units by Ganz and Thiirlimann; Magenes and Calvi did not report mortar 
strengths for the individual walls. 

Despite the admittedly very limited data set, this comparison of monotonic 
vs. cyclic test results suggests that the loading history is not important if one is 
only interested in the force capacity of the URM wall. It becomes, however, 
significant if the displacement capacity and possibly also the effective stiffness 
are of interest. When results of quasi-static cyclic tests of URM walls are used to 
derive drift capacity limits for displacement-based design, attention should there- 
fore be paid to the loading history that was applied in the test. 


12.3.2 Loading Protocols for Cyclic Tests 


For systems susceptible to strength and stiffness degradation, the strength and 
deformation obtained from quasi-static cyclic tests will depend on the imposed 
loading history. Hence, the obtained capacities are directly related to imposed 
demands. For this reason, loading protocols for quasi-static cyclic tests on URM 
walls should be given some consideration. 

Tomazevic and co-workers (1996, 2000) addressed loading history effects on the 
response of reinforced masonry walls displaying a flexural failure mode but until 
today no systematic investigation on the influence of different cyclic loading pro- 
tocols on the drift capacity of URM walls was carried out. The effect of the number 
of cycles on the performance of URM walls can therefore only be inferred indi- 
rectly via the comparison of the envelopes of first cycles with envelopes of second 
or third cycles. The walls of the EPFL test series were subjected to two cycles per 
drift level. Figure 12.5 shows for three of these walls the envelopes of the first and 
second cycles. The three walls developed different failure mechanisms: PUP2 a 
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Fig. 12.4 Monotonic vs. cyclic loading: comparison of force-displacement envelopes 


diagonal shear failure, PUP3 a rocking failure and PUP4 a hybrid failure mode. Up 
to a certain point close to the peak force, the difference between first and second 
cycle envelopes is negligible. As soon as the difference becomes significant, failure 
is imminent. The envelopes of the first and second cycle start to diverge once the 
first limit state inducing irreversible damage has been reached, i.e. failure of the 
compression zone (Limit State (LS) F3, Petry and Beyer 2014c) or concentration of 
shear deformations in a single diagonal crack (LS S3). Hence, before these limit 
states, the behaviour of the URM walls is rather insensitive to the loading history 
while the remaining drift capacity after one of these limit states have been reached 
appears strongly dependent on the loading history. Since at these limit states the 
maximum force capacity has already been reached, the force capacity does not 
seem sensitive to the loading history, while the loading history is expected to 
influence the drift capacity. 

Since the quantitative effect of the loading history on the drift capacity is unclear, 
a loading history should be applied, that represents the seismic demand of the 
geographical region of interest as closely as possible. Existing standardized loading 
protocols were derived for regions of high seismicity (e.g. ATC-24 1992; FEMA-461 
2007); one even specifically for masonry structures (Porter 1987). Krawinkler (2009), 
however, points out that the latter imposes even for high seismic regions far too many 
cycles. Most research projects on URM structures address construction practice in 
low to moderate seismic countries and hence loading protocols should be applied that 
impose fewer cycles until failure. Figures 12.6a and b show examples of loading 
protocols that represent the cumulative damage demands imposed in regions of high 
and regions of low to moderate seismicity for a hazard level with a 2 % probability of 
exceedance in 50 years (Mergos and Beyer 2014). The loading protocols were 
derived from nonlinear time history analysis results of a large set of single degree 
of freedom systems that reflect the fundamental properties of typical structural 
systems. To avoid excessive conservatism for particular types of structures, a set of 
protocols was developed that account for the different cumulative demands as a 
function of the structural type, fundamental period, number of cycles per amplitude 
level and the seismicity. 
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Fig. 12.5 Comparison of first and second envelopes of quasi-static cyclic tests (Petry and Beyer 
2014b) 
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Fig. 12.6 Influence of the seismicity on a representative load protocol: drift controlled load 
histories for quasi-static cyclic testing of URM walls expected to fail in shear for which the 
cumulative cyclic demand is representative for countries of high seismicity (a) and low — moderate 
seismicity (b). Number of cycles applied in quasi-static cyclic tests of URM walls (c) 


The loading protocols shown in Fig. 12.6a, b reflect the cumulative damage 
demands on shear dominated URM structures with a fundamental period T — 0.2 s. 
In this example, a loading history with three cycles per drift amplitude was chosen 
for the high seismicity case and with two cycles per drift amplitude for the 
low-moderate seismicity case. The expected drift capacity at the “Near Collapse" 
limit state was estimated according to EC8-Part 3 (CEN 2005). One sees that the 
number of cycles imposed on URM structures in high seismicity regions is approx- 
imately twice as large as in regions of low-moderate seismicity (21 cycles 
vs. 12 cycles). Figure 12.6c shows the number of cycles applied to the test units 
of the database (Sect. 12.2.1). For most tests the number could only be roughly 
estimated from hysteresis plots. However, the figure clearly shows that in many 
tests the number of applied cycles exceeds what would be representative for the 
demand on URM buildings in countries of low-moderate seismicity. 
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12.3.3 Inner Walls vs. Outer Walls 


In an URM building with strong RC slabs, most of the damage concentrates 
typically in the first storey of the building (Paulay and Priestley 1992; Paparo and 
Beyer 2014). Quasi-static cyclic tests should therefore represent the boundary 
conditions of the first storey walls. Among these, the demands on inner and outer 
walls differ significantly with regard to axial forces and shear spans (Petry and 
Beyer 20142). 

Figure 12.7 shows the axial force and base shear of an outer and an inner wall for 
a 4-storey example building. The structure was analysed using the macro element 
software Tremuri (Lagomarsino et al. 2013). The input ground motion was an 
artificial record from the study by Priestley and Amaris (2002). In the analysis 
the walls were not assigned an ultimate drift capacity. The analysis results show that 
the inner wall is subjected to an axial force which is relatively constant throughout 
the duration of the earthquake and its shear force — drift hysteresis is fairly 
symmetric about the origin. The seismic behaviour of such a central wall seems 
therefore well represented in quasi-static cyclic tests where a constant axial force 
and a constant shear span ratio are applied to the wall. 

The picture is different if an outer wall is considered: In the left wall, the axial 
force increases when the structure is pushed towards the left while it decreases 
when the structure moves towards the right. As a result, the maximum base shear is 
larger for the negative loading direction than for the positive loading direction. Due 
to the decrease in displacement capacity with increasing axial force (Lang 2002), 
outer walls fail therefore typically in the loading direction where the axial force 
increases in the wall (see, for example, Beyer et al. 2014). The question arises how 
the drift capacity of walls subjected to such asymmetric boundary conditions for the 
two loading directions compares to the drift capacity of walls subjected to the same 
boundary conditions in the two loading directions. 

The behaviour of outer walls is less well represented by standard test configu- 
rations for URM walls and the question arises how well their displacement capacity 
can be estimated from standard tests. A preliminary attempt to investigate this topic 
has been carried out within the EPFL-series on URM walls. The sixth test PUPG 
represented boundary conditions of an outer wall: It approached for the positive 
loading direction those of PUPS and for the negative loading direction those of 
PUPA. Figure 12.8 shows the applied axial load and shear span ratio as function of 
the applied horizontal load and drift. 

In the negative loading direction PUP6 was subjected to larger axial forces than 
in the positive loading direction. Hence, the wall was expected to fail for loading in 
the negative direction where the boundary conditions of PUPA were approached. 
For horizontal and vertical load failure, the drift capacities of PUP6 were 2.0 and 
1.6 times larger than those of PUP4 (Figure 12.8), i.e., the results suggest that the 
displacement capacity of an asymmetrically loaded wall is about twice as large as 
the displacement capacity of a symmetrically loaded wall. The weakest zone in 
symmetrically loaded walls failing in diagonal shear is the zone where the two 
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Fig. 12.7 Demand on inner and outer first storey walls in terms of axial force (a), shear force (b) 
and shear span ratio Ho/H (c) 


diagonal cracks intersect and failure of this zone tends to trigger horizontal load and 
axial load failure. In asymmetrically loaded walls that develop a flexural mecha- 
nism in one and a shear mechanism in the other direction, such zone does not exist. 
If the wall develops a shear mechanism for both directions, the shear crack is 
typically much smaller for one direction than for the other. As a result, this heavily 
disaggregated zone at the intersection of two diagonal shear cracks, which often 
controls the drift capacity of symmetrically loaded walls, does not exist for asym- 
metrically loaded walls. Note that for PUP6 the definition of the critical loading 
direction was less clear than for walls in most real buildings. While the axial load 
was larger for the negative loading direction, the shear span ratio was smaller for 
the positive loading direction. As a result, the maximum shear forces were rather 
similar for the two loading direction and the onset of failure occurred in fact for the 
positive loading direction (Petry and Beyer 20142). 
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Fig. 12.8 Results of quasi-static cyclic tests on symmetrically (PUP4, PUPS) and asymmetrically 
(PUP6) loaded walls: failure mode, axial load ratio, shear span ratio and hystereses (Petry and 
Beyer 2014a) 


12.3.4 Conclusions on Loading History 


For systems susceptible to cumulative damage demands, the system's force and/or 
displacement capacities are a function of the imposed cumulative demand, i.e., the 
number of cycles until failure is attained. When determining these parameters from 
quasi-static cyclic tests, the applied horizontal loading history needs to be given due 
attention. Until today no systematic study of the effect of the loading history on the 
force and displacement capacity of URM walls has been carried out and therefore a 
final expression for the correction accounting for load history effects cannot be 
proposed. The following paragraphs summarise the preliminary trends identified in 
Sects. 12.3.1, 12.3.2, and 12.3.3. 
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Cyclic tests resulted in only half the drift capacity as monotonic tests but the 
loading regime had no effect on the force capacity. The reduction in drift capacity 
under cyclic loading is linked to the cumulative damage induced by the cycles that 
are applied after the limit states F3 (failure of the compressed zone) or S3 (con- 
centration of shear deformations in a single diagonal crack) have been attained. A 
study comparing the behaviour of walls subjected to different cyclic loading 
histories could not be found in the literature. To get a first idea of the impact of 
the number of cycles on the force-displacement response, envelopes of first and 
second cycles were compared. As for the monotonic and cyclic tests, the difference 
between these envelopes became only significant once the limit state F3 or S3 have 
been passed. Since these limit states are attained after the strength plateau has been 
reached, only the drift capacity but not the force capacity is expected to be affected 
by the loading history. When determining quantities relevant for force-based design 
from quasi-static cyclic tests, the loading history is therefore of lesser importance. 
However, when drift capacity estimates are sought, due attention should be given to 
the number of cycles applied until failure of the wall. 

Since at present the exact effect of the loading history on the drift capacity of 
URM walls is unknown, a loading history should be applied which reflects the 
expected cyclic demand on the wall during a “Near Collapse" scenario. Attention 
should be paid to 


* The number of cycles imposed until failure, 

* The boundary conditions, i.e. axial load ratio and shear span ratio, 

* Whether the boundary conditions are the same for the positive and negative 
loading direction. 


The number of cycles a system is subjected to depends on its properties (funda- 
mental period, hysteretic behavior) and the seismicity of the case study region. 
URM structures are mainly constructed in low-moderate seismicity regions and 
therefore fewer cycles than for high seismicity regions should be applied. 

Quasi-static cyclic tests applying a constant axial force to the specimen that is 
tested as cantilever or with fixed-fixed boundary conditions will remain the stan- 
dard test since the boundary conditions are well defined and within the capabilities 
of many structural engineering laboratories around the world. Boundary conditions 
of URM walls in real buildings are, however, more diverse. This applies in 
particular to the shear span ratio, which can vary approximately between 0.5 and 
—2.0 H for URM buildings with RC slabs and the symmetry of the boundary 
condition for the positive and negative loading direction. While symmetric cycles 
with constant shear span and axial load ratio approximate the demand on inner walls 
typically well, this does not hold for outer walls. For the latter the axial load and shear 
span ratios fluctuate with the loading direction. A first investigation into the effect of 
such asymmetric loading histories showed that the drift capacity of asymmetrically 
loaded walls might be twice as large as that of symmetrically loaded walls, i.e., 
similar to the drift capacities obtained from monotonic load tests. For such walls a 
correction factor of Yyy = 2 is therefore proposed (Eq. (12.1), Sect. 12.2.2). 
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12.4 Quasi-static vs. Dynamic Tests 


Itis likely that quasi-static cyclic tests will remain the standard tests for determining 
drift capacities of URM walls. However, the actual purpose is to find drift capacity 
estimates for walls subjected to earthquake loading. During an earthquake, URM 
walls are subjected to strain rates that are approximately 1,000 times higher than 
during quasi-static tests. To link static to dynamic drift capacities, strain rate effects 
on the drift capacity need to be quantified and expressed by means of the correction 
factor ysg (Sect. 12.2, Eq. (12.2)). 

Williams and Scrivener (1974) and Tomazevic et al. (1996) investigated strain 
rate effects on reinforced masonry. Both reported similar drift capacities for static 
and dynamic tests. Abrams (1996) compared the behaviour of unreinforced 
masonry structures under static and dynamic loading and concluded that the loading 
history affected the cracking pattern. However, he acknowledges that the structures 
were tested at different scales with different construction materials and different 
restraints provided to the flexible diaphragms, which made it difficult to compare 
them one-to-one. Elgawady et al. (2004) compared the results of URM walls with 
and without GFRP wrapping under static and dynamic loading. However, the shake 
table tests were stopped prematurely and hence no conclusions regarding the drift 
capacities at horizontal and vertical load failure under dynamic loads were possible. 
A numerical study by Snozzi and Molinari (2013) showed that the strength of URM 
walls is larger when subjected to higher strain rates due to a more diffuse cracking 
pattern. However, this study did not yield any information regarding the effect of 
the strain rate on the deformation capacity since the bricks were modelled as elastic. 

This section addresses the effect of strain rates on drift capacities by comparing 
the maximum drifts attained in quasi-static cyclic tests on walls to the maximum 
drifts attained in a shake table test of a 4-storey building (Beyer et al. 2014; Tondelli 
et al. 2014). Both walls and building were constructed at half scale using the same, 
special fabricated half-scale bricks (Petry and Beyer 2014d). The walls had similar 
but not identical dimensions. The walls tested under quasi-static cyclic loading 
were 1.00 m long and 1.11 m high and had a rectangular cross section. The walls of 
the building tested on the shake table were 1.55 m long and 1.40 m high and had 
small flanges at the wall ends in order to increase the out-of-plane stability of the 
walls. 

The comparison between shake table test results of an entire building and quasi- 
static cyclic tests will always be approximate since the exact boundary conditions 
and loading history of the walls in the building are unknown. In addition, the 
geometries of the two sets of walls differ slightly. However, in the absence of 
tests where only the loading velocity but none of the other parameters was varied, 
the comparison of results from a shake table test and quasi-static cyclic tests might 
allow to shed some new light on the effect of strain rates on the deformation 
capacity of URM walls. The following sections investigate the demand on the 
walls in the building on the basis of nonlinear analysis (Sect. 12.4.1), analyse the 
drift capacities obtained from quasi-static cyclic tests (Sect. 12.4.2) and compare 
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drifts attained in the shake table test to the drift capacities from quasi-static cyclic 
tests (Sect. 12.4.3). Section 12.4.4 gives recommendations for the choice of the 
correction factor Ysg that accounts for strain rate effects (Eq. (12.2)). 


12.4.1 Shake Table Test 


The building tested on the shake table was a 4-storey structure with URM walls and 
RC walls. The building was subjected to uni-directional shaking and tested at the 
TREES laboratory in Pavia (Italy). The shaking induced in-plane loading in the 
facade shown in Fig. 12.9. Detailed information on the shake table test will shortly 
be published (Beyer et al. 2014) and the data collected during the test shared 
(Tondelli et al. 2014). 

It is assumed that the drift capacity of the URM walls is a function of the axial 
load ratio, the shear span ratio and the height of the wall (see Eq. (12.1)). Hence, to 
estimate the drift capacities of the first storey walls, the axial load ratios and shear 
span ratios need to be estimated. Since the internal forces cannot be measured 
during a shake table test, they need to be estimated from numerical analyses. Since 
the building was symmetric about its longitudinal axis, a pushover analysis of a 2D 
simplified micro model of the facade using the software package Atena (Cervenka 
et al. 2010) was carried out. Details on this analysis and a comparison of experi- 
mental and numerical results are given in Beyer et al. (2014). Figures 12.10 and 
12.11 show the internal force distribution in the facade when the wall is pushed 
towards the left (increase in axial forces in the left URM wall) and the right 
(increase in axial force in the RC wall). Assuming that all axial forces are carried 
by the in-plane loaded walls, the first storey walls are subjected to axial forces of 
137 kN (left wall) and 104 kN (central wall), which correspond to axial load ratios 
of 0.16 and 0.12, respectively. 

During the last two runs (Run 8 and 9) the building reached for both directions of 
loading the inelastic range and therefore it can be assumed that the internal force 
distribution at peak displacements was similar for both runs. The plots in 
Figs. 12.10 and 12.11 show the internal forces at avg = —0.26 % and 0.32 % 
respectively. These average drifts over the height of the building correspond to 
the peak drifts attained in negative and positive direction during Run 8. Table 12.3 
summarises the axial stress ratios and shear span ratios of the two first storey walls 
for the positive and negative loading direction. The following section compares for 
these two URM walls the drift capacities obtained from static and dynamic tests. 
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Fig. 12.9 Shake table test unit at half scale 
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Fig. 12.10 Numerical model of shake table test unit: internal forces for negative loading direction 
at Saye = —0.26 % 


12.4.2 Drift Capacities Estimated from Quasi-static Cyclic 
Tests 


To prepare the shake table test and to decide in particular on the model brick to be 
used, five out of the six quasi-static cyclic tests on full-scale walls were replicated at 
half-scale (Petry and Beyer 2014d). Figure 12.12 shows the test setups for the two 
test series. The half-scale walls reflected the behaviour of the full-scale walls very 
well in terms of stiffness, strength, drift at maximum horizontal force, drift capacity 
at horizontal load failure and the failure mode. Only with regard to the drift capacity 
at axial load failure led the half-scale walls to values which were significantly larger 
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a Shear forces [kN] b Bending moments [kNm] C Axial forces [kN] 


Fig. 12.11 Numerical model of shake table test unit: internal forces for positive loading direction 
at Saye = 0.32 96 


Table 12.3 Demand on first storey walls based on results of numerical model and estimated drift 
capacities based on quasi-static cyclic tests 


Negative Positive 
loading Negative loading direction but drift values loading 
direction from test unit with max. axial stress ratio direction 
Outer Inner Outer Inner 
First storey wall wall Outer wall wall wall 
N [kN] 277 109 277 21 100 
o [MPa] 1.94 0.76 1.94 0.15 0.70 
o/f,, 0.34 0.14 0.34 0.03 0.12 
Ho = M/V [m] 1.34 0.99 1.34 0.74 1.07 
HyH 0.96 0.70 0.96 0.53 0.76 
R 0.85 0.85 0.85 0.85 0.85 
WsR 2.0 1.0 2.0 1.0 1.0 
Speak [76] 0.06 0.24 0.36 0.28 0.29 
5, [%] —0.26 0.40 0.59 0.51 0.49 
Smax [%] —0.26 0.58 0.76 0.73 0.71 


than those of the full-scale walls. Figure 12.13 shows the comparison of the drift 
capacities at the three performance limit states including linear trend lines. 

The drift capacities of the first storey walls of the building tested on the shake 
table are estimated from these linear trend lines in Figure 12.13 for the axial stress 
and shear span ratios obtained from the pushover analyses (Table 12.3). In addition, 
the following two effects are considered: 


* The walls in the building are somewhat larger than the walls tested under quasi- 
static cyclic loads. To account for the size effect discussed in Sect. 12.2, the drift 
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Fig. 12.13 Drift values of full- and half-scale walls at peak load (a), horizontal load failure (b), 
and axial load failure (c) 


capacities obtained from the quasi-static cyclic tests are reduced by the follow- 
ing factor (see Eq. (12.1)): 


1110mm\°° 


* For the outer wall, when loaded in the negative direction, the correction factor 
accounting for the load history was assumed as Wyry — 2 (see Eq. (12.2) and 
Sect. 12.3.3). For all other walls/loading directions y; j4 = 1 was assumed. 


The correction factor for strain rate effects ysg was set to unity. Table 12.3 
reports the resulting drift capacities at peak load (Speak), horizontal load failure (6,,) 
and axial load failure (max). One problem becomes immediately apparent: The 
axial load ratio of the outer wall for loading in the negative direction is outside the 
range of axial load ratios covered in the quasi-static cyclic tests. With the linear 
trend model the drift capacities at this axial load ratio are negligible or even 
negative. This is of course not meaningful. Furthermore, it is probable that the 
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axial load ratio in the outer wall was overestimated by the 2D model which neither 
included out-of-plane walls nor the flanges of the in-plane loaded walls. For these 
reasons the drift capacities obtained for the wall that had been subjected to the 
largest axial stress ratio (6/f,, = 0.27) will be used to derive the drift capacity of the 
outer wall for the negative loading direction. As outlined above, the reduction 
factor R — 0.89 accounting for the size effect and the correction factor y; = 2 
for the load history effect will be considered. The resulting drift capacity of an outer 
wall is therefore computed as follows: 
(Ho/H) 
Se (Ho/H) puma oe nd 


The drifts of PUMA at peak load, horizontal load failure and axial load failure 
were 0.31 96, 0.52 % and 0.67 % respectively; the shear span ratio was 1.5. The drift 
capacities resulting for the outer wall and the negative loading direction are 
summarized in the central column of Table 12.3. 


12.4.3 Comparison of Drift Histories from Shake Table Test 
with Drift Capacities from Quasi-static Cyclic Tests 


The shake table test unit was subjected to nine runs; only the last two induced 
significant damage. In the following, the drift histories measured at the centre line 
of the outer and inner URM walls of the first storey are compared to the drift limits 
derived in the previous section from quasi-static cyclic tests (Table 12.3). For 
details of the computation of the drift histories from the optical measurements see 
Beyer et al. (2014). 

After Run 8 the damage in the URM panels started concentrating in one diagonal 
crack. From quasi-static cyclic tests on URM walls it is known that this indicates 
that the post peak branch has been reached and failure is rather imminent (Petry and 
Beyer 2014d). The drift histories of the outer and inner wall exceeded just the drift 
limits corresponding to the peak force (Fig. 12.14). Hence, for this limit state, the 
drift limits derived from the quasi-static cyclic tests seem to correspond well with 
the observed behaviour of the shake table test unit. 

In Run 9 all walls of the first and second storey lost their axial load bearing 
capacity. Also this observation agrees with the findings when comparing drift 
histories from the shake table test with the drift limits obtained from quasi-static 
cyclic tests (Fig. 12.15): Both walls exceeded the drift limit for axial load failure for 
the negative loading direction. The inner wall touched the same limit also for the 
positive loading direction. Figure 12.16 shows the damage of the URM walls after 
this final run. 
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Fig. 12.14 Shake table test, Run 8: comparison of drift histories of first storey walls with drift 
limits derived from quasi-static cyclic tests 
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Fig. 12.15 Shake table test, Run 9: comparison of drift histories of first storey walls with drift 
limits derived from quasi-static cyclic tests 
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Fig. 12.16 URM walls of shake table test unit after Run 9 (Beyer et al. 2014) 


12.4.4 Conclusions on Comparison of Drift Capacities from 
Static and Dynamic Tests 


The comparison of drift limits derived from quasi-static cyclic tests with drift 
histories recorded for a shake table test showed that the former estimate the limit 
states of the dynamic test rather well. This suggests that the difference in strain rates 
between quasi-static and dynamic tests does not influence significantly the drift 
capacities of URM walls associated with different limit states. Hence, the correc- 
tion factor ysg accounting for strain rate effects should be set to unity. In this study, 
two limit states could be addressed: The limit state at peak force, which corresponds 
typically with the onset of localization of the damage in a single crack or row of 
bricks, and the limit state where the walls lost their axial load bearing capacity. 

While the comparison has certain advantages over existing studies comparing 
the results of static and dynamic tests on URM walls (e.g. same construction 
material for static and dynamic tests, testing until axial load failure), it still suffers 
from a number of disadvantages: The size and cross section of the walls subjected to 
static and dynamic loads was not identical, neither were the boundary conditions 
the walls were subjected to. In order to investigate strain rate effects systematically, 
tests at different strain rates using the same test setup should be carried out. 


12.5 Summary and Outlook 


To promote the application of displacement-based approaches for the design of 
modern URM buildings, reliable estimates of deformation capacities of key struc- 
tural elements inherent in these buildings are of paramount importance. URM 
walls, RC slabs and often spandrel elements consisting of a URM spandrel and a 
strip of the RC slab (referred to as “composite spandrels”) are the key elements 
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determining seismic vulnerability of URM buildings. Although stiffness and 
strength of slab and composite spandrels significantly influence the seismic 
response of these buildings, their deformation capacity is likely to be sufficiently 
large to be non-critical. The displacement capacity of the building is therefore 
likely to be controlled by the drift capacity of the first storey URM walls where the 
shear demand is largest, which is typically determined from empirical equations 
derived from quasi-static cyclic tests on URM walls. 

Recognizing that the accurate estimation of the deformation capacity of URM 
building elements will lead to displacement-based design approaches that allow to 
safely and cost effectively design URM buildings, this paper has addressed the 
influence of the (1) size of the test unit, (ii) loading history, (iii) loading velocity, 
and (iv) the boundary conditions on the drift capacities of URM walls in the context 
of results obtained from quasi-static cyclic tests, thereby predicting their true drift 
limits under earthquake loads. Based on results from 64 monotonic and cyclic tests 
on URM walls with clay bricks, cement mortar and joints of normal thickness, it 
was found that the drift capacity decreases with increasing wall height. A drift 
capacity equation that was recently proposed accounts for this effect as well as the 
influence of the axial stress ratio and the shear span ratio on the drift capacity of 
URM walls (Petry and Beyer 2014a, b, c). 

Comprehensive studies on the effect of the loading history on URM walls are 
limited. However, existing studies show that monotonic tests led to drift capacities 
that were approximately twice as much as those obtained from cyclic tests. Further- 
more, load histories commonly applied to quasi-static cyclic tests were too excessive 
and place much higher demands than those expected for low to moderate seismic 
earthquakes. This discrepancy in load histories is unlikely to influence the strength of 
URM walls, but affects their drift capacity. A comparison of response envelopes of 
first and second cycles of quasi-static cyclic tests of URM walls showed that 
cumulative damage causes negligible effect on stiffness and strength until a limit 
state responsible for irreversible wall damage is reached, i.e., onset of crushing of the 
compression zone or concentration of shear deformations in a single diagonal crack. 
At the onset of crushing or the concentration of damage in one diagonal crack, the 
peak force has been attained but not horizontal or axial load failure. Apart from the 
number of cycles, a potential asymmetry of the boundary conditions (e.g., axial load 
ratio and shear span ratio) for loading in positive and negative direction can influence 
the drift capacity. Such conditions are representative for outer walls where slabs and 
spandrels frame into the wall from only one side of the wall, which can lead to large 
variations in the axial load of the URM wall under seismic excitation. Since the drift 
capacity decreases with increasing axial load ratio, the critical loading direction is the 
one for which the axial load increases. The available experimental data suggest that 
the drift capacity of a wall subjected to an axial stress ratio three times as high in one 
direction than in the other is approximately twice that of a wall subjected to large 
axial forces in both loading directions. 

Ideally the effect of the loading velocity should be investigated using the same 
test setup and loading histories but applying the latter at different speeds as 
Tomazevic and his co-workers have done it for reinforced masonry developing 
flexural failure modes (Tomazevic et al. 1996; Tomazevic 2000). Unfortunately for 
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URM walls such results are not yet available. To get a first idea, the drift limits 
obtained from quasi-static cyclic tests were compared to drifts recorded for a 
4-storey building tested on a shake table and in general a good agreement was 
found. To apply the drift limits obtained from quasi-static cyclic tests to the walls in 
the shake table test unit, a couple of assumptions regarding their axial forces and 
shear spans were required, which were derived from nonlinear static analysis. 
Furthermore, the cross section and dimensions of the walls in the shake table test 
unit and the walls tested quasi-statically were not the same. All walls were, 
however, constructed using the same type of half-scale bricks and cement mortar. 

The results presented in this paper therefore confirm that empirical drift capacity 
models derived from results of quasi-static cyclic tests can be applied to predict the 
performance of URM buildings under real earthquake loading—although attention 
should be paid to the effect of asymmetric boundary conditions of outer piers 
(captured by the correction factor for the loading history). Future research should, 
however, also target the development of mechanical drift capacity models as such 
models will foster the understanding of the behaviour of URM walls, allow to 
extrapolate with confidence to new configurations of parameters and potentially 
also allow to develop masonry types with improved performance. For flexural 
behaviour modes such models have recently been proposed (Priestley et al. 2007; 
Benedetti and Steli 2006; Petry and Beyer 2014e) but models that address walls 
developing shear and hybrid modes are currently lacking. 
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Chapter 13 
Pushover Analysis for Plan Irregular 
Building Structures 


Mario De Stefano and Valentina Mariani 


Abstract Nonlinear static procedures (NSPs), also known as “pushover methods”, 
represent the most used tool in the professional practice for assessment of seismic 
performance of building structures. Most of the methods subscribed by major 
seismic codes for seismic analysis of new or existing buildings have been originally 
defined for simple regular structures. 

Nevertheless, perfect regularity is an idealization that very rarely occurs and, in 
principle, the concept of irregularity itself is a fuzzy one. Most codes attempt to give 
a definition to the concept of “regularity”, considering issues related to the distri- 
bution of mass, stiffness and strength in the building, both in plan and in elevation. 
Real buildings rarely comply with these regularity requirements, resulting in a 
barely reliable application of the basic NSPs. Code specifications concerning 
irregular structures are in need of improvement and they do not provide for clear 
and specific guidelines for the seismic analysis of such structures. Therefore the 
problem of the seismic evaluation of irregular structures is still an open one and 
basic issues need to be further explored. 

The present paper aims at providing a wide outlook on the problem of the 
seismic assessment of plan irregular building structures. Firstly, a brief review of 
the elastic and inelastic methods for the assessment of the torsional effects induced 
by in-plan irregularity is presented, mainly aimed at the definition of the variables 
governing the problem. Then, the basic features of the most important NSPs are 
discussed, followed by the description of the recent improvements developed for 
irregular structures. Since there is not yet a fully satisfactory solution, pros and cons 
of the various approaches are outlined, highlighting the most promising methods 
and the issues that are yet to be investigated. Finally, recommendations for code 
improvement are suggested. 
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13.1 Introduction 


Structural irregularities are one of the major causes of damage amplification under 
seismic action. Past earthquakes, indeed, have shown that buildings with irregular 
configuration or asymmetrical distribution of structural properties are subjected to 
an increase in seismic demand, causing greater damages. The sources of irregularity 
in a building configuration can be multiple and of different kinds and are usually 
classified in two major categories: irregularities in plan and in elevation. The first 
type is related to in plan asymmetrical mass, stiffness and/or strength distributions, 
causing a substantial increase of the torsional effects when the structure is subjected 
to lateral forces. The second one involves variation of geometrical and/or structural 
properties along the height of the building, generally leading to an increase of the 
seismic demand in specific storeys. Both these types of irregularity often entail the 
development of brittle collapse mechanisms due to a local increase of the seismic 
demand in specific elements that are not always provided with sufficient strength 
and ductility. 

Most seismic codes, including EC8-1 (2004), provide empirical criteria for the 
classification of buildings into regular and irregular categories with reference to: 
mass and lateral stiffness variations in plan and in elevation (and related eccentric- 
ities), shape of the plan configuration, presence of set-backs, in-plan stiffness of 
the floors (rigid diaphragm condition), continuity of the structural system from the 
foundations to the top of the building. This list is not comprehensive of all the 
possible causes of irregularity and there is no definition for the degree of irregu- 
larity of the overall three-dimensional system. Code definitions fail to capture some 
irregularities, especially those resulting from the combination of both plan and 
vertical irregularities. Moreover, system irregularity does not solely depend on 
geometrical and structural properties of the building, but can also be induced by 
the features of the earthquake excitation and increased by the progressive damage 
of the structure. 

Considering this scenario, there is an urgent need to define and measure struc- 
tural irregularity with a more rational approach, to deeply understand its effect on 
the seismic behavior and consequently upgrade seismic codes with specific and 
effective prescriptions for irregular buildings. 

Among the two aforementioned types of structural irregularity, in-plan irregu- 
larity appears to have the most adverse effects on the applicability of the classical 
nonlinear static procedures (NSPs), precisely because such methods have been 
developed for the seismic assessment of structures whose behavior is primarily 
translational. This is the reason why, in recent years, the extension of NSPs to plan 
irregular building structures has been widely investigated by specialists in this field. 
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13.2 Brief Review of the Assessment Methods of Induced 
Torsional Effects in Plan Irregular Structures 


The dawn of the studies concerning the torsional effects featuring irregular build- 
ings dates back to the 30s of the last century (Ayre 1938), due to an increasing 
awareness of the complexity of the response of non-symmetric buildings to seismic 
actions, that is not purely translational, but involves torsional deformations that in 
most cases adversely affect their seismic behavior. 

In the early studies (Housner and Outinen 1958; Bustamante and Rosenblueth 
1960; Kan and Chopra 1977; Reinhorn et al. 1977) the problem has been faced in 
the elastic range, referring to simplified one-storey or multistorey models. Some 
research is still under development in this field (for state-of-the-art reports, refer to 
Anagnostopoulos et al. 2013 and to previous reviews by Rutenberg 1992, 2002; 
Rutenberg and De Stefano 1997; De Stefano and Pintucchi 2008), even if the 
assumptions made for formulating such models involve many simplifications. 

Nevertheless, these studies mainly succeeded in underlining the parametric 
nature of the problem. The main identified parameters that play a crucial role in 
the definition of the torsional behavior of irregular structures are the uncoupled 
natural periods, the stiffness eccentricity and the stiffness radius of gyration 
(non-dimensionalized with respect to the mass radius of gyration). These parame- 
ters, for a one-storey building, are defined as follows, with reference to the 
x direction (Fig. 13.1). Similar equations apply to the y direction. 


Uncoupled natural period T, = 2n / 
where m and K are the total mass and stiffness in x direction respectively; 


N 
. T 1 2-55 
— Stiffness eccentricity esx = z ^" —— 
i.e. the distance (along x direction) between the stiffness centre Cs and the 


mass centre Cy; 
3 : N 2 
— Torsional stiffness 1p, = b [c + ka(vic.) ] 
i.e. the polar moment of inertia of system stiffness computed with respect to 
the axes parallel to the z direction and passing through Cs; 
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non-dimensionalized with respect to the mass radius of gyration p. 


— Stiffness radius of gyration d, = 


Lately, the problem has been widely faced even in the inelastic range, introduc- 
ing parameters related to resistance, i.e. strength eccentricity and strength radius of 
gyration. These parameters, for a one-storey building, are defined as follows, with 
reference to the x direction (Fig. 13.1). Similar equations apply to the y direction. 


N 
Ld » 
F 


— Strength eccentricity e, = y. 


i.e. the distance (along x direction) between the strength centre Cr and the 
mass centre Cy; 
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Fig. 13.1 Simplified ^y 
scheme of a one-storey WALI 
building, for the B| b 4 Uy 
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— Torsional strength J, f = ae |F yii,c, Y + Fy; Gc] 
as defined by De Stefano and Pintucchi (2010), i.e. the polar moment of inertia 
of system strength computed with respect to the axes parallel to the z direction 
and passing through Cy; 


S A mp 
— Strength radius of gyration d, = a d 


non-dimensionalized with respect to the mass radius of gyration p. 


The studies in the inelastic range have been conducted by analyzing both the 
one-storey and the multistorey models. In the former case, methods considering 
uni-directional eccentricity, strength and ground motion were developed, subse- 
quently improved considering these parameters in both principal directions. 
Concerning the multistorey models, some simplified shear-type models have been 
developed as well as detailed plastic hinge type models (see reviews by Rutenberg 
1992, 2002; Rutenberg and De Stefano 1997; De Stefano and Pintucchi 2008; 
Anagnostopoulos et al. 2013). 

Shifting from elastic to inelastic range, the parametric dependence of the prob- 
lem become more complex and less analytically determined. One key-aspect is for 
example the assumption of a proportional relationship between stiffness and 
strength, that can be considered valid for pre-normative existing structures not 
designed for torsional effects, but not for more recent buildings designed according 
to modern seismic codes. Other issues are related to the evaluation of the effect of 
level of ductility of the structure, assumption of different nonlinear constitutive 
laws etc. 

This large amount of studies has not yet led to general conclusions. Indeed, since 
many parameters affect the problem, different combinations of assumptions have 
often led to conflicting conclusions. Moreover, both one-storey and multi-storey 
models still suffer from several shortcomings related to many simplifying assump- 
tions, that often make very difficult the generalization of obtained results. 
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13.3 Fundamentals of Classical Nonlinear Static 
Procedures 


The formulation of the nonlinear static analysis, often defined as “pushover anal- 
ysis", dates back to the 70s of the last century. Although it has only recently been 
included in seismic code provisions, the procedure itself has been already largely 
applied in the past, in research and design applications. With the coming of the 
performance-based (PB) design philosophy, pushover analysis turned to be the 
most used approach for the seismic assessment and design of structures, and 
became the starting point of all the so-called nonlinear static procedures (NSPs). 
PB design focuses on the actual performance of the structure under earthquake 
conditions, defining multiple performance objectives related to multiple seismic 
action levels. The modern PB design/assessment methods generally refer to dis- 
placements and deformations as performance targets. 

The best way to evaluate the seismic performance of a structure is the nonlinear 
dynamic analysis (NLDA) that represents the most rigorous and accurate approach, 
as it directly provides the behavior of the structure under a series of seismic records. 
Nevertheless it should be kept in mind that the response is sensitive to the input 
ground motion, therefore several analyses are required with increased complexity, 
computational costs and time consumption. This is the reason why NLDA is still far 
from an extensive application in common practice. 

Given the aforementioned limitations in the use of NLDA, in the last decades the 
NSPs have been brought to the forefront of seismic design/assessment of structures. 
Basically, the methods are based on the evaluation of three key quantities: seismic 
capacity, seismic demand and performance. In all the NSPs, the seismic capacity is 
evaluated through pushover analysis, that consists of “pushing” the structure with 
an increasing lateral load pattern, in combination with gravity loads, until the 
attainment of the structure collapse. As the load increases, the structure shifts 
from elastic to inelastic field and the overall behavior can be expressed in terms 
of global significant quantities, e.g. base shear and displacement of a control point 
(generally the top of the structure). The plot of the top displacement versus the total 
base shear is currently known as "capacity curve". 

The seismic demand is a representation of the expected earthquake action 
through acceleration and displacement spectra. Generally in the NSPs the seismic 
demand is expressed in terms of “target displacement", that represents the maxi- 
mum inelastic displacement that the structure should be able to undergo. 

Finally, the performance, very clearly defined in ATC-40 (1996), “is dependent 
on the manner that the capacity is able to handle the demand. In other words, the 
structure must have the capacity to resist the demand of the earthquake such that the 
performance of the structure is compatible with the objectives of the design". This 
definition represents the core meaning of PB design/assessment methods. 

The various NSPs mainly differ in the evaluation of the seismic demand, that 
represents a key aspect, because of the need to account for the inelastic response of 
the structure. Several approaches are available. The most well-known NSPs, 
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suggested also by the most important worldwide seismic codes, are briefly 
described in the following. 


13.3.1 Capacity Spectrum Method 


The Capacity Spectrum Method (CSM) has been firstly proposed by Freeman 
et al. (1975) and Freeman (1998, 2004) as a rapid seismic evaluation procedure 
and then developed into a seismic design/assessment method adopted by the 
California Seismic Safety Commission through the ATC-40 (1996) guidelines, 
lately improved considering innovative features suggested in the FEMA-440 
(2005) report. The CSM is a graphical procedure that compares the capacity of 
the structure, in terms of capacity (pushover) curve of an equivalent Single-Degree- 
Of-Freedom (SDOF) system, with the seismic demand, in the form of a response 
spectrum. Both capacity and demand are expressed in the Acceleration- 
Displacement Response Spectrum (ADRS) format. 

The pushover curve of the MDOF system is converted in the equivalent push- 
over curve of a SDOF system and then bi-linearized according to the equal energy 
or equal displacement rules. Finally it is expressed in terms of spectral acceleration 
S, and spectral displacement S4 obtaining the capacity spectrum. The seismic 
demand is represented by several spectra with different values of equivalent viscous 
damping ratio €. The graphical verification consists in checking if the capacity 
spectrum can extend through the envelope of the demand spectrum. If yes, the 
building is able to undergo the seismic demand action. Otherwise, if the capacity 
spectrum has no intersection with the demand spectrum, the structure does not resist 
the design earthquake. The intersection between capacity and demand spectra 
represents a performance point in terms of maximum acceleration and displacement 
for the SDOF system. 

Once defined a certain performance point on the capacity curve, in order to 
quantify the deficiency (or the exceedance) of the capacity with respect to demand, 
the elastic spectrum has to be iteratively scaled until it intersects the capacity curve 
in correspondence of the assumed capacity (performance) point. The scaling pro- 
cedure is done through spectral reduction factors related to equivalent viscous 
damping values, that account for the inherent viscous damping of the structure 
(generally assumed as 5 %) and hysteretic damping. Therefore the seismic capacity 
evaluation is done through damped elastic spectra. 

The main limitation of the CSM is that the inelastic response of the structure is 
represented with over-damped elastic spectra, characterized by modified values of 
damping. This issue will be lately overcome with the development of the N2 
method by Fajfar and Fischinger (1988), which considers the use of constant- 
ductility inelastic spectra, rather than over-damped elastic spectra. 
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13.3.2 N2 Method 


The N2 method, firstly proposed by Fajfar and Fischinger (1988) and then devel- 
oped in Fajfar and Gašperšić (1996), Fajfar (1999, 2000), is the NSP adopted by the 
Eurocode 8 (EC8-1 2004) and represents a modified version of the CSM. In the N2 
method indeed the evaluation of the seismic demand is based on the use of inelastic 
spectra, instead of highly damped elastic spectra, as done through the CSM. 

Therefore this method maintains the clarity of a visual graphical representation 
of the capacity-demand comparison, in combination with a more consistent 
approach related to the use of inelastic demand spectra as an alternative to highly 
damped elastic spectra, that indeed, have no physical basis. The inelastic spectra are 
derived reducing the elastic spectrum by a reduction factor R,„, directly related to 
the hysteretic dissipative capacity of the structure, expressed by the ductility factor 
4, i.e. the ratio between the maximum displacement and the yield displacement of 
the SDOF bilinear capacity curve. 

The target displacement is determined referring to the equal displacement rule 
for medium and long period range, while for short period range, the target displace- 
ment is larger than the one associated to the corresponding equivalent elastic 
system (Fig. 13.3). More in details, the method assumes that in the medium/long 
period range (T* > Tc) the equal displacement rule applies, i.e. the displacement of 
the inelastic system S, is equal to the displacement of the associated elastic system 
S4, characterized by the same period T* (Fig. 13.2a). This means that in the above 
mentioned range of periods Ry — p. Therefore the seismic demand in terms of 
inelastic displacement, can be obtained by intersecting the radial line corresponding 
to the period of the SDOF system with the elastic demand spectrum. 

On the other hand, in the case of short-period structures (7* < Tc) the inelastic 
displacement is larger than the elastic one and the equal displacement rule does not 
apply anymore (Fig. 13.2b). Consequently A, < y and it can be determined as the 
ratio between the elastic acceleration demand $,, and the inelastic acceleration 
capacity Say. The inelastic displacement demand is, in this case, equal to 
Sa=p-D*,, being D*, the yielding displacement of the SDOF system. The ductil- 
ity factor can be derived from the reduction factor by the relation: 


T 
u= (R, - 1) +1 


In both cases (7* > Tc and T* < Tc) the inelastic acceleration demand S, is equal 
to the elastic one Sae and it can be determined at the intersection of the radial line 
corresponding to the period of the SDOF system with the elastic demand spectrum. 
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Fig. 13.2 Evaluation of the inelastic displacement demand S, for (a) short-period structures 
(T* <TC) and (b) medium/long period structures (T* > TC), according to EC8-1 Annex C 
“Determination of the target displacement of the equivalent SDOF system” 


13.3.3 Displacement Coefficient Method 


The Displacement Coefficient Method (DCM), adopted by FEMA 356 (2000), is a 
simplified procedure for the estimation of the seismic demand, that applies a series 
of corrective coefficients to the elastic spectral displacement demand so as to obtain 
a target displacement, i.e. the maximum inelastic displacement demand. The 
following relation applies for the determination of the target displacement 6,: 


T? 
or = CoC1C2C3Sa a 
4r 


The four modification coefficients (Co, C1, C2, C3) have been evaluated through 
a statistical approach based on time history analyses of SDOF models of different 
types. They account for: the difference between the roof displacement of a MDOF 
building and the displacement of the equivalent SDOF system, i.e. the amplification 
of displacement with respect to the spectral one; observed difference in peak 
displacement response amplitude for nonlinear response as compared with linear 
response, as observed for buildings with relatively short initial vibration periods 
(validity limits of the equal-displacement approximation); the effect of hysteresis 
type on the maximum displacement response; second order effects. 


13.4 Extension of NSPs to Plan-Irregular Buildings 


The current trends in research concerning the improvement of the NSPs are 
primarily focused on two main issues: (i) the effects of stiffness degradation and 
changes in dynamic properties related to progressive damage with the need for an 
update of inertial forces to be applied as a function of the level of inelasticity; 
(ii) the contribution of higher modes of vibration, intended to account for the effects 
of vertical and in-plan irregularity. 
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Within the first issue a lot of research contributions have been produced in recent 
years, introducing the adaptive pushover methods (APM). The first procedures, 
initially applied to concrete frames, have been developed by Reinhorn (1997) and 
Bracci et al. (1997) that used inelastic storey forces of the previously equilibrated 
load step to update the lateral load pattern. Afterwards Gupta and Kunnath (2000) 
proposed a constantly updated load pattern depending on the results of an eigen- 
value analysis performed each step, assuming the tangent or secant stiffness related 
to the deformations of the previous load step. 

Concerning the second issue, a large research effort has been devoted to the 
improvement of the pushover methods so as to consider the contribution of higher 
modes. This aspect is strictly related to structural irregularity, because irregular 
structures are generally characterized by significant participating mass ratio of 
higher modes. The basic NSPs indeed, relate the dynamic behavior of the structure, 
assumed as a multi-degree of freedom (MDOF) system to an equivalent one-degree 
of freedom (SDOF) system, which considers the contribution of the main transla- 
tional mode only. 

From the dynamic point of view, a plan irregular building is that for which one or 
more rotational modes have a significant participating mass ratio. Therefore the 
dynamic behavior of the structure cannot be defined referring to one translational 
mode only. The basic NSP approach is not reliable for plan irregular buildings, for 
which the first translational mode is not representative of a more complex dynamic 
behavior, that involves both translational and rotational components. 

Among the many proposed methods developed in this research field, two main 
approaches can be recognized: the first one aims to take into account the contribu- 
tion of more eigenmodes. One of the first attempts has been done by Paret 
et al. (1996) and it is known as multi-modal pushover (MMP) procedure. Struc- 
ture’s capacity for each mode is then compared with earthquake demand using 
CSM. Chopra and Goel (2002) developed a similar approach known as modal 
pushover analysis (MPA), in which several independent pushover analyses are 
carried out, considering different load patterns associated to different modal shapes. 
Specifically, in the case of plane irregular structures, the method involves the 
application of both lateral forces and torque at each level of the building. The 
results are finally combined by the square-root-of-sum-of-squares (SRSS) rule or 
the complete-quadratic-combination (CQC) rules. Afterwards, Chopra et al. (2004) 
proposed the modified modal pushover analysis (MMPA) in which the inelastic 
response associated to the first mode is combined with the elastic contribution of 
higher modes. Extensions of this approach with the adaptive load formulation have 
also been proposed in Shakeri et al. (2012) and Tabatabaei and Saffari (2011). 

These methods involve the running of several analyses, one for each modal 
shape considered and the results are then combined with SRSS or CQC. Moreover 
the use of quadratic combination rules to sum up the effects of the different modes, 
like in the linear range, is not strictly correct. Therefore Elnashai (2001) proposed 
an adaptive pushover procedure able to include, in a single analysis run rather than 
combining results from more analyses, all features mentioned above. The method 
uses the combination rules to update the force distribution each step, rather than 
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combining the effects. However this approach has the disadvantage that the use of 
quadratic combination rules of modal contributions for the definition of load pattern 
at each step leads inevitably to positive increments, and hence to a monotonic 
increase in the load vector. 

The inability to reproduce sign change in the applied load patterns has been 
overcame by the definition of adaptive procedures where the load patterns are based 
on displacements. This approach, namely displacement-based adaptive pushover 
(DAP), has been firstly proposed by Antoniou and Pinho (2004) and is based on 
prescribed adaptive displacement patterns from which the lateral loads are derived. 
In this way it is possible to capture changes in the sign of lateral loads, even if the 
displacement increment remains always positive. This approach has been also 
adopted within the Adaptive Capacity Spectrum Method (ACSM) by Casarotti 
and Pinho (2007). 

On the other hand, the second approach is still based on the first modal shape, but 
with the awareness that a single target displacement is no longer sufficient to 
describe the overall dynamic behavior of irregular buildings, because torsional 
effects entail amplifications and reductions of the displacement demand at the 
two opposite ends of the storey. In this framework, Tso and Moghadam (1997) 
and Moghadam and Tso (2000a, b) defined a procedure for monosymmetric 
structures subjected to one component excitation. The method consists in the 
evaluation of target displacements in the different resisting elements through elastic 
response spectrum analysis; consequently the load patterns are determined and 
several 2D pushover analyses are performed for the different resisting elements. 
The method has been applied for the evaluation of the seismic progressive collapse 
of 3-storey RC moment resisting buildings with different levels of plan eccentricity 
(Karimiyan et al. 2013). 

With a similar approach, an extended version of the N2 method has been 
proposed by Fajfar et al. (2005a, b) for the application to plan irregular building 
structures. In the extended N2 method, linear elastic analysis is used to define the 
torsional amplification of lateral displacements to account for the torsional 
response, on the assumption that the elastic envelope is conservative with respect 
to the inelastic one. 

Another method has been proposed by Bosco et al. (2012), on the bases of 
previous studies by Ghersi and Rossi (2000), Calderoni et al. (2002) and Ghersi 
et al. (2007), who introduced the use of “corrective eccentricities” related to the 
elastic and inelastic parameters that define the torsional behavior of the building. 
These eccentricities are then used to define the application points of the load 
vectors, on either sides of the CM so as to obtain an envelope of plan distribution 
of maximum displacements. 

In the following sections, the basic features of the methods addressing to the two 
main approaches for the seismic assessment of plan irregular building structures 
will be described, outlining the advantages and drawbacks of each single approach 
and trying to identify the most promising methods and the issues that are yet to be 
more deeply investigated. 
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13.4.1 Modal Pushover Analysis 


One of the main approaches in the developing of NSPs for the analysis of irregular 
building structures involves the evaluation of the contribution of more eigenmodes 
in the analysis. Within this approach, the major contribution has been given by 
Chopra and Goel (2004) who extended the previously defined MPA to 
unsymmetric-plan buildings. The fundamentals of the method remained the same 
of the original version of MPA (Chopra and Goel 2002), based on structural 
dynamics theory, in which the seismic demand due to individual terms in the 
modal expansion of the effective earthquake forces is determined by a pushover 
analysis using the inertia force distribution associated to each single mode. The 
total seismic demand of the inelastic system is then determined combining the 
modal demands associated to multiple modes with the SRSS or the CQC rules. 
Actually this superposition of effects is valid in the linear range, therefore the use of 
these combination rules represents the first approximation of the method. The 
second one is the neglecting of coupling among modal coordinates associated 
with the modes of the corresponding linear system arising from yielding of the 
system. The original method has been then improved in Goel and Chopra (2004) 
with three major enhancements: inclusion of P-A effects due to gravity loads for all 
modes (initially it was included only for the first mode); computation of plastic 
rotations of elements from the total storey drift and not through combination rules; 
idealization of the pushover curve of n" mode at the peak roof displacement 
obtained from inelastic SDOF system for the selected ground motion, leading to a 
reduction of the dependence on the ground motion. 

The application of the method to unsymmetrical-plane building structures 
involves no particular changes in the general approach, except that two lateral 
forces and a torque are applied at each floor level. The CQC rule is suggested in this 
case, more suitable for unsymmetric-plan buildings, which may have closely- 
spaced frequencies of vibration. 

Further developments are provided by Reyes and Chopra (2011a, b) who 
extended the method to 3D eccentric buildings subjected to two components motion 
and defined the practical modal pushover analysis (PMPA), introducing another 
simplification: the seismic demands are estimated directly from the elastic design 
spectrum without performing any NLDA of the modal SDOF systems for each 
ground motion, thus avoiding the complications of selecting and scaling ground 
motions. 

All the improved versions of the MPA appear to perform rather well, the adopted 
approximations does not overly affect the results, with respect to those obtained by 
NLDA, with the exception of cases in which the analyzed structure has close modal 
periods and strong coupling of the lateral and torsional motions. In this case the 
individual modal responses attain their peaks almost simultaneously and conse- 
quently the CQC modal combination rule become not valid anymore, especially for 
lightly damped systems. Significant discrepancies with NLDA are also found as the 
structure experiences high levels of inelasticity with significant degradation in 
lateral capacity. 
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13.4.2 Extended N2 Method 


In recent years, an important step toward the inclusion of torsional effects into 
pushover analysis has been done by Fajfar et al. (2005a, b) with the definition of an 
extended version of the N2 method, based on a combination of results of a pushover 
analysis performed on a 3D model of the structure, that controls the target displace- 
ment distribution at the center of mass along the height of the building, with a 
dynamic modal analysis which controls lateral displacement distribution due to 
torsional effects. Therefore, modal analysis is used to estimate the displacement 
amplification due to torsional behavior, that cannot be captured with the 
standard NSPs. 

The displacements obtained by pushover analysis are amplified through a cor- 
rective factor, given by the ratio of the normalized displacement obtained by modal 
analysis and that coming from pushover analysis. The normalized displacement is 
the displacement in a specific point of the horizontal plane divided by the displace- 
ment in the center of mass. Only amplifications of target displacement are consid- 
ered, whilst reductions in lateral displacements, typical at the stiff edge of the 
structure, are neglected, with the assumption of a “no-reduction rule". In this way, it 
is assumed that the elastic envelope of lateral displacements is conservative with 
respect to the inelastic one and therefore dynamic modal analysis provides an upper 
bound of the torsional amplification. Such assumption is supported by findings from 
several studies demonstrating that displacement amplifications decrease at the 
flexible side as the structure experiences larger inelasticity, i.e. torsional effects 
decrease in the inelastic range. This behavior has been observed both for torsionally 
flexible structures (Fig. 13.3a), i.e. structures characterized by a ratio between the 
uncoupled torsional frequency and the uncoupled lateral frequency lower than 
1, and torsionally stiff structures (Fig. 13.3b), i.e. structures for which the same 
ratio is larger than 1. On the other hand, the behavior at the stiff side resulted less 
predictable, influenced by several modes of vibration and by the ground motion in 
the transverse direction. For torsionally flexible structures, displacement amplifi- 
cation can be found also at the stiff side, although decreasing with plastic defor- 
mation. In extreme cases the behavior becomes similar to that of torsionally stiff 
structures (de-amplification at the stiff side). Typical qualitative behavior of tor- 
sionally stiff and flexible structures is represented in Fig. 13.4 which shows the 
variations of lateral displacement demands at both flexible and stiff sides, with 
respect to a torsionally balanced structure. 

The extended N2 method appears to be a very promising approach aimed at the 
application of pushover analysis to irregular building structures, because it com- 
bines conceptual clarity with simplicity of application. Nevertheless, the basic 
assumption of the conservativeness of the elastic envelope of lateral displacements 
with respect to the inelastic one surely needs to be further investigated. De Stefano 
and Pintucchi (2010) performed a wide parametric analysis on one-storey models 
and found that the method lose its conservativeness for very torsionally stiff 
structures, such as shear-walled buildings, for which the inelastic response almost 
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always exceeds the elastic one. This is mainly due to the development of a strength 
eccentricity related to the failure of one or more components of the structural 
system, leading to a significant increase of the inelastic torsional effects. 

Some preliminary parametric boundaries to applicability of the extended N2 
method have been defined in terms of stiffness an strength radii of gyration and of 
behaviour factor q. The procedure resulted effective for values of d, and d, lower 
than 1.3, characterizing most building framed structures, and q values higher than 2. 

Other authors tested the procedure on sample multi-storey buildings structures. 
Bhatt and Bento (2012) applied the extended N2 procedure, together with the CSM, 
the MPA and the ACSM to two case studies of real existing plan irregular struc- 
tures. They found that the extended N2 method was the most suitable method, 
among all the evaluated NSPs, because it was the only one to present always 
conservative results with respect to average time-history analysis results, both at 
the flexible edge (S1 in Fig. 13.5) and stiff edge (S23 in Fig. 13.5). Bosco 
et al. (2013) made a comparative evaluation of the N2, the extended N2 and the 
corrective eccentricities methods on a set of asymmetric single-storey systems and 
a set of 12 multi-storey buildings. Authors defined the extended N2 method as the 
easier to apply and the one always giving conservative results, though sometimes 
overly conservative. 
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Fig. 13.5 Normalized top displacements obtained with several NSPs and time-history analysis 
(TH): (a) seismic intensity of 0.2 g; (b) seismic intensity of 0.4 g (Bhatt and Bento 2012) 


Recently the extended N2 method has been improved to take into account higher 
modes effects both in plan and elevation (Kreslin and Fajfar 2011, 2012) and has 
been applied, as an alternative to incremental dynamic analysis, to determine the 
relationship between seismic demand and seismic intensity for different values of 
the seismic intensity measure. In this case the method has been called Incremental 
N2 method (Dolsek and Fajfar 2004, 2007). 


13.4.3 Specifications of Major Seismic Codes 
on Applicability of NSPs to Irregular Buildings 


Despite the large efforts of researchers aimed at a better understanding of the 
seismic behavior of irregular building structures and at the enhancement of the 
current NSPs, most regulatory bodies appear to have not yet translated the achieved 
research developments into seismic codes. 

Even the criteria for the definition of plan and vertical irregularity are still not 
exhaustive, as underlined by a statement in EC8-1 (2004), where it is asserted that 
“it shall be verified that the assumed regularity of the building structure is not 
impaired by other characteristics, not included in these criteria". However, Amer- 
ican codes provides for a more accurate and analytical definition of torsional 
irregularity, based on results of numerical analysis and not only on geometrical 
and qualitative evaluations on the structural features of the building. ASCET7-10 
(2010), indeed, defines that a torsional irregularity exists when the ratio of the 
maximum storey drift at one end of the structure max (Omax = max(óA, óp]) and the 
average of the two storey drifts at the two ends A and B of the structure avg is larger 
than 1.2 (Fig. 13.6). 

For the purpose of this paper, in the following only specifications related to 
applicability of NSPs to irregular buildings are summarized, based on the current 
major seismic American and European codes. The basic American reference codes 
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Fig. 13.6 Definition of 
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are International Building Code (IBC 2012), ASCE 7-10 (2010) for general build- 
ing structures and International Existing Building Code (IEBC 2012), ASCE 31-03 
(2003) (Seismic Evaluation of Existing Buildings), ASCE 41-06 (2006) (Seismic 
Rehabilitation of Existing Buildings), recently joined and implemented in the 
ASCE 41-13 (2013) (Evaluation and Retrofit of Existing Buildings). Basically 
ASCE 41-13 (2013) retains the three-tired approach found in ASCE 31-03 
(2003), while relying on the technical provisions in ASCE 41-06 (2006) as the 
basis for all the analytical procedures. 

Concerning European codes, the Eurocode 8 part 1 (EC8-1 2004), containing 
general rules for seismic design of buildings and Eurocode 8 part 3 (EC8-3 2005), 
concerning seismic assessment and retrofit of buildings, are considered. 

The IBC mostly recalls ASCE7-10 (2010) for earthquake design. ASCE 7-10 
(2010) does not require any form of nonlinear analysis for traditional buildings that 
do not incorporate seismic isolation or passive energy systems. The permitted 
analytical procedures are: equivalent lateral force analysis, modal response spec- 
trum analysis and seismic response history procedures. Therefore it does not 
contain specific prescriptions on the use of NSPs. The only limitation on the choice 
of the analysis type with reference to torsional irregularity, is that equivalent lateral 
force analysis is not allowed for torsionally irregular structures. 

American seismic codes for existing buildings (IEBC, ASCE 31-03 (2003), 
ASCE 41-06 (2006) and ASCE 41-13 (2013)) also define limitations at the use of 
linear analyses based on the existence of structural irregularities and to excessive 
values of DCR (Demand-Capacity Ratio) evaluated through linear static or 
dynamic analysis. If one or more structural components are characterized by 
DCR higher than 2 and any kind of structural irregularity exists (in-plane and 
out-of-plane discontinuities, weak storey, torsional strength/stiffness irregularity), 
then linear procedures are not applicable and shall not be used. More restrictive 
criteria are also defined for the application of linear static analysis. According to 
IEBC, NSPs are the fundamental tool to perform a Tier 3 analysis, i.e. the most 
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advanced phase of an existing building evaluation process ASCE 31-03 (2003), 
necessary when the previously performed two phases (Tier 1 and 2) have evidenced 
potential deficiencies of the building. 

NSPs are considered acceptable in most cases, but should be used in conjunction 
with a linear dynamic procedure, if higher modes effects are significant. This 
condition should be verified performing two modal response spectrum analyses: 
one considering sufficient modes to produce 90 % mass participation, another 
considering only the first mode participation. If the shear in any storey resulting 
from the first analysis exceeds 130 % of the corresponding storey shear considering 
only the first mode response, higher modes effects have to be considered significant. 

The combined use of pushover analysis and response spectrum analysis appears 
as a precursor to the basic idea in the development of the extended N2 method. 
Moreover FEMA 273 (1997) prescribes that the effects of torsion shall not be used 
to reduce force and deformation demands on components and elements, someway 
recalling the no-reduction rule of the extended N2 method. Notwithstanding 
the conceptual connections with the N2 method, most of the current American 
seismic codes and guidelines (IBC 2012, ASCE 41-13 (2013), ATC 40 (1996) and 
FEMA 440 (2005)) refer to the CSM and to the DCM as analysis procedures for the 
evaluation of seismic capacity of building structures. 

Even in EC8-3 (2005) the prescription to take into account higher modes effects 
is defined for buildings with a fundamental period higher than 2 s or 4T,.. In this case 
the code requires to perform a NLDA or “special versions” of NSPs. Nevertheless 
the code does not provide any suggestion concerning which kind of upgraded NSPs 
should be used and refer to national codes for more specific provisions. 

EC8-1 (2004) provides for the application of the N2 method, although it 
recognizes the absence of a full suitability for irregular building structures. Never- 
theless, no restriction to the use of this method for irregular structures is defined. 
EC8-1 (2004) declares that the conventional procedure “may significantly under- 
estimate deformations at the stiff/strong side of a torsionally flexible structure, ... . 
For such structures, displacements at the stiff/strong side shall be increased, com- 
pared to those in the corresponding torsionally balanced structure". To do that, 
EC8-1 (2004) implicitly refers to the extended N2 method, as it prescribes to 
evaluate the amplification factor to be applied to the displacements of the stiff/ 
strong side through an elastic modal analysis of the spatial model. Nevertheless, no 
specific prescriptions are provided to account for displacement amplifications at the 
flexible side, observed for both torsionally stiff and flexible structures. Therefore, 
the extended N2 method is only partially adopted, highlighting how ECS8 provisions 
for the application of pushover analysis to irregular building structures are still 
lacking and not satisfactory. 

Another weak point of the code is that it allows the use of two separate planar 
models even for plan irregular structures that comply with some other prescriptions: 
well-distribution and sufficient rigidity of cladding and partitions, building height 
lower than 10 m, diaphragm behavior of the floors, centres of lateral stiffness and 
mass approximately on a vertical line and adequate torsional stiffness. The assump- 
tion of this simplification has been questioned by Athanatopoulou and Avrimidis 
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(2008) that demonstrated how the use of two planar models for the nonlinear static 
analysis of a sample plan irregular building complying the aforementioned condi- 
tions, led to unconservative results with respect to NLDA. 

Even ASCE 41-13 (2013) in some cases allows for the use of NSPs on two- 
dimensional models, when the building has rigid diaphragms and the displacement 
multiplier n, i.e. the ratio of the maximum displacement at any point on the floor 
diaphragm to the average displacement, does not exceeds 1.5. When NSP is applied 
to two-dimensional models, the target displacement shall be amplified by the 
maximum value of n calculated for the building. 


13.5 Conclusions 


Classical NSPs for the evaluation of seismic vulnerability of buildings have been 
originally defined for symmetric, regular structures and it is demonstrated that 
torsional behavior calls into question their validity for the seismic evaluation of 
torsionally sensitive structures. Therefore there is the urgent need for an update of 
such methods aimed at a reliable application to irregular building structures. Two 
major approaches have been identified concerning the improvement of NSPs: the 
first one is based on the inclusion of the contribution of higher modes in the analysis 
and has led, among others, to the development of MMP and MPA procedures; the 
second one focuses on the need to account for amplification of displacement 
demand, through corrective factors to be applied to the target displacement. 
Under this perspective, the most promising developed procedure is the extended 
N2 method, that combines in a synergic way the results coming from pushover 
analysis and response spectrum modal analysis. The procedure appears to be the 
most effective in the evaluation of displacement amplification due to torsional 
effects while maintaining simplicity and clarity for practical applications. The 
main assumption is that the elastic displacement pattern is conservative with respect 
to the inelastic one and this aspect need further investigations, because it cannot be 
the case for very torsionally stiff structures and for low ductility values. 

Despite the large efforts of researchers aimed at the improvement of the classical 
NSPs for a reliable application to irregular building structures, most regulatory 
bodies appear to have not yet transposed the achieved developments into major 
seismic codes. Both European and American codes are still in need of improvement 
regarding specific prescriptions concerning the seismic analysis of irregular struc- 
tures. There is the awareness of a partial unsuitability of classical NSPs, some 
improved solutions have been proposed by researchers, but a comprehensive and 
always suitable set of rules to extend NSPs to plan irregular buildings has not yet 
been established. 


Open Access This chapter is distributed under the terms of the Creative Commons Attribution 
Noncommercial License, which permits any noncommercial use, distribution, and reproduction in 
any medium, provided the original author(s) and source are credited. 


446 M. De Stefano and V. Mariani 


References 


American Society of Civil Engineering (ASCE 31-03) (2003) Seismic evaluation of existing 
buildings. American Society of Civil Engineers, Reston, VA 

American Society of Civil Engineering (ASCE 41-06) (2006) Seismic rehabilitation of existing 
buildings. American Society of Civil Engineers, Reston, VA 

American Society of Civil Engineering (ASCE 7-10) (2010) Minimum design loads for buildings 
and other structures. American Society of Civil Engineers, Reston, VA 

Anagnostopoulos SA, Kyrkos MT, Stathopoulos KG (2013) Earthquake induced torsion in 
buildings: critical review and state of the art. Plenary keynote lecture in 2013 World Congress 
on Advances in structural engineering and mechanics (2013 ASEM Congress), 2013, Techno- 
Press Journals, International Convention Center-Jeju, Jeju Island, Korea (in Press) 

Antoniou S, Pinho R (2004) Development and verification of a displacement-based adaptive 
pushover procedure. J Earthq Eng 16(2):367-391 

Applied Technology Council (ATC) (1996) Seismic evaluation and retrofit of concrete buildings. 
Report no. ATC-40 vols 1 and 2, Redwood City, CA 

Athanatopoulou AM, Avrimidis IE (2008) Evaluation of EC8 provisions concerning the analysis 
of spatial building structures using two planar models. Proceedings of the Sth European 
workshop on the seismic behaviour of irregular and complex structure, SEWICS, 16-17 Sept 
2008, Catania, Italy, pp 285—297 

Ayre RS (1938) Interconnection of translational and torsional vibration in structures. Bull Seism 
Soc Am 28:89-130 

Bhatt C, Bento R (2012) Comparison of nonlinear static methods for the seismic assessment of 
plan irregular frame buildings with non seismic details. J Earthq Eng 16:15-39 

Bosco M, Ghersi A, Marino EM (2012) Corrective eccentricities for assessment by nonlinear static 
method of 3D structures subjected to bidirectional ground motion. Earthq Eng Struct Dyn 41 
(13):1751-1773 

Bosco M, Ghersi A, Marino EM, Rossi PP (2013) Comparison of nonlinear static methods for the 
assessment of asymmetric buildings. Bull Earthquake Eng (in press) 

Bracci JM, Kunnath SK, Reinhorm AM (1997) Seismic performance and retrofit evaluation of 
reinforced concrete structures. ASCE J Struct Eng 123(1):3-10 

Bustamante JI, Rosenblueth E (1960) Building code provisions on torsional oscillation. Proceed- 
ings 2nd world conference earthquake engineering, Japan 

Calderoni B, D'Aveni A, Ghersi A, Rinaldi Z (2002) Static vs. modal analysis of asymmetric 
buildings: effectiveness of dynamic eccentricity formulations. Earthq Spectra 18(2):219—231 

Casarotti C, Pinho R (2007) An adaptive capacity spectrum method for assessment of bridges 
subjected to earthquake action. Bull Earthq Eng 5(3):377—390 

CEN. Eurocode 8 (EC8-1) (2004) Design of structures for earthquake resistance. Part 1: General 
rules, seismic actions and rules for buildings. EN 1998-1:2004 Comité Européen de 
Normalisation, Brussels, Belgium 

CEN. Eurocode 8 (EC8-3) (2005) Design of structures for earthquake resistance. Part 3: Assess- 
ment and retrofitting of buildings. EN 1998-3:2005 Comité Européen de Normalisation, 
Brussels, Belgium 

Chopra AK, Goel RK (2002) A modal pushover analysis procedure for estimating seismic 
demands for buildings. Earthq Eng Eng Vib 31(3):561—582 

Chopra AK, Goel RK (2004) A modal pushover analysis procedure for estimating seismic 
demands for unsymmetric-plan buildings. Earthq Eng Eng Vib 33:903-927 

Chopra AK, Goel RK, Chintanapakdee C (2004) Evaluation of a modified MPA procedure 
assuming higher modes as elastic to estimate seismic demands. Earthq Spectra 20:757—778 

De Stefano M, Pintucchi B (2008) A review of research on seismic behaviour of irregular building 
structures since 2002. Bull Earthq Eng 6:285—308 


13 Pushover Analysis for Plan Irregular Building Structures 447 


De Stefano M, Pintucchi B (2010) Predicting torsion-induced lateral displacements for pushover 
analysis: influence of torsional system characteristics. Earthq Eng Struct Dyn 39(12):1369— 
1394 

Dolsek M, Fajfar P (2004) IN2—a simple alternative for IDA. Proceedings of the 13th world 
conference on earthquake engineering, Vancouver, Canada, 2004; Paper 3353 

Dolsek M, Fajfar P (2007) Simplified probabilistic seismic performance assessment of plan- 
asymmetric buildings. Earthq Eng Struct Dyn 36(13):2021—2041 

Elnashai AS (2001) Advanced inelastic static (pushover) analysis for earthquake applications. 
Struct Eng Mech 12(1):51-69 

Fajfar P (1999) Capacity spectrum method based on inelastic demand spectra. Earthq Eng Struct 
Dyn 28(9):979—993 

Fajfar P (2000) A nonlinear analysis method for performance based seismic design. Earthq Spectra 
16(3):573-592 

Fajfar P, Fischinger M (1988) N2 — a method for non-linear seismic damage analysis of RC 
buildings. Proceedings of the 9th world conference on earthquake engineering, Kyoto, 1988, 
Maruzen, Towkyo, vol V, pp 111-116 

Fajfar P, Gašperšić P (1996) The N2 method for the seismic damage analysis of RC buildings. 
Earthq Eng Struct Dyn 25:23-67 

Fajfar P, Marušić D, Perus I (20052) Torsional effects in the pushover-based seismic analysis of 
buildings. J Earthq Eng 9(6):831—854 

Fajfar P, Marušić D, Perus I (2005b) The extension of N2 method to asymmetric buildings. 
Proceedings of the 4th European workshop on the seismic behaviour of irregular and complex 
structures, Thessaloniki 

Federal Emergency Management Agency (FEMA 273) (1997) Guidelines to the seismic rehabil- 
itation of existing buildings, Washington, DC 

Federal Emergency Management Agency (FEMA 274) (1997) Commentary on the guidelines for 
the seismic rehabilitation of buildings, Washington, DC 

Federal Emergency Management Agency (FEMA 356) (2000) Prestandard and commentary for 
the seismic rehabilitation of buildings, Washington, DC 

Federal Emergency Management Agency (FEMA 440) (2005) Improvements of nonlinear static 
seismic analysis procedures, Washington, DC 

Freeman SA (1998) Development and use of capacity spectrum method. Proceedings of the sixth 
U.S. national conference on earthquake engineering, Seattle, Paper no. 269 

Freeman SA (2004) Review of the development of the capacity spectrum method. J Earthq Tech 
41(1):1-13 

Freeman SA, Nicoletti JP, Tyrell JV (1975) Evaluation of existing buildings for seismic risk — a 
case study of Puget Sound Naval Shipyard, Bremerton, Washington. Proceedings of 
U.S. National conference on earthquake engineering, Berkley, CApp 113-122 

Ghersi A, Rossi PP (2000) Formulation of design eccentricity to reduce ductility demand in 
asymmetric buildings. Eng Struct 22(7):857-871 

Ghersi A, Marino EM, Rossi PP (2007) Static versus modal analysis: influence on inelastic 
response of multi-storey asymmetric buildings. Bull Earthq Eng 5(4):511—532 

Goel RK, Chopra AK (2004) Evaluation of modal and FEMA pushover analyses: SAC buildings. 
Earthq Spectra 20:225-254 

Gupta B, Kunnath SK (2000) Adaptive spectral-based pushover procedure for seismic evaluation 
of structures. Earthq Spectra 16(2):367—391 

Housner GW, Outinen H (1958) The effect of torsional oscillations on earthquake stresses. Bull 
Seism Soc Am 48:221-229 

International Building Code — IBC (2012) International Code Council, Washington DC 

International Existing Building Code — IEBC (2012) International Code Council, Washington DC 

Kan CL, Chopra AK (1977) Effects of torsional coupling on earthquake forces in buildings. 
J Struct Div 103(4):805-819 


448 M. De Stefano and V. Mariani 


Karimiyan S, Moghdam AS, Vetr MG (2013) Seismic progressive collapse assessment of 3-story 
RC moment resisting buildings with different levels of eccentricity in plan. Earthq Struct 
5:277-296 

Kreslin M, Fajfar P (2011) The extended N2 method taking into account higher mode effects in 
elevation. Earthq Eng Struct Dyn 40(14):1571—1589 

Kreslin M, Fajfar P (2012) The extended N2 method considering higher mode effects in both plan 
and elevation. Bull Earthq Eng 10(2):695-715 

Moghadam AS, Tso WK (2000a) Pushover analysis for asymmetric and set-back multi-story 
buildings. Proceedings of the 12th world conference on earthquake engineering, Auckland, 
New Zeeland. 

Moghdam AS, Tso WK (2000b) 3-D push-over analysis for damage assessment of buildings. 
J Seism Earthq Eng 2(3):23-31 

Paret TF, Sasaki KK, Elibeck DK, Freeman SA (1996) Approximate inelastic procedures to 
identify failure mechanism from higher modes effects. Proceedings of the 11th world confer- 
ence on earthquake engineering, Acapulco 

Reinhorn AM (1997) Inelastic analysis techniques in seismic evaluations. In: Krawinkler H, Fajfar 
P (eds) Seismic design methodologies for the next generation of codes. Balkema, Rotterdam, 
pp 277-287 

Reinhorn A, Rutenberg A, Gluck J (1977) Dynamic torsional coupling in asymmetric buildings 
structures. Build Environ 12:251—260 

Reyes JC, Chopra AK (2011a) Three-dimensional modal pushover analysis for buildings subjected 
to two components of ground motion, including its evaluation for tall buildings. Earthq Eng 
Eng Vib 40:789-806 

Reyes JC, Chopra AK (2011b) Evaluation of three-dimensional modal pushover analysis for 
unsymmetric-plan buildings subjected to two components of ground motion. Earthq Eng Eng 
Vib 40:1475-1494 

Rutenberg A (1992) Nonlinear response of asymmetric building structures and seismic codes: a 
state of the art. Eur Earthquake Eng VI(2):3-19 

Rutenberg A (2002) EAEE Task Group (TG) 8: behavior of irregular and complex structures — 
asymmetric structures — progress since 1998. Proceedings of the 12th European conference 
earthquake engineering, London 

Rutenberg A, De Stefano M (1997) On the seismic performance of yielding asymmetric 
multistorey buildings: a review and a case study. In: Fajfar and Krawinkler (eds) Seismic design 
methodologies for the next generation of codes. Bakelma, pp 299-310, ISBN 90.54.10.928.9 

Shakeri K, Tarbali K, Mohhebi M (2012) An adaptive modal pushover procedure for asymmetric- 
plan buildings. Eng Struct 36:160-172 

Tabatabaei R, Saffari H (2011) Evaluation of the torsional response of multistory buildings using 
equivalent static eccentricity. J Struct Eng 137(8):862-868 

Tso WK, Moghadam AS (1997) Seismic response of asymmetrical buildings using push-over 
analysis. Proceedings of workshop on seismic design methodologies for the next generation of 
codes, Bled, Slovenia 


Chapter 14 

Recent Development and Application 

of Seismic Isolation and Energy Dissipation 
and Conditions for Their Correct Use 


Alessandro Martelli, Paolo Clemente, Alessandro De Stefano, 
Massimo Forni, and Antonello Salvatori 


Abstract More than 23,000 structures, located in over 30 countries, have been so 
far protected by passive anti-seismic (AS) systems, mainly by the seismic isolation 
(SD and energy dissipation (ED) ones. The use of such systems is going on 
increasing everywhere, although its extent is strongly influenced by earthquake 
lessons and the features of the design rules used. As to the latter, SI is considered 
as an additional safety measure (with consequent significant additional construction 
costs) in some countries (Japan, USA, etc.), while, in others (including Italy), the 
codes allow to partly take into account the reduction of the seismic forces acting on 
the superstructure that is induced by SI. Applications of the AS systems have been 
made to both new and existing civil and industrial structures of all kinds. The latter 
include some high risk (HR) plants (nuclear reactors and chemical installations). 
The applications in a civil context already include not only strategic and 
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public structures, but also residential buildings and even many small private houses. 
In Italy, the use of the AS systems has become more and more popular especially 
after the 2009 Abruzzo earthquake (nowadays more than 400 Italian buildings are 
seismically isolated). Based on the information provided by the authors at the ASS/Si 
13th World Conference, held in Sendai (Japan) in September 2013, and on more 
recent data, the paper summarizes the state-of-the-art of the development and 
application of the AS systems and devices at worldwide level, by devoting particular 
attention to SI of buildings in Italy, in the context of recent seismic events. More- 
over, it outlines the benefits of the aforesaid systems for ensuring the indispensable 
absolute integrity of strategic and public structures, as, primarily, schools, hospitals 
and HR plants, but also (for an adequate protection of cultural heritage) museums. 
Finally, based on Italian experience, it provides some remarks on costs of SI, stresses 
the conditions for the correct use of this technique and mentions some recent 
initiatives of the Italian Parliament to ensure such a correct use and to widely extend 
such an use to the HR chemical plants too (for which only very few applications 
already exist in Italy). 


14.1 Introduction 


On September 24—26, 2013, the 13th event of the Anti-Seismic Systems International 
Society (ASSISi), namely the 13th World Conference on Seismic Isolation, Energy 
Dissipation and Active Vibrations Control of Structures & JSSI 20th Anniversary 
International Symposium, took place in Sendai (Japan). This conference (JSSI 2013) 
was organized jointly with the Japan Society of Seismic Isolation (JSSD and with the 
collaboration of the Italian association GLIS (“GLIS — Isolamento ed altre Strategie 
di Progettazione Antisismica", namely “GLIS — Isolation and Other Anti-Seismic 
Design Strategies"), which are both ASS/Si corporate members. The first author of 
this paper was a member of the Scientific Committee of the conference (as GLIS 
President and ASSISi Founding President and present Vice-President), as well as 
key-note and invited lecturer for Italy (Martelli et al. 2013b, c). The text of this paper 
is partly based on the aforesaid contributions provided at Sendai by all its authors, but 
it also includes some further and more updated information. 

According to the data made available the Sendai conference and to subsequent 
information received by the first author of this paper (Martelli 2013b), more than 
23,000 structures in the world have been protected by passive anti-seismic 
(AS) techniques, such as seismic isolation (SI) or energy dissipation 
(ED) systems, shape memory alloy devices (SMADs), or shock transmitter units 
(STUs). They are located in more than 30 countries (see Fig. 14.1 and Table 14.1) 
and concern both new constructions and retrofits of existing structures of all kinds: 
bridges and viaducts, civil and industrial buildings, cultural heritage and industrial 
components and installations, including some High Risk (HR) nuclear and chemical 
plants and components. Buildings are made of all types of materials: reinforced 
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Fig. 14.1 Numbers of 
seismically isolated 
buildings in the most active 
countries (data of 
September 2013) 


B Japan 
@BChina 
BRussia 
Bitaly 
BUSA 
BArmenia 
@France 


OTaiwan 
@ New Zealand 


concrete (r.c.), steel and even wood (Eisenberg et al. 2011; JSSI 2013; Martelli and 
Forni 2010, 2011a, b; Martelli et al. 2008, 2011; Martelli et al. 2012a, b, c, 
2013a, b, c, Mazzolani and Herrera 2012). 

As shown by Fig. 14.1 and Table, 14.1, Japan is the leading country for the 
overall number of applications of the AS systems; it is followed by the Peoples' 
Republic (P.R.) of China, the USA, the Russian Federation and Italy (Fig. 14.2). 

The use of the AS systems and devices in a civil context already includes not 
only the strategic structures (civil defence centres, hospitals) and the public ones 
(schools, churches, museums, commercial centres, hotels, airports), but also resi- 
dential buildings and even many small and light private houses. Everywhere, the 
number of such applications is increasing, although it is strongly influenced by 
earthquake lessons and the availability and features of the design rules used. 

As stressed by Martelli et al. (2013a, b), most SI systems rely on the use of 
rubber bearings (RBs), such as the High Damping natural Rubber Bearings 
(HDRBs), Neoprene Bearings (NBs), Lead Rubber Bearings (LRBs), or (especially 
in Japan) Low Damping Rubber Bearings (LDRBs) in parallel with dampers; in 
buildings, some plane surfaces steel-Teflon (PTFE) Sliding Devices (SDs) are 
frequently added to the RBs to support their light parts without unnecessarily 
stiffening the SI system (which would make it less effective) and (if they are 
significantly asymmetric in the horizontal plane) to minimize the torsion effects 
(the effects of the vertical asymmetries are drastically reduced by the quasi “rigid 
body motion” of the seismically isolated superstructure). 

Another type of isolators, which has been used in Italy after the 2009 Abruzzo 
earthquake, is the so called Curved Surface Slider (CSS), which derived from the 
US Friction Pendulum (FPS) and the subsequent German Seismic Isolation Pendu- 
lum (SIP). 

Finally, rolling isolators (in particular Ball Bearings, BBs, and Sphere Bearings) 
are also applied: as mentioned by Martelli et al. (2013b), they are very effective and 
find numerous applications (more than 200) to protect buildings in Japan, but not in 
Italy, because there they have been judged too expensive (however, they have 
already been used, even in Italy, to protect precious masterpieces and costly 
equipment, including operating-rooms in hospitals). 
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Fig. 14.2 Overall number 
of Italian buildings 
protected by seismic 
isolation during years 
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It shall be stressed that, to the knowledge of the authors, all structures protected 
by RBs that were located in areas hit by even severe earthquakes (including those 
struck by the 2011 Tohoku event in Japan, e.g. Figs. 14.3 and 14.4) exhibited an 
excellent behaviour, in spite of the fact that the violence of such earthquakes was 
frequently underestimated (Eisenberg et al. 2011; JSSI 2013; Martelli 2013b, 2014; 
Martelli and Forni 2010, 2011a, b; Martelli et al. 2011, 2012a, b, c, 2013a, b, c, 
2014; Mazzolani and Herrera 2012; Zhou et al. 2013). 


14.2 Application of the Anti-seismic (AS) Systems 


14.2.1 Application in Japan 


In Japan the first application of base SI dates back to 1983 (Eisenberg et al. 2011). 
Thanks to the availability of an adequate specific code since 2000, the free adoption of 
SI since 2001 (Martelli and Forni 2010) and the excellent behaviour of isolated 
buildings in violent earthquakes (Martelli et al. 20132), this country is more and 
more consolidating its worldwide leadership on the use of the AS systems and devices. 
As shown by Fig. 14.1 and Table 14.1, the Japanese buildings or houses protected by 
SL which were over 6,600 in 2011 (Martelli et al. 2013a), are now approximately 
8,000, while the large buildings provided with other type control systems are now 
approximately 1,000, against the 900 that had been reported by Eisenberg et al. (2011) 
in 2011 (in that year the latter systems were active or semi-active in 70 cases). 
Moreover, there are now more than 5,000 houses where ED systems have been 
installed (they were 2,000 in 2009, as reminded by Martelli et al. 2011). 

More precisely, Japan is continuing the extensive adoption of the AS systems 
initiated after the excellent behaviour of two isolated buildings near Kobe during 
the 1995 Hyogo-ken Nanbu earthquake, of magnitude M — 7.3. This behaviour was 
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Fig. 14.3 Left: the seismically isolated 10-storey Hachinohe City Hall, near Sendai, isolated by 
means of LRBs. Right: the 18-storey MT Building in Sendai, isolated by means of RBs and SDs. 
Both buildings withstood the 2011 Tohoku earthquake undamaged (Eisenberg et al. 2011) 


Fig. 14.4 The 4-storey National Western Art (Le Corbusier) Museum in Tokyo, retrofitted by 
inserting HDRBs in a sub-foundation in 1999. During the 2011 Tohoku earthquake the SI system 
reduced the PGA values in the two horizontal directions from 0.19 to 0.27 g at the base to 0.08 and 
0.10 g at the top (Eisenberg et al. 2011) 


confirmed by all Japanese buildings protected by SI during all severe events which 
followed that of 1995, namely those of Tokachi Offshore (M — 8.0, 2003), Niigata 
Chuetsu (M — 6.8, 2004), Fukuoka West Offshore (M — 7.0, 2005), Niigata Chuetsu 
Offshore (M— 6.8, 2007), Iwate-Miyagi Inland (M — 7.2, 2008) and Tohoku 
(M — 9.0, 2011) (Eisenberg et al. 2011; Martelli et al. 2011, 2012a; Mazzolani 
and Herrera 2012). 

Several buildings which withstood violent earthquakes prior to that of Tohuku 
were listed by JSSI (Kani 2008). With regard to the Tohoku earthquake, it is noted 
that the related seismic hazard was considerably underestimated, as for several 
previous violent events all over the world (Martelli et al. 2011, 20132). In spite of 
this, most of the 118 isolated buildings located in the Tohoku area or erected in 
other Japanese sites behaved well, at least without considering the effects of the 
subsequent tsunami (see Figs. 14.3 and 14.4, as well as Martelli et al. 2013a). A 
similar behaviour was shown, for the isolated bridges and viaducts, by most of those 
protected by RBs (LRBs and HDRBs), although a certain number of them was later 
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Fig. 14.5 The 91 m tall 
20-storey building, with 
steel structure, of the 
Suzukakedai Campus of 
Tokyo Institute of 
Technology, protected by 
16 RBs, 58 steel or oil 
dampers and by mega 
X-shape braces, visible on 
the facade (Martelli 

et al. 2012a) 
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Fig. 14.6 Lateral view of a 
complex of twenty one 6- to 
14-storey buildings, all 
erected on an unique 
“artificial ground” isolated 
at Sagamihara (Tokyo area) 
with 48 LRBs, 103 SDs and 
83 BBs (Martelli and Forni 
2010). This was the first 
Japanese application of 
“artificial grounds” 


destroyed by the tsunami (due to deck rotation toward the upstream side, resulted 
from the uplifting force — see Martelli et al. 2013a). 

Japanese, on the one hand, have confirmed the trend, initiated years ago, to isolate 
even high-rise buildings (Fig. 14.5) and sets of buildings supported by a common 
isolated r.c. structure (the so called artificial ground, a solution which enables large 
savings of construction costs — see Fig. 14.6) and, on the other hand, are more and 
more increasing the number of even very small private houses protected by SI 
(Martelli and Forni 2010). Based on data provided by JSSI, the isolated high-rise 
buildings are now rather numerous (they included 250 condominiums in the middle of 
2011, as mentioned by Eisenberg et al. 2011). Furthermore, the isolated houses are 
already about 5,000; the latter were about 3,000 at the end of 2009 (Martelli and Forni 
2010) and about 4,000 in the middle of 2011 (Eisenberg et al. 2011). More generally 
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(Martelli et al. 2013a), in the middle of 2011 46 % (1,100) of the Japanese isolated 
large buildings (e.g. excluding houses) were condominiums, 20 % offices, 12 % 
hospitals and 2 % schools and most of these large buildings were new constructions 
(the retrofits of those existing were 90 some months ago). 

The Japanese structures provided with ED systems include several high-rise 
buildings; these and the similarly protected private houses make use of various 
kinds of dampers (Martelli and Forni 2010): for instance, the applications of 
Buckling-Restrained Braces (BRBs) were already more than 250 in 2003. More- 
over, approximately 40 Japanese buildings were seismically controlled by Tuned 
Mass Dampers (TMDs), of active or hybrid types, in June 2007, and so-called 
Active Damping Bridges (ADBs) were installed between pairs of adjacent high-rise 
buildings to reduce the seismic response of both of them, based on their different 
vibrational behaviours (Martelli and Forni 2010). 

The use of the AS systems and devices also recently increased in Japan for the 
protection of cultural heritage and for that of bridges and viaducts (Martelli and 
Forni 2010; Martelli et al. 2011). For the latter it had began rather later than for 
buildings; it is being largely based on the use of HDRBs and LRBs and consider- 
ably extended especially after the Hygo-ken Nanbu earthquake, which struck Kobe 
in 1995 (by becoming obligatory for overpasses in this town). 

Finally, as to the industrial installations, besides detailed studies for the SI (even 
with three-dimensional — 3D — systems) of various kinds of nuclear reactors, the 
Nuclear Fuel Related Facility was erected on 32 LDRBs and LRBs (Martelli and 
Forni 2010). Application of SI to large industrial factories also began in 2006: the 
first, concerning the fabrication of semi-conductors, was a 5-storey steel and SRC 
(mixed steel-concrete system) structure, with a height of 24.23 m and a total floor 
area of about 27,000 m°, which was built on LRBs, Viscous Dampers (VDs) and oil 
dampers; at least 2 further similar factories were also already in use at the end of 
2009 (Martelli and Forni 2010; Martelli et al. 2012a). 


14.2.2 Application in the P.R. China 


In the P.R. China very ancient monasteries, temples and bridges, protected by 
means of rough sliding SI systems, are still standing, although they had to face 
numerous earthquakes, including very violent events, up to M — 8.2; however, the 
application of modern SI systems began only in 1991 (Dolce et al. 2006). In any 
case, initially the SI systems, then the ED ones too have rapidly got a footing since 
that year, so that the isolated buildings were already 490 in June 2005, by leading 
the P.R. China to the third place at worldwide level for the number of applications, 
only slightly after the Russian Federation. Many of these applications were to 
dwelling buildings and no less than 270 to the masonry ones (Dolce et al. 2006). 
At the end of 2006 the number of the Chinese isolated buildings had increased to 
more than 550 and included even rather tall constructions. Moreover: SI had 
already been applied to 5 further large span structures and 20 road and railway 
bridges or viaducts; 30 buildings were already protected by ED devices; 5 buildings 
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and 6 bridges were already been provided with hybrid or semi-active seismic 
vibration control systems. SI had also already been used, for the first time in the 
P.R. China, to protect Liquefied Natural Gas (LNG) tanks (see Fig. 14.32 and 
Martelli and Forni 2010). 

In 2007 the P.R. China passed the Russian Federation (Martelli and Forni 2010): in 
fact, the Chinese isolated buildings were 610 in May 2007 (against the approximately 
600 declared at that time by the Russian experts — see Martelli and Forni 2010) and 
those protected by ED systems 45. The first included the so-called Isolation House 
Building on Subway Hub, completed near the centre of Beijing in 2006, which consists 
of 20 7- to 9-storey buildings, all separately isolated above an unique huge 2-storey 
isolated structure that contains all services and infrastructures, including railways and 
subways (Dolce et al. 2006). The objective of this application had been to optimize the 
use of a wide and valuable central area, which was previously occupied only by 
railway junctions and the subway, by also minimizing the consequent vibrations and 
noise: SI enabled saving 25 % of construction costs, which made it possible to use the 
available budget for funding an average 3 storey rising of the 50 buildings. In the same 
years, Chinese application of 3D SI systems to civil buildings and of isolators or 
SMADS to cultural heritage had also begun (Martelli and Forni 2010). 

In October 2008, the number of isolated Chinese buildings was about 650. In 
November 2009 a further significant extension of the applications of the AS 
systems was reported in the P.R. China; in particular, the number of the newly 
erected isolated buildings per year doubled there after the violent Wenchuan 
earthquake of May 12, 2008 (moment magnitude Mw — 7.9), by increasing from 
50 to 100 per year (Martelli and Forni 2010). 

This more rapid increase of the number of building applications of SI was due to 
both the excellent behaviour of two r.c. isolated buildings and even a 6-storey 
masonry one during the aforesaid earthquake (although its violence had been 
largely underestimated, by a factor 10 for the Peak Ground Acceleration — PGA) 
and the fact that the Chinese code (which still required the submission of the 
designs of the isolated buildings to the approval of a special commission) permitted 
to reduce the seismic loads acting on the superstructure and foundations of such 
buildings (Martelli and Forni 2010). 

In November 2009 SI systems had been installed in the P.R. China in 32 bridges 
and 690 buildings, while 83 buildings had been protected by ED devices such as 
Elastic-plastic Dampers (EPDs), VDs or Visco-Elastic Dampers (VEDs), 16 by 
TMDs or other type dampers and 5 by semi-active or hybrid systems (Martelli and 
Forni 2010). The latter had also been installed in 8 bridges. SI has been applied in 
the P.R. China not only at the building base or at the top of the lowest floor, but also 
on more elevated floors (for risings or for erecting highly vertically asymmetric 
constructions), or at the building top (to sustain, in the case of retrofit, one or more 
new floors acting as a TMD), or also on structures that join adjacent buildings 
having different vibrational behaviours. More recent applications also included sets 
of buildings on artificial ground, base and roof SI of stadiums and the protection of 
valuable objects (e.g. electronic equipment and art objects) by means of SI tables 
(Martelli and Forni 2010). 
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Fig. 14.7 Complex of 
dwelling buildings in South- 
Western P.R. China, formed 
by 82 4- to 16-storey 
seismically isolated 
buildings (overall floor 
area = 210,000 m?) 
(Eisenberg et al. 2011) 


Fig. 14.8 Complex of 
dwelling buildings in South- 
Western P.R. China, formed 
by 94 4- to 6-storey 
seismically isolated 
buildings (overall floor 
area = 280,000 m?) 
(Eisenberg et al. 2011) 


More recently, the number of applications of the AS systems really strongly 
increased in the P.R. China. In fact, it was reported by Eisenberg et al. (2011) that 
about 2,500 buildings and 80 bridges and viaducts had already been protected there 
by SI in September 2011, in addition to about 400 buildings and 50 bridges 
provided with dampers, 36 buildings or towers equipped with passive TMDs and 
8 bridges and 5 towers with active or hybrid systems (note, for instance, the 
extensive building applications of SI shown by Figs. 14.7 and 14.8). Moreover, in 
the last 2 years, there was a further very significant increase of the aforesaid 
numbers: as shown by Table 14.1, SI has already been used in the P.R. China to 
protect 4,000 buildings, 400 bridges and viaducts and even 50 industrial structures 
(e.g. Fig. 14.32), while ED devices have already been installed in 500 buildings, 
200 bridges and viaducts and further 50 industrial structures (Zhou et al. 2013; 
Martelli 2013b). 

It is worthwhile stressing that the effectiveness of SI for the protection of 
buildings and, in particular, of schools and hospitals was recently confirmed in the 
P.R. China during the Lushan earthquake (My — 7.0) of April 20, 2013 (Zhou 
et al. 2013). This earthquake occurred in an area that had already been affected by 
the violent Wenchuan event in 2008 (the distance between the two epicentres was 
150 km) and was characterized by PGA values that reached 0.4—0.6 g, compared to 
the design value of 0.3 g (note, for this earthquake too, similar to previous events 
mentioned by Martelli et al. 2013a, the inadequacy of the probabilistic approach used 
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Fig. 14.9 View of the Lushan county hospital (China), before the earthquake of April 20, 2013 
(Zhou et al. 2013) 


to define this design value, and the fact that the new event occurred only 5 years after 
that of Wenchuan, while the latter was preceded by an earthquake of magnitude 
comparable nearly 80 years earlier). 

The Lushan event caused 196 deaths (besides 21 missing people) and the 
wounding of 250,000 people. About 40,000 buildings (i.e. about 75 % of those in 
the area affected by the earthquake) collapsed or were damaged. The heavily 
damaged buildings included numerous strategic and public buildings (including 
schools and hospitals), even constructed or reconstructed after the Wenchuan event. 
However, where it was used, SI showed, once again, an excellent effectiveness. 

Particularly interesting were, in Lushan, two cases of r.c. structures: 


* that of two primary schools, the first conventionally founded, the other base 
isolated, both provided with a seismic monitoring system; 

* that the county hospital (7 floors above ground and one basement), consisting of 
two buildings with conventional foundations and one with base SI. 


About the two schools, while for that conventionally founded the PGA value of 
0.2 g was amplified, at the roof, to 0.72 g, for that with SI the aforesaid value was 
reduced to 0.12 g. Thus, the effectiveness of SI can be quantified in a reduction 
factor of the roof maximum acceleration equal to 6. 

As to the county hospital (Fig. 14.9), the two buildings with conventional 
foundations suffered damage to both partitions, roof and equipment contained, 
which made them unusable after the earthquake (Fig. 14.10); on the contrary, the 
seismically isolated block was the only hospital building of the county to be remain 
fully undamaged and operational (Fig. 14.11): this allowed to heal thousands 
injured people, which was impossible in other hospitals in Lushan. 
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Fig. 14.10 Damage suffered by the two conventionally founded buildings of the hospital of 
Fig. ) (Zhou et al. ) 


Fig. 14.11 Full integrity and operability of the isolated building of the hospital of Fig. 14.9 (Zhou 
et al. ) 


14.2.3 Application in the Russian Federation 


The Russian Federation is third for the number of seismically isolated structures. As 
shown by Table , there are about 600 applications of SI to buildings and more than 
100 to bridges and viaducts (according to the information provided by Eisenberg 
et al. 2011, the overall number of isolated structures was about 550 in September 
2011). In addition, there is already a significant number of structures (especially 
bridges) protected by ED systems (Table 14.1). The use of modern SI systems, formed 
by RBs, frequently in conjunction with SDs and/or dampers (similar to those adopted 
in the other countries), is going on replacing that of the previous so called /ow cost 
isolators (reversed mushroom-shaped r.c. elements), which had been installed since 
the years 1970s. After the retrofits of some important historical buildings (Dolce 
et al. » Martelli et al. ; Sannino et al. ), recent Russian application 
includes even high-rise buildings, in particular in Sochi, the site of the 2014 Winter 
Olympic Games. For some of these, Italian HDRBs have also been used, as shown by 
Figs. and 14.13 (Eisenberg et al. 2011; Martelli et al. 2011). 
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Fig. 14.12 Design of the base-isolated Hayat (Sea Plaza) Hotel, a 28-storey r.c. building (with 
2 underground floors), 93.6 m tall and with a total floor area of 40,000 m?, erected in Sochi 
(Russia) (Eisenberg et al. 2011) 


Fig. 14.13 Some of the 193 HDRBs, manufactured in Italy, which protect the building of 
Fig. 14.12 (picture taken on September 23, 2011, during the 2011 Sochi Conference) (Martelli 
et al. 2012a) 


14.2.4 Application in the USA 


As shown by Table 14.1, the USA remain at the third place, after Japan and the 
P.R. China, for the overall number of applications of the AS systems and devices 
(Eisenberg et al. 2011; JSSI 2013). In this country, however, such applications go 
on being satisfactorily progressing only for bridges and viaducts and for buildings 
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protected by ED systems. They concern both new constructions and retrofits. More 
precisely, at the end of 2009, HDRBs, LRBs and, more recently, ED devices and 
STUs had already been installed in about 1,000 U.S. bridges and viaducts, located 
in all U.S. states, while over 1,000 buildings had been provided with dampers of 
various kinds (Martelli and Forni 2010): VDs and friction dampers (FDs) already 
protected approximately 40 and, respectively, 12 buildings in 2001 and BRBs 
39 further buildings in 2003 (Dolce et al. 2006). 

On the contrary, as far as SI of buildings is concerned, the number of new 
applications remains still limited (recently 3 or 4 per year), in spite of the excellent 
behaviour of some important U.S. isolated buildings during the 1994 Northridge 
earthquake (Dolce et al. 2006) and the long experience of application of this 
technique to such structures (since 1985). This is a consequence of the very 
penalizing design code in force in the USA for the isolated buildings: these were 
not more than 200 in September 2011 and are now approximately 250, although the 
related applications are mostly very important and half of them are retrofits, even of 
monumental buildings (Martelli and Forni 2010). 

SI of US buildings has been performed using HDRBs, LRBs (in some cases in 
conjunction with LDRBs, SDs, VDs and other ED devices) and, later, the FPS too. 
With regards to the design earthquake levels adopted in California, Martelli and 
Forni (2010) stressed that they correspond very large magnitudes (e.g. M = 8.3 for 
the new 9/1 Emergency Communications Centre erected in San Francisco in the 
years 1990s and M = 8.0 for the San Francisco City Hall retrofitted with 530 LRBs 
in 2000): this imposes the use of SI (as the only possibility) for these applications, in 
spite of its large implementation cost in the USA. 


14.2.5 Application in Italy 


Fifth (after Japan, the P.R. China, the Russian Federation and the USA) and first in 
Western Europe for the overall number of applications of the passive AS devices 
remains Italy (Figs. 14.1 and 14.2 and Table 14.1). There, the use of the AS systems 
began in 1975 for bridges and viaducts and in 1981 for buildings (Dolce et al. 2006; 
Eisenberg et al. 2011; Martelli et al. 2008, 2012c). It is worthwhile stressing that the 
design of the first two Italian suspended buildings protected by AS systems, located 
in Naples, had been completed before the 1980 Campano-Lucano earthquake, when 
the Naples area was not yet considered as seismic: after such an event, that area was 
classified in “seismic category 3” (i.e. with moderate seismic hazard): thus, in order 
to avoid large modifications of the buildings designs, NBs were added on the roof of 
such buildings, together with other passive AS devices inside them (Dolce 
et al. 2006; Martelli et al. 2012a, b). 

In spite of the aforesaid pioneering role of Italy in the development and appli- 
cation of the passive AS systems, in the years 1990s their use remained rather 
limited several years long, due to the lack of design rules to the end of 1998, then 
due to their inadequacy and a very complicated and time-consuming approval 
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Fig. 14.14 Francesco Jovine school of San Giuliano di Puglia, after its collapse during the 2002 
Molise & Puglia earthquake (M = 5.9) 


Fig. 14.15 Left: the isolated complex including the new Francesco Jovine primary school and “Le 
Tre Torri” Poly-Functional Centre in San Giuliano di Puglia (Campobasso), in 2008. Right: view 
of some the isolators supporting their common base slab 


Fig. 14.16 One of the three tanks of the Company Polimeri Europa of the Italian ENI Group 
located in Priolo, which were seismically retrofitted using U.S. FPS devices in the years 2005— 
2008 and one of the isolators during and after its installation. To the knowledge of the authors, this 
is the only application of SI to chemical plants and components so far existing in Italy (prior to the 
2009 Abruzzo earthquake, it was also the only application of CSS devices in Italy) 


process to 2003 (Dolce et al. 2006). However, significant application of the passive 
AS systems (especially of SI) restarted in Italy about 10 years ago, initially as a 
consequence of the collapse of the Francesco Jovine primary school in San 
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Fig. 14.17 Main building of the Civil Defence Centre of Foligno (Perugia), former seismic zone 
1, isolated by 10 HDRBs and certified as safe by A. Martelli in 2011 


Fig. 14.18 The new block B of the Romita High School for scientific studies in Campobasso 
(former seismic zone 2), isolated by 12 HDRBs and 10 SDs, which was reconstructed with SI, after 
its demolition in 2010 (blocks A and B had been found unsafe by ENEA, CESI and the University 
of Basilicata in 2003 — see Fig. 14.29). The safety of the new building was certified by A. Martelli 
in 2013 


Giuliano di Puglia (Campobasso) during the 2002 Molise & Puglia earthquake 
(Fig. 14.14) and the subsequent enforcement of a new national seismic code 
(in May 2003), which freed and simplified the adoption of the AS systems in 
Italy (see Figs. 14.15, 14.16, 14.17, 14.18, and 14.19, Martelli et al. 2008, 2013b; 
Martelli and Forni 2010). 

The use of SI became particularly rapid especially after the Abruzzo earthquake 
of April 6, 2009, as a consequence of the large damage caused by this event to the 
conventionally founded structures and cultural heritage (Martelli and Forni 2010, 
2011b). Thus, in 2009, Italy overtook the USA for the number of seismically 
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Fig. 14.19 Eight-storey isolated building which is nearing completion in Messina on 22 LDRs 
and 2 SDs. Its structural safety will be certified by A. Martelli in 2014 


Fig. 14.20 Left: one of the 184 pre-fabricated houses (wood, or r.c., or steel structures) erected in 
L'Aquila to host up to 17,000 residents who remained homeless after the 2009 Abruzzo earth- 
quake. Right: detail of one of the 40 CSS devices, manufactured in Italy, which have been installed 
at the top of columns (made of steel or r.c.) to isolate the supporting slabs of such houses 


isolated buildings (although not for their importance): those in use were about 
70 before the aforesaid earthquake, with further 20—30 under construction or 
design, while they are now more than 400 and several further applications to 
new-built and retrofitted structures of these kinds are in progress (Martelli and 
Forni 2011b; Martelli et al. 2012a, 2013b). 

The recent applications of SI include 184 wood, r.c. or steel pre-fabricated 
houses erected in L'Aquila, each on a large isolated r.c. slab (Fig. 14.20), to 
provisionally host up to 17,000 homeless residents (at least in the first years). 
These were seismically isolated, for the first time in Italy, using CSS devices 
manufactured in the country (Fig. 14.20). However, the use of the traditional 
HDRBs or LRBs, in conjunction with some SDs, is also going on, in both L'Aquila 
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Fig. 14.21 Left: the new Headquarters of ANAS (National Agency for Roads Construction) in 
L’ Aquila, erected on 60 HDRBs after the 2009 Abruzzo earthquake (which had severely damaged 
the previous headquarters building), completed at the beginning of 2011. Right: view of some of its 
isolators 


Fig. 14.22 Left: the dwelling building complex (3 buildings) of Via Borgo dei Tigli 6-8-10 in 
L'Aquila (Pianola area), which had been just completed before the 2009 Abruzzo earthquake. 
Right: damage caused to the building by this event 


Fig. 14.23 Seismic retrofit of the building complex of Fig. , performed by means of 
42 HDRBs and 62 SDs and connection of the originally separated three buildings. The structural 
safety will be certified by A. Martelli in 2014 


and other Italian sites, for several new constructions and retrofits (see, for instance, 
Figs. , 14.22, ,and , Martelli et al. ; ; Martelli and Forni 
, b). In particular, the new Francesco Jovine school (Fig. ), protected by 
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Fig. 14.24 Left: seismically isolated dwelling building complex under construction in Ozzano 
Emilia (Bologna), irregular in shape (61 m x 28 m; 2 buildings with 2 staircases, connected to the 
second floor; 4 isolated above ground isolated floors, with the isolators installed in the non-isolated 
basement). Right: some of the isolators of the building (61 HDRBs and 56 SDs) 


a SI system designed with the cooperation of ENEA (Italian National Agency for 
New Technologies, Energy and Sustainable Economic Development) and formed 
by 61 HDRBs and 13 SDs, which was the first Italian isolated school (certified as 
safe by the first author of this paper in September 2009), has been followed by 
several further projects of this kind: the seismic protection of schools by means of 
SI, besides that of hospitals and other strategic structures, is now a “priority 1” 
objective of GLIS (Martelli and Forni 2010; Martelli and Forni 201 La, b). 

Moreover, the use of the AS systems is going on for bridges and viaducts (those 
with such systems were already at least 250 in 2009), as well as for cultural heritage 
(Martelli 2009; Martelli and Forni 2010, 2011a, b, Martelli et al. 2008, 2011). For 
the latter, the application of new retrofit techniques using SI, applicable to monu- 
mental buildings (Martelli 2009; Clemente et al. 2011), has also been planned for 
both reconstructing L’Aquila and for enhancing the seismic protection of some 
ancient constructions in Sulmona, an historic town close to L'Aquila which was not 
damaged by the 2009 event, but is also very earthquake-prone. This method 
(Fig. 14.25) consists in the lateral insertion of large diameter tubes below the 
building, inside which the isolators will be inserted. The applications planned in 
Sulmona will be made in the framework of a collaboration agreement signed 
between ENEA and the local municipality, which will entrust ENEA with the 
check of the retrofit designs and supervision of the subsequent construction works 
(Martelli et al. 2011). 


14.2.6 Application in Other Countries 


The countries which follow Italy for the overall number of applications of the AS 
systems are South Korea, Taiwan, Armenia, New Zealand, France, Turkey, Mexico, 
Canada, Chile and others (Martelli and Forni 2010, 2011b): many applications in 
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Fig. 14.25 System patented by ENEA and Polytechnic of Torino for the retrofit with SI of 
monumental buildings, performed by laterally inserting tubes (which will contain the isolators) 
below the foundations (Clemente et al. 2011; Salvatori 2013) 


these countries make use of Italian AS devices (e.g. in Turkey, Greece, Portugal, 
Spain, Iran) and some (in Romania, Cyprus) have also been designed by Italians 
(Martelli et al. 2012a). 

Armenia, with 45 completed isolated buildings and others under construction 
(see Table 14.1 and Martelli 2013b), remains second, at worldwide level, for the 
number of applications of such devices per number of residents, in spite of the fact 
that it is a still developing countries. In New Zealand, one of the motherlands of AS 
devices (in particular of those based on the use of lead, like LRBs and LDs) and 
third in the world for the number of applications of such devices per number of 
residents, the isolated structures had an excellent behaviour in both the 2010 
Canterbury earthquake, of M — 7.1, and the 2011 Christchurch event, of M — 6.3 
(Martelli and Forni 2011b; Mazzolani and Herrera 2012; Martelli et al. 2011, 
2012a). Similarly, the isolated structures in Santiago had an excellent behaviour 
in Chile too, during the magnitude 8.8 Maule earthquake of February 27, 2010 
(Eisenberg et al. 2011; Martelli and Forni 2011b; Martelli et al. 2011; Mazzolani 
and Herrera 2012). 
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Fig. 14.26 Left: the “Student House” in L’ Aquila, collapsed during the Abruzzo earthquake of 
April 6, 2009 (M=6.2), causing the death of eight students. Right: secondary school in 
Dujiangyan (P.R. China), collapsed during the Wenchuan earthquake of May 12, 2008 
(M x 8.0), causing the death of 900 students 


14.3 Benefits of the as Systems for the Protection 
of Schools, Hospitals, Cultural Heritage and HR 
Plants 


Schools and hospitals are the strategic and public buildings that should guarantee 
the highest level of safety. In fact, schools host the most valuable asset of a 
community, that is its future, while hospitals shall remain fully operational after 
all catastrophic events (Martelli et al. 2013c, d). This means that, for any accidental 
event that may hit them, the total integrity of schools and hospitals must be ensured, 
namely not only that of the structural elements, but also that of the non-structural 
ones (partitions, claddings, ceilings, plants, contained objects and equipment and, 
especially, the occupants, namely, for schools, students, teachers and school staff). 
To achieve this goal for existing buildings, the so-called “seismic improvement" is 
insufficient: it is indispensable that such buildings are put in the same safety 
conditions as those obtainable for the new constructions. The aforesaid remarks 
obviously apply to the other kind strategic and public structures too; among these, 
the seismic protection of museums is particularly important in Italy, because this 
country hosts a large part of the cultural heritage existing in the word. 

However, even recent experience shows that too many schools, too many 
hospitals, too many museums and too many other kind strategic and public struc- 
tures, both in Italy and in other countries, are very unsafe, especially (but not only) 
in the case of earthquakes (see, for instance, Figs. 14.14 and 14.26 for schools and 
Fig. 14.10 for hospitals). 

In addition, as stressed by Martelli (2012, 2013c), it should be obvious to all that 
the High Risk (HR) plants too should be adequately protected from natural disas- 
ters, primarily from earthquakes and other accidental events that can be triggered by 
them (in particular by tsunamis, caused by violent earthquakes with epicentres in 
the sea or even, if these are close to the coast, on the ground). The HR plants include 
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Fig. 14.27 Left: rupture of a storage tank in the Yarimca Refinery (Turkey), owned by Tupras, 
during the Izmit earthquake of August 17, 1999 (Mw = 7.4), which caused 17,000 victims. At the 
centre: initial fire of one the two tanks (the first containing crude oil, the second naphtha) of the 
Tomakomai City petrochemical installation (Japan), caused by the two main shocks of the Off 
Tokachi earthquake of September 26 and 28, 2003 (M — 8.0 and M — 7.1), with epicenters at 
220 km from the plants. Right: propagation of the fire in the Tomakomai City petrochemical 
installation, during the aforesaid quake, with the consequent damage of 45 tanks (30 severely, 
29 with leakage) of the 105 present 


not only the nuclear ones, but also several types of chemical installations and 
components: in particular the Liquefied Natural Gas (LNG) tanks, which are 
large in size (with volumes up to 150,000 m? or more), and also the smaller 
spherical or cylindrical storage tanks that are present, for example, in petrochemical 
plants, the danger of which is an increasing function of their (often large) number in 
each installation (Martelli 2012). A substantial amount of these tanks already 
suffered serious damage in several countries, during a significant number of seismic 
events (see Fig. 14.27 and Martelli 2012). 

With regard to earthquake protection of both schools and HR plants and compo- 
nents (as well as of other types of structures), SI, ED and the other types AS 
technologies have been demonstrated to be extremely efficient (Martelli 
et al. 2013a, b). However, their wide use (which obviously frequently entails the 
acceptance of some additional construction costs) requires a correct perception of 
the seismic risk, which does not yet exist in countries like Italy. For this reason, 
besides continuing to promote the development and application of the AS systems 
(Martelli et al. 2013a, b), the Italian association GLIS and ENEA are devoting great 
efforts to raise public awareness and to stimulate institutions to start in Italy, at last, 
an adequate seismic prevention policy (Clemente and Martelli 2013; Martelli 
2013a; Martelli et al. 2013b, c, d). 

As mentioned by Martelli (2012, 2013c), this campaign was undertaken for the 
protection of the HR chemical plants and components several years ago, due to the 
presence of several installations of this kind in Italian areas that are characterized by 
high seismic hazard (Fig. 14.28) and was soon extended to the civil constructions, 
well before the Emilia earthquake of May 20, 2012 (Martelli 2012, 2013c; Martelli 
et al. 2013d). It has been brought to the attention of the Italian institutions for a long 
time (especially of that of the 8th Commission on Environment, Territory and 
Public Works of the Italian Chamber of Deputies — see Martelli et al. 2013b). 
This first occurred for the issues related to HR chemical plants and components 
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Fig. 14.28 The Italian petrochemical installations of Milazzo and Priolo (Sicily) 


(Martelli 2012, 2013c), then, since the end of May 2012, for the civil structures too, 
thanks to the audits of the authors of this paper, as well as those of other GLIS 
members, which took place in the aforesaid commission in the framework of the 
“Survey on the State of Seismic Safety in Italy” of the Italian Chamber of Deputies 
in 2012 (Camera dei Deputati 2012a, b; Martelli 2013c; Martelli et al. 2013d; 
Martelli et al. 2013b). 

In particular, the authors of this paper, on behalf of GLIS, have organized 
(or actively participated in) some conferences devoted to the promotion of schools 
safety (Martelli 2013a). 


14.3.1 Safety of the Italian Schools 


During the mentioned audits at the 8th Commission of the Italian Chamber of 
Deputies, held in the framework of the «Survey on the State of Seismic Safety in 
Italy», the very poor safety level of Italian schools was confirmed. In particular, it 
was stressed that 49 % of school buildings in Italy has no certificate of use and 
occupancy (Martelli et al. 2013d). It was estimated that 27,920 Italian school 
buildings are located in highly seismic areas: 4,856 in Sicily, 4,608 in Campania, 
3,130 (100 % of the total) in Calabria, 2,864 in Tuscany and 2,521 in Lazio. 
In addition, 6,122 schools are located in high landslide hazard areas: 994 in 
Campania, 815 in Emilia-Romagna and 629 in Lombardy (Martelli et al. 2013d). 
Especially during the audits of the ENEA representatives (who were the first two 
authors of this paper) and of the President of the Italian Major Risks Commission, it 
was also pointed out that more than 70 % of the Italian buildings are unable to 
withstand the earthquakes to which they may be subjected and that such a huge 
number of highly seismically vulnerable buildings includes several schools, often 
hosted by ancient or simply old constructions, for which seismic retrofit is impos- 
sible or overly expensive (Martelli et al. 2013d). In the above cases it is imperative 
to move the schools to other buildings, or existing (if they can ensure the necessary 
safety level or may be adequately seismically retrofitted), or ad hoc reconstructed 
with the best available technologies, by devoting the ancient buildings that cannot 
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Fig. 14.29 Left: the Romita High School in Campobasso (Italy), in 2003 (when it hosted 1,300 
students), before the demolition of its two most unsafe A and B blocks and reconstruction of block 
A with SI (see Fig. 14.18). At the centre and right: the new school of Marzabotto (Bologna, Italy, 
former seismic zone 3), which was seismically isolated (with the collaboration of ENEA) by 
means of 28 HDRBs and 14 SDs, with 500 mm diameters; it is the first seismically isolated school 
in Northern Italy, which was certified as safe by A. Martelli in September 2010 


Fig. 14.30 Left: one of the 2 isolated blocks of the new primary and secondary school of 
Gallicano (Lucca, Italy), former seismic zone 2, which was erected with the collaboration of 
GLIS and was opened to activity in September 2009. Centre-left: some of the 46 HDRBs installed 
in their underground floors. Centre-right: the new isolated kindergarten and primary school of 
Mulazzo (Massa Carrara, Italy), former seismic zone 2, certified as safe by A. Martelli and opened 
to activity in September 2012. Right: some of the 29 LRBs, which, together with 15 SDs, form its 
SI system 


be adequately seismically retrofitted to other activities and by demolishing and 
rebuilding those which are just old (e.g. Figs. 14.18 and 14.29). 

It is also essential to really complete the evaluations of seismic vulnerability of 
the Italian public buildings (including schools) within an extremely short time 
(according to the Decree of the President of the Council of Ministers Nr. 3274 of 
2003, these evaluations should have been completed by the institutions in charge in 
a short time!). 

With regard to the seismic protection of schools, as mentioned, the use of the AS 
systems (which have been developed and already significantly applied, even in 
Italy) ensures — in the case of SI — the absolute integrity of buildings and minimizes 
the panic effects, or — for example, in the case of ED systems — allows to approach 
to this objective (Martelli et al. 2013a, b, c). As mentioned in Sect. 14.2.5, such 
systems have already been used to protect a significant number of Italian schools, 
both of new construction and existing. In particular, after the first application of SI 
in the reconstruction of Francesco Jovine primary school in San Giuliano di Puglia, 
which ended and was certified as safe by A. Martelli in 2008 (Fig. 14.15), following 
the collapse of the previous one during the 2002 Molise & Puglia earthquake 
(Fig. 14.14), the Italian schools protected with this technique, both of new con- 
struction and seismically retrofitted, are already at least 30, even in moderate 
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seismic hazard areas (see, for example, Figs. 14.29 and 14.30 and Martelli 
et al. 20132), and others are in progress. 

SI is the technology that, nowadays, should be used for both the erection of all 
new schools in seismic areas and (where possible) seismic retrofit of the existing 
ones. For the latter, the applicability of SI obviously requires the presence or 
possibility of realization of structural gaps of sufficient width to enable the free 
transverse motion of the isolated superstructure (the related displacement can reach 
40—50 cm in Italy and 1 m or even more in more seismic countries, as Japan and 
California). 

Moreover, earthquakes are not the only accidental events to be hazardous for the 
safety of school occupants: others are, for example, fires and collapses due to static 
problems of school buildings and their parts. As a consequence of the tragic events 
of November 22, 2008, when Vito Scafidi, a young student, lost his life in the 
municipality of Rivoli (Torino), due to the collapse of the ceiling of his classroom 
of the Darwin High School, the Italian Civil Defence Department estimated the 
need for at least 13 billion Euros to put Italian schools in safe conditions. For the 
first time the amount of resources needed to address the long standing problem of 
unsafe schools conditions was assessed in Italy; it is a problem that, although 
"difficult to sustain" in the short term, should have represented a horizon within 
which to set the subsequent fiscal policies. 

To raise public awareness and to stimulate the institutions to start in Italy, at last, 
adequate prevention policies for ensuring schools safety, GLIS organized, in 
collaboration with other partners, a meeting on “Safe schools: right and duty of a 
civil society", which was held in Asti on February 16, 2013 (Martelli et al. 2013d). 
The objective of this meeting, held on purpose just before the 2013 general 
elections of the new Italian Parliament, was to stress, to its future new members, 
the extreme urgency to secure the existing school buildings (the history of which is 
often very long and poorly documented) and the need to erect the new ones by 
adopting the most effective available technologies (in particular, with regard to 
earthquake protection, by extending the use of SI as much as possible — see 
Figs. 14.29 and 14.30). In fact, although the Italian Parliament has turned with 
these goals for some years, starting with a commitment act proposed by the first 
author of this paper and approved by the 8th Commission of the Chamber of 
Deputies and the government in 2009, this act was not followed by any concrete 
measure (Martelli et al. 2013d). 

Due to the mentioned extremely large percentage of Italian schools that are 
unsafe, a problem is obviously how to find the necessary funds, especially in the 
present very critical national economic situation. To face this problem, in April 
2012, a bill had been submitted in the Italian Senate to give the opportunity to 
citizens to allocate 8 per thousand of their tax return to put school buildings in safe 
conditions (Martelli et al. 2013d). When it became clear, due to the anticipated end 
of the legislation, that this bill had no chance of being approved, it was turned into 
an amendment to the Stability Law, which, however, found a considerable resis- 
tance to its acceptance in the competent 5th Budget Commission of the Senate 
(Martelli et al. 2013d). Of no use was a resolution prepared with the collaboration of 
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the first author of this paper and proposed in the 5th Commission on Budget, 
Treasury and Planning of the Chamber of Deputies at the beginning of December 
2012, in support of the aforesaid proposals, although it had been signed by as many 
as 17 MPs from all parties (Martelli et al. 2013d). To help overcome these 
oppositions, GLIS and other partners wrote to both the representative of the 
government and the President of the 5th Commission of the Senate (Martelli 
et al. 2013d). Unfortunately, even these letters had no effect (no answer was 
received). 

However, GLIS and its partners did not give up and have continued to stimulate 
the institutions, starting from the Asti meeting, where they formulated a request and 
a commitment: the request was addressed to the candidates of all parties in the 
general elections, who were invited to sign a statement of commitment to undertake 
the actions needed to ensure the safety of Italian schools (no electoral programs 
incorporated such actions within their priorities). The commitment, of the organ- 
izers, was to regularly check the implementation of such actions and to make the 
results of these verifications known, through Internet and by organizing special 
meetings: as mentioned by Martelli (2013a) and Martelli et al. (2013c, d), the first 
of such meetings were later held in Lanciano, Teramo, on April 19, 2013 and in 
Bologna on June 13 (the latter, which was organized with the collaboration of 
Rotary and Lions Clubs and other partners, was entitled “Safe schools: right and 
duty of a civil society", as in Asti). 

During the aforesaid meetings it was stressed how, in spite of the shortage of 
economic resources, the active commitment of people of good will can result in a 
significant success. However, if the procedures are crippling, if the surveillance is 
uncoordinated and punitive rather than collaborative, if the main political and 
administrative choices on school safety were impromptu and irrational, even a 
great voluntary commitment of motivated and attentive people can produce only 
fragile results. In addition, it was complained that not always what appears from 
official documents and the certification of professionals and technicians corres- 
ponds to reality. Sometimes, modification and renovation works carried out on 
existing buildings are conducted in a superficial and irresponsible way. What is 
more serious is that there are people who are aware of poorly made and dangerous 
works, but do not denounce this. 

With regard to the problem of economic resources, it was agreed that the 
proposed use of the part of the 8 per thousand of the tax revenues allocated to the 
state can be only an emergency and temporary solution: a comprehensive plan of 
budget allocation, dedicated in a structured and consistent way, is needed. Problems 
like school safety cannot be solved thanks to emergency procedures, which did so 
much harm to Italy in recent times: the rules must always apply, even if they have to 
be simplified, and the principle of responsibility shall apply. 

As to the issue of information and the danger of generating alarm through it, 
participants in the Asti meeting claimed the right of the public opinion to be made 
aware of all, in time to pick and choose, rather than somebody still risks to die 
unexpectedly under a pile of rubble. The role of a full and transparent information, 
according to the Japanese experience, was reminded, together with the use that the 
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population can make of this information through appropriate aggregations to 
increase safety of schools. For example, a case reported was that of a school on 
which a sign was posted which declared that the building had not been erected 
according to anti-seismic norms: in this way, people can choose, deciding whether 
to drop out of school, or pressure the administration to force it to put the building in 
safe conditions. The filtered information under the pretext of the danger of creating 
alarmism allows opacity and arbitrary decisions, especially in a corrupt country, 
and is a betrayal of democracy, which must not only be a proxy. 

Risk evaluation and selection of priorities was a further issue that was discussed 
in all aforesaid meetings. There are not only the schools, not only earthquakes: there 
are also the hydro-geological events, floods and many other disasters. In case of 
limited overall economic resources, like those existing in Italy, a choice of priorities 
is a must. However, this choice has many reasons, including the sensitivity of the 
population to give consent to the choice itself. The frequent accidents and the fact 
that schools host our children are reasons to arouse such a sensitivity. Furthermore, 
as to earthquakes, the recent developments in the seismological field (such as the 
so-called “earthquake prediction experiments”, or, more precisely, “intermediate- 
term middle-range earthquake predictions”), if duly considered, can be very useful 
for defining the intervention priorities (Martelli et al. 2013a). Finally, we remind 
that repair of the damage caused by an earthquake costs from three to five times the 
funds needed for preventive measures aimed at ensuring the safety of structures 
(Martelli et al. 2013d). 

Luckily, it seems that now, at last, the issue of protecting the Italian schools, by 
devoting sufficient funds to this purpose, has been understood by some qualified 
representatives of the Italian institutions and political parties. We hope that ade- 
quate actions will be really urgently undertaken. 


14.3.2 Safety of Italian Hospitals and Cultural Heritage 


Contrary to schools, only a limited number of Italian hospitals has already been 
protected by SI. For schools, it was necessary to wait for the collapse of that 
mentioned above in San Giuliano di Puglia in 2002, before deciding to use the 
aforesaid technique. For a wide application of SI to the Italian hospitals too, shall 
we need to wait that a next earthquake destroys one of them and causes further 
victims? Have we learned nothing from the damages suffered by the hospital in 
Mormanno (Martelli 2014), knocked out by the modest Pollino event, on October 
26, 2012, of moment magnitude My = 5.2? If the earthquake had been (or will be) 
more violent (as is very possible in that area), what would have happened (or what 
will happen)? 

Moreover, as far as the protection of cultural heritage is concerned, we must 
unfortunately note that no Italian museums, even of new construction, have been so 
far protected by SI. There are only a few masterpieces that have been seismically 
isolated so far (Bronzes of Riace, etc. — see, for instance, Martelli 2009). However, 
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this will be insufficient to protect them from the collapse of the museum (or parts of 
it, e.g. the roof), if it is unable to withstand the possible earthquakes. Have we 
learned nothing from the collapse of several statues in the museum of L’ Aquila 
during the 2009 Abruzzo earthquake? 

Finally, is the collapse of so many valuable monumental buildings during quakes 
acceptable, as occurred during the aforesaid Abruzzo event? As mentioned in 
Sect. 14.2.5, new retrofit techniques using SI in a sub-foundation (namely appli- 
cable to monumental buildings, because they are compatible with the conservation 
requirements) have been developed in Italy (Clemente et al. 2011) and attempts to 
use them in Abruzzo, for the reconstruction (Salvatori 2013) or as prevention 
measures, are in progress (Fig. 14.25). However, let’s hope that will be really 
adopted. 


14.3.3 Safety of High Risk (HR) Chemical Plants 
and General Remarks on Seismic Prevention 


It is historically proven that a large part of the Italian territory is characterized by 
high or least significant seismic hazard (up to magnitude values of at least M = 7.0— 
7.5); in addition, some areas are also exposed to possible non-negligible tsunamis in 
case of earthquakes with epicentres in the sea (even in shallow water zones) or near 
it, on the coast. Nevertheless, in Italy, there are now more than 1,000 HR industrial 
installations subjected to the requirements of the so-called “Seveso II" decree, 
namely in which there are potentially dangerous substances in quantities that 
exceed certain thresholds. Many of these installations are also subjected to the 
so-called "Integrated Environmental Authorization" (AIA). Some of them are 
located in areas of high seismic hazard, such as, for instance, in Sicily, in those of 
Milazzo and Priolo-Gargallo (Fig. 14.28). It is worthwhile remembering that, in 
1693, the plain of Catania, which includes the Priolo-Gargallo site, was hit by one 
of the most devastating earthquakes occurred in Italy, probably more violent than 
that of Messina & Reggio Calabria of 1908 (M — 7.2), and that (as later in 1908) 
such an earthquake generated a violent tsunami. It shall also be remembered that 
Milazzo is located in the Messina Province and that Mount Marsili, a huge 
submerged volcano (the biggest in Europe, 70 km long, 30 km wide and 3,000 m 
high), rises in front of it, in the Tyrrhenian Sea, with a crater at 450 m from the 
water surface: according to some geologists, this volcano might explode at any 
time, with the possible collapse of a large part of its flanks, by causing a violent 
tsunami. 

In the Priolo-Gargallo and Milazzo sites, should the HR plants that are present 
there be inadequately protected from earthquakes, an event of M z 7.0 (which is 
quite possible) would trigger serious accidents, perhaps even worse than those 
occurred in Turkey due to the Kocaeli earthquake of August 17, 1999 
(Fig. 14.27), with serious consequences for the population and the environment, 
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besides the economic ones. Moreover, if the earthquake were followed by a 
significant tsunami, the proximity of such plants to the coast, in the absence of 
barriers with adequate strength and height (which is the present situation), would 
make these consequences even more dramatic. 

As reported by some scientific publications for several years and, more recently 
(after the 2011 Tohoku earthquake and tsunami), even by the press, in Italy, in spite 
of the availability of maps covering both the seismic hazard and that related to 
tsunamis for several years, there are still no organic nor adequate legal rules for 
chemical installations, even for the HR ones (contrary to what happens for civil 
constructions on the one hand and for nuclear installations on the other), regarding 
their seismic design, the measures to be taken to protect them (when necessary) 
from tsunamis and those to make the existing plants resistant to both earthquakes 
and tsunamis. About the inadequacy of the rules currently in use in Italy for the HR 
chemical plants, we note that such plants are now designed taking, as seismic loads, 
those defined by the national codes, which are based essentially on the character- 
istics of civil buildings, namely on a probabilistic approach (Probabilistic Seismic 
Hazard Assessment or PSHA). According to some well-known seismologists 
(in Italy, in particular, the team led by the GLIS and ASS/Si honorary member 
Prof. Giuliano Panza of the University of Trieste and the International Center of 
Theoretical Physics), these seismic loads can, therefore, be particularly inappropri- 
ate for constructions that are certainly much more complex (in terms of structures, 
systems and components) than the civil ones. The reasons for this are both that 
the seismic risk of the HR installations is significantly larger than that concerning 
the civil constructions and that the PSHA approach showed severe limits on the 
occasion of the most violent earthquakes recently occurred in the world (Martelli 
et al. 2013a, b, c): therefore, according to the aforesaid experts, the use of the PSHA 
approach should be combined with that of a deterministic one (e.g. the so called 
Neo-Deterministic Seismic Hazard Assessment or NDSHA), which, differently 
from the PSHA, is based on the physics of the phenomena involved and is proving 
to be more and more reliable and able to quickly adapt to the advancements of the 
seismological research (Martelli 2013c; Martelli et al. 2013a, b, c). 

Moreover, the information available about the level of protection from earth- 
quakes and tsunamis that characterizes the existing HR plants in Italy is still far 
from exhaustive, and indeed, as it has been reported by some publications for some 
time, there is a clear evidence of the high vulnerability (at least at the time of these 
publications) of HR plants and tanks that are located in areas characterized by high 
seismic and tsunami hazards in Italy (Martelli 2012, 2013c; Clemente and Martelli 
2013). 

As the first author of the paper denounced in 2012 (Martelli 2012), the warnings 
that he had already launched in 2011 and his suggestions remained fully ignored; 
similar subsequent warnings of ENEA, in particular at some important events 
devoted to the lessons of Tohoku earthquake, were also unsuccessful (Martelli 
2013c). Anyway, this had occurred even earlier, although GLIS and ENEA had 
tried to bring the problem of seismic safety of the HR chemical plants and 
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components to the attention of the institutions, media and public opinion (Martelli 
2012, 2013c). 

The above inattention ceased only because of the concerns on the high seismic 
risk of the Sicilian HR chemical plants that were stressed at the conference on 
“Lessons of the Tohoku earthquake”, held at the ENEA headquarters in Rome on 
July 1st, 2011 and, especially, as a consequence of a parliamentary question, based 
on a proposal of GLIS, that was submitted by the president of the 8th Commission 
of the Chamber of Deputies on September 8, 2011, with the above-mentioned 
contents (Alessandri 2011; Martelli 2012, 2013c). Thanks to this question and to 
a meeting held in Milazzo on December 2, 2011, at last, the subject began to attract 
a considerable interest of media and public opinion (Martelli 2012, 2013c). 
Unfortunately, however, not that of the national and regional institutions, even 
after the serious concerns expressed and communicated to Major Risks Commis- 
sion by the seismologists of University of Trieste and other well-known experts of 
the Russian Academy of Sciences in early January 2012, based on the results of 
their “earthquake prediction experiments", about the possible occurrence, in the 
intermediate term, of a violent earthquake in Southern Italy, in particular (according 
to the Russian experts) in an area including Southern Calabria and Eastern Sicily 
(however, in a large area, certainly not in a precise location — see Martelli 2012, 
2013c; Martelli et al. 2013b, c). Therefore, on January 31, 2012, the aforesaid 
parliamentary question was transformed into a resolution (Alessandri 2012; 
Martelli 2012, 2013c; Martelli et al. 2013b, c). In addition, the issue of seismic 
protection of HR chemical plants was part of those examined in the "Survey on the 
State of Seismic Safety in Italy" held at the Italian Chamber of Deputies in 2012 
(Benamati 2012; Martelli 2013c). 

Despite further scientific events and information on the seismic safety of the HR 
chemical plants held, in particular, in Sicily (at Augusta and Messina, in February 
and March 2012, respectively — see Martelli 2013c) and the proliferation of 
newspaper articles and radio and TV reportages (especially after the beginning of 
the seismic events in Emilia in May 2012 and the disclosure of the fact that, at the 
beginning of March 2012, the seismologists of the University of Trieste had 
expressed their concerns for Northern Italy too — see Martelli 2012, 2013c), the 
Italian institutions have continued to remain idle. In the meantime, very little has 
been done in terms of prevention, at least to limit the severe consequences that a 
violent earthquake (whether or not followed by a tsunami) could have if it hits the 
Sicilian areas of Milazzo or Priolo; instead, many sterile and damaging contro- 
versies were made. 

The aforesaid controversies, born following statements of the first author of this 
paper especially after the 2012 Emilia earthquake, misrepresented the positions he 
had expressed about the "earthquake prediction experiments" and about the con- 
cerns communicated by the aforementioned well known seismologists for Southern 
Italy too (Martelli 2013c). This unnecessarily and detrimentally exacerbated the 
climate, by also leading to panic situations and diverting the attention from the main 
goal: to urgently undertake a serious prevention policy, as regards both civil and 
industrial constructions, especially (but not only) in Southern Italy. The information 
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available to date tells us that earthquakes can be predicted with high statistical 
significance, but with great spatial and temporal uncertainties and with the possi- 
bility of false alarms (Panza et al. 2011; Martelli et al. 2013a). The information 
should, therefore, be used in an appropriate manner, to take urgent preventive 
actions that will be essential if a strong earthquake will actually occur, but that 
will be useful in case of false alarm too, i.e. if the strong earthquake will not occur 
(such actions concern, for example, the verification and, if needed, putting in safe 
conditions of facilities characterized by a particular risk, the preparation of the civil 
protection system, information to the public opinion, etc.). 

As a matter of fact, the ENEA experts limited themselves to apply their knowl- 
edge in the field of earthquake engineering in order to assess the risk concerning the 
HR chemical plants, which are characterized by a very high exposure and, as 
mentioned, a seismic vulnerability that is very often at least unknown. Obviously, 
to express this judgment, they could not neglect the concerns and the results of the 
cited “earthquake prediction experiments". In disclosing the results of such evalu- 
ations, covering Southern Italy, the only goal of ENEA was, as always, to encour- 
age the institutions to establish the necessary measures, within their competences, 
and to give, as far as possible, the necessary information to the public opinion. 

In the information and stimulus work that ENEA had carried out, very unheeded, 
for a long time (not for a few days, as can be easily checked), unfortunately, often 
happened that the statements of its experts were distorted, unfortunately not only by 
media: this, however, was a risk that had to be be taken, because silence would have 
been even worse. On the other hand, what ENEA and the authors of this paper 
actually said and are saying is certified, for example, by several TV and radio 
reportages transmitted since April 10, 2012 (i.e. well before the 2012 Emilia 
earthquake — see Clemente and Martelli 2013). 

The fear that earthquake has aroused in the public opinion in Southern Italy (first 
when there was one in progress in the north of the country, then when, on October 
26, 2012, the Pollino area was hit in Calabria, namely really in the south, by a 
M — 5.0 event, and more recently due to some events which are going on hitting 
both Southern and Central Italy) takes origin from the fact that, only now, having 
proof the problem, many are realizing how unsafe their homes, the schools where 
their children study and the places they go to can be, and that only now many are 
waking up to reality, becoming aware of the serious deficiencies that plague Italy in 
the field of the prevention of seismic risk. Creating panic shall be certainly avoided, 
but we must not also pass over the problem and we shall aim at transforming this 
fear into “claim for prevention": this is not an impossible goal, although, of course, 
the path is full of traps (Martelli 2013c). 

The safety of HR chemical plants was discussed in detail at the conference on 
«Seismic safety of chemical high risk plants», jointly organized by ENEA and 
GLIS, which was held with great success in Rome on February 7, 2013 (Clemente 
and Martelli 2013; Martelli 2013c). This conference brought together representa- 
tives of all the institutions involved in the topics discussed. Despite the difficult 
political moment, it was considered appropriate that the event should take place 
before the Italian general elections of 2013, because of the importance of the issues 
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Fig. 14.31 Left: one of the two LNG tanks of Egegaz in Aliaga (Turkey), which were seismically 
isolated using 112 LRBs and 241 LDRBs. At the centre: view of the isolators during construction. 
Right: an installed LRB 


Fig. 14.32 Left: one of the two seismically isolated LNG tanks in the Guandong Province 
(Southern China) during construction (each of them was isolated by means of 360 HDRBs). At 
the centre: some of the isolators after their installation. Right: a HDRB during acceptance tests 


dealt with in it and also to stimulate the subsequent (namely, the present) govern- 
ment to address these issues with the necessary urgency. 
At the 2013 Rome conference, it was agreed on the need and urgency to: 


* adequately address the problem of seismic safety and in the face of a possible 
tsunami of Italian HR chemical plants and components, especially of the petro- 
chemical installations of Priolo-Gargallo and Milazzo; 

* proceed with urgency to the development of specific regulations for earthquake- 
resistant and anti-tsunami designs of such plants and components and, where 
necessary, for the retrofit of the existing ones; 

* build, at least in areas of high seismic hazard, especially the LNG tanks, but also 
other types of HR chemical installations and components of new construction, 
by making an extensive use of AS systems, in particular (where possible) of SI; 

* accurately assess, in the areas of significant seismic and/or tsunami hazard, the 
vulnerability of these HR plants and components that are already existing; 

* retrofit such plants and components using, to protect them from earthquakes 
(where useful and possible), SI or ED systems (which, unfortunately, are very 
little applied in Italy in this field, contrary to other countries, as shown by 
Clemente and Martelli 2013; Martelli et al. 2013a, and Figs. 14.31 and 14.32); 
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* proceed to the identification of the situations of highest seismic or tsunami risk, 
for the existing HR chemical installations, so as to make the civil defence system 
capable of adequately addressing possible accidents caused by the collapse or 
damage of the plants or components present in such installations; 

* start in Italy too, at last, a correct program of participated information of the 
population and rise the perception of seismic risk in it. 


We are confident that the loud and at last unanimous message of the Italian 
scientific and technological community that came out of the Rome conference, has 
really allowed to overcome the harmful and useless controversies of 2012 
(Clemente and Martelli 2013; Martelli 2013c) and is now able to stimulate the 
present and future Italian governments to tackle the aforesaid serious problems with 
the indispensable urgency, with the contribution of all the competences necessary to 
that purpose. 


14.4 Costs of Seismic Isolation 


As mentioned, SI is a technology of great interest not only for public or strategic 
buildings, but also for the residential ones. Indeed, in addition to confer a level of 
seismic safety much higher than that obtainable with conventional foundations and 
to allow to avoid the costs (of repair, demolition, reconstruction, relocation, etc.) 
that, after a significant earthquake, should be faced for the structures with conven- 
tional foundations, the use of SI entails, for new buildings, a very limited additional 
construction cost in Italy. In countries as Italy, were the seismic code allows to 
somewhat decrease the seismic loads acting on the structures, if they are protected 
by SI (Sect. 14.5), the aforesaid cost decreases with increasing seismic hazard of the 
area where the building is located, number of its floors and extent of its structural 
asymmetries. 

Typically (as occurred, for example, for the 5 isolated building of the new San 
Samuele residential district in Cerignola, Foggia, which was certified as safe by the 
first author of this paper — see Martelli and Forni 2010), this additional construction 
cost vanishes in Italy for residential buildings of 5 floors, even if they are very 
regular, which are located in areas of medium seismicity (i.e. former Italian seismic 
zone 2). As a second example, for the new school of Marzabotto (opened to activity 
in 2010, again with safety certification of the first authors of this paper, see 
Fig. 14.29), even though it arose in an area considered to be of low seismicity 
(former Italian seismic zone 3) and despite its limited height and non-use of the 
underground floor where the isolators have been installed (which is considered as a 
"technical space"), the additional cost due to SI was of only 96,000 Euros, out of a 
total construction building cost of about five million Euros (Basu et al. 2014). 

Moreover, for interventions on the existing buildings, the use of SI could even 
cause a saving, as demonstrated, for example, by the case of a dwelling building of 
Fabriano, Ancona, damaged by the 1997—1998 Marche and Umbria earthquake, 
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which was also certified as safe by the first author of this paper in 2006 (Martelli and 
Forni 201 1a): in fact, it is not necessary to “undress” the structure, so as to be able to 
stiffen beams and nodes, or to insert shear walls (which is often quite complicated). 

Finally, if the intervention is carried out as a preventive measure (that is, before 
the building is damaged by an earthquake), it is often possible to keep the building 
in use (except, of course, for the storey at which the isolators have to be inserted 
and, to this end, pillars and/or load-bearing walls have to be cut and, if necessary, 
strengthened): this advantage is of particular importance for the retrofit of hospitals 
(Martelli 2014). 


14.5 Remarks on the Correct Use of Anti-seismic Systems 
and Devices 


The large effects of earthquake lessons and seismic design code features on the 
extent of the use of the AS systems in the various countries shall be stressed 
(Martelli 2010; Martelli and Forni 2010, 201 1a, b). In the codes of countries like 
Japan, the USA and Chile SI is considered as a safety measure additional to the 
conventional design; consequently, the use of SI obviously always introduces 
additional construction costs. Nevertheless, this technique is being widely adopted 
by the Japanese, due to their high level of perception of the seismic risk and because 
violent earthquakes are very frequent in their country (Martelli et al. 2011, 2012a). 

The aforesaid level of perception is much lower elsewhere: this is the reason 
why, to limit or even sometimes balance the additional construction costs entailed 
by the use of SI (and, thus, to promote a significant application of this technique), 
the seismic codes of other countries (Italy, P.R. China, Armenia, etc.) allow for 
some lowering of the seismic forces acting on the superstructure when SI is used 
(Clemente and Buffarini 2010). Thus, in these countries, a real safety will be 
ensured to the isolated structures if and only if great care is paid to: 


* the selection of the SI devices (taking into account the amplitude of vertical 
motion and low frequency vibrations), their qualification, production quality, 
installation, protection, maintenance and verification that their design features 
remain unchanged during the entire structure life; 

* some further construction details (structural gaps, their protections, interface 
elements — e.g. gas and other safety-related pipes, cables, stairs, lifts —, etc.). 


Otherwise, the isolators, instead of largely enhancing the seismic protection, will 
make the structure less earthquake resistant with respect to a conventionally 
founded one and, thus, will expose both human life and the entire SI technology 
to great risks. 

Last but not least, a common key requirement for the optimal performance of all 
kinds of AS systems and devices (but especially of the isolators) is the realistic and 
reliable definition of seismic input (Martelli 2010; Martelli and Forni 2010; 
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Martelli et al. 2011; Panza et al. 2011), which cannot rely only upon the over- 
simplified routine probabilistic methods, mainly when dealing with displacements 
definition (on which the design of isolated structures is based): thus, the ongoing 
rapid extension of the use of the AS systems and devices requires a considerable 
improvement of the PSHA approach, which is now in use in several countries 
(including Italy). Taking into account the mentioned unreliable results shown by 
PSHA for several violent earthquakes in the last decade (Martelli and Forni 20115b; 
Martelli and Forni 2011; Panza et al. 2011), such a change is very urgent now and 
can be achieved by complementing PSHA through the development and application 
of deterministic models, e.g. NDSHA. This particularly applies to the P.R. China, 
Italy, New Zealand and Japan, to ensure a safe reconstruction after the earthquakes 
of Wenchuan (2008), Abruzzo (2009), Canterbury and Christchurch (2010 and 
2011) and Tohoku (2011), because SI is widely used in the concerned areas. 

All said items were discussed in Italy by the 8th Commission on Environment, 
Territory and Public Works of the Italian Chamber of Deputies in 2010 and 2011, 
based on two proposals drafted by the first author of this paper, with the collabo- 
ration of other experts (Martelli et al. 2011, 20122). Following these discussion and 
audits of various experts (including those of the first, second, third and fifth authors 
of this paper), one of such resolutions (that most detailed), was approved, with 
minor changes, by the aforesaid commission and by the Italian Government on June 
8, 2011 (Martelli et al. 2011). The final document (Benamati et al. 2011), after some 
introductory remarks, contains recommendations for modifications of some parts of 
the existing Italian and European seismic codes that concern the AS systems and 
devices and the structures provided with them (experimental qualification of the 
new device types to be carried out on prototypes by subjecting them to at least 
bi-directional excitations, control of all construction phases to be performed by an 
expert in the field, recommendations and requirements to be provided by him in his 
final certificate concerning the structural safety of the structure, etc.), as well as the 
need for using the NDSHA together with the PSHA for the definition of seismic 
input (in particular for that of the design displacement, which is a key parameter for 
the design of isolated structures). These recommendations have been reported in 
detail by Martelli et al. (2011). Based on them and on the results of the “Survey on 
the State of Seismic Safety in Italy" (Benamati 2012), promoted with the collabo- 
ration of the first author of this paper and held at the 8th Commission on Environ- 
ment, Territory and Public Works of the Italian Chamber of Deputies in 2012 (with, 
as mentioned, audits of the authors of this paper and other GLIS and ASSISi 
members), a new law concerning modifications of the Italian seismic code was 
proposed during the last legislation and was recently proposed again (Martelli 
et al. 2013c). 
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14.6 Conclusive Remarks 


SI and the other AS systems have already been widely used in over 30 countries and 
their application is increasing more and more, for both new constructions and 
retrofits, for all kinds of structures and their materials. The features of the design 
rules used, as well as earthquake lessons, have plaid a key role for the success of the 
aforesaid technologies. Japan is the leading country for the number of applications 
of both SI and ED systems. For the overall number of applications, it is now 
followed by the P.R. China, the Russian Federation, the USA and Italy. Italy 
(where the contributions provided by ENEA and GLIS have been of fundamental 
importance) is the leading country at European level, with regard to both SI and ED 
of buildings, bridges and viaducts. In addition, it is a worldwide leading country for 
the use of AS systems and devices to protect cultural heritage (Martelli 2009; 
Martelli and Forni 2010). Its applications are being significantly extended after 
the 2009 Abruzzo earthquake. Italian passive AS devices have been installed in 
several other countries too. 

SI is now worldwide recognized as particularly beneficial for the protection of 
strategic constructions like civil defence centres and hospitals (by ensuring their 
full integrity and operability after the earthquake) and for schools and other highly 
populated public buildings (also because the large values of the isolated superstruc- 
ture vibration periods minimize panic). Some codes (e.g. those adopted in Italy, 
P.R. China, Armenia, etc.) allow for taking advantage of the reduction of seismic 
forces operated by SI: their use makes SI attractive for the dwelling buildings too, 
because the additional construction costs due to the use of this technique (if any) are 
frequently rather limited. 

In order to really strongly enhance the seismic protection of our communities, an 
extensive but correct application of the AS systems is necessary (Martelli and Forni 
2011b; Martelli et al. 2011, 2012a, 2013b, c). With regard to Italy, a wide-ranging 
use of such systems (where possible of SI) will certainly greatly contribute to 
enhance the seismic safety of structures, since there over 70 % of those existing 
are not able to withstand the earthquakes which may hit them and since this number 
includes many schools, other strategic or public buildings and important HR 
chemical plants. This is particularly necessary and urgent for schools, which 
(together with hospitals) are the buildings that should guarantee the highest safety 
level, and for the HR chemical plants, which are characterized by a very high 
exposure. To contribute to promote risk prevention policies, in particular for the 
seismic one and for schools, the National Coordination of Voluntary Associations 
for Seismic and Environmental | Prevention | (Coordinamento | Nazionale 
Associazioni di Volontariato per la Prevenzione Sismica e Ambientale — Co. 
Prev.) was founded at the Bologna meeting of June 13, 2013, which was organized 
by the first author of this paper (who is member of the Co.Prev. Technical 
Committee — see Martelli et al. 2013c, and Martelli 2014). 

To achieve the objective of widely extend the correct use of the AS systems, 
regulatory and legislative measures, such as those that were proposed in Italy by the 
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8th Commission on the Environment, Territory and Public Works of the Chamber 
of Deputies for the isolated structures in general and for protecting the high risk 
chemical plants in particular, may considerably contribute, especially in the coun- 
tries (like Italy) where the perception of seismic risk is not yet sufficient. In fact, the 
use of AS systems (in particular that of SI) will hopefully strongly increase not only 
for the protection of civil structures, but also for that of cultural heritage and high 
risk plants (Martelli and Forni 2010; Martelli et al. 2013b, c). For the application of 
the AS systems to monumental buildings, the problem is the compatibility with the 
conservation requirements (Martelli 2009). For that to the high risk plants, SI has a 
great potential not only for nuclear structures, but also for chemical components 
like LNG tanks, for which, to date, only a limited number of applications exists or 
has been planned (in South Korea, P.R. China, Turkey, France, Greece, Mexico, 
Chile and Peru): in fact, detailed studies have shown that SI is indispensable for 
such components in highly seismic areas (Dolce et al. 2006; Martelli et al. 2011, 
2013b, c; JSSI 2013). 

Thus, as recommended by a parliamentary question of the President of the 8th 
Commission of the Italian Chamber of Deputies in September 2011 (Alessandri 
2011), which was fully reported by Martelli and Forni (201 1a), and by a resolution 
which was proposed by the same member of the Italian Parliament at the end of 
January 2012 (Alessandri 2012), we hope that the use of SI will soon increase for 
high risk chemical installations in Italy. This applies, especially, to Sicily, in sites 
like those of Milazzo (not far from the area destroyed by the 1908 Messina & 
Reggio Calabria earthquake and tsunami, besides being in front of the submerged 
Marsili Volcano) and Priolo (located in the Catania Plane, which was razed by the 
1,693 event): in both sites hundreds of quite seismically vulnerable cylindrical and 
spherical tanks already exist (only 3 retrofitted using SI, to date, see Fig. 14.16) and, 
in the latter, the construction of a large re-gasification terminal with LNG tanks had 
been planned. 

Generally speaking, however, it shall be kept in mind that the use of SI in 
countries as Italy, where the designers are allowed by the code to decrease the 
seismic forces acting on the superstructure when adopting this technology, requires: 


* first of all, a reliable definition of the seismic input, namely by means of 
intensive use of NDSHA, as well, in addition to PSHA; 

* then a very careful selection, design, manufacturing, installation, protection and 
maintenance of the SI devices during the entire life of the isolated structure; 

* finally, particular attention to be also paid to some further construction aspects 
(in particular, to the design, realization, protection and maintenance of the 
structural gaps and the safety-related pipelines — e.g. the gas ones —, again during 
the entire life of the isolated structure). 


Otherwise, the seismic safety of these structures would be lower than that of the 
conventionally founded ones. 

In any case, the technologies to make buildings safe during earthquakes, in Italy 
and elsewhere, exist and it is foolish not to use them extensively. Certainly the goal 
is (at least theoretically) easier for new construction, while the difficulties to be 
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overcome in order to make the existing buildings safe are frequently huge, from an 
economic standpoint. However, this does not justify the continuing inertia of the 
institutions, in Italy and in other countries. 

In Italy it will take several decades to solve the problem of the high seismic risk 
of the existing buildings, but to do this we must start immediately, acting by priority 
and using the best available technologies as described above. If we want public 
opinion to acquire a correct perception of risks (in particular of the seismic one), the 
institutions shall set an example, by promoting, at last, proper prevention policies 
(Martelli et al. 2013b). 


Open Access This chapter is distributed under the terms of the Creative Commons Attribution 
Noncommercial License, which permits any noncommercial use, distribution, and reproduction in 
any medium, provided the original author(s) and source are credited. 
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Chapter 15 

Conservation Principles and Performance 
Based Strengthening of Heritage Buildings 
in Post-event Reconstruction 


Dina D’ Ayala 


Abstract Recommendations for repairing and strengthening historic buildings 
after an earthquake and before the next in modern times go back to the contribution 
to the ICOMOS General Assembly of 1987 by Sir Bernard Fielden “Between two 
Earthquakes” (Fielden 1987). In that circumstance two important points were 
made: the first is that failure and damage should be used to understand performance 
and behaviour, so as to avoid measures that do not work. The second is that the 
engineer work should be integrated into the architecture historical methodology. 
Almost 30 years later this contribution investigate to which extent these two 
recommendations have been fulfilled, whether there is a common understanding 
between the conservation and the seismic engineering community and whether 
lessons from past failures are informing new strengthening strategies. 


15.1 Introduction 


The global seismic response of historic masonry buildings is highly influenced by 
the integrity of the connections among vertical and horizontal structural elements, 
to ensure the so-called box behaviour. Such behaviour, providing the transfer of 
inertial and dynamic actions from elements working in flexure out-of-plane to 
elements working in in-plane shear, leads to a global response best suited to the 
strength capacity of the constitutive materials, and hence enhanced performance 
and lower damage levels. While, many properly designed buildings of the past 
demonstrated such behavior when exposed to seismic action and successfully 
survived ground shaking (D’Ayala 2011; Tavares et al. 2014), too often, due to 
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inherent defects, alterations or decay, such resilient features are not present or are 
not effective and lack of connections among orthogonal walls and walls and floors 
structures are clearly apparent. In churches with a Latin cross plan shape, delivering 
the box action, might result particularly difficult, due to the change in stiffness 
between the nave and the central crossing area and often the presence of trusting 
arches and domes over the central crossing pillars. The engineering community has 
historically remedied to such problems by developing strengthening devices, to be 
applied either as repair to damaged buildings or, often enough, as a retrofit and 
upgrading programme to improve the seismic performance of the existing building 
stock before the next damaging event. Such attitude towards strengthening and 
retrofitting is not confined to modern earthquake engineering, as retrofit 
programmes were promulgated around the turn of the twentieth century for instance 
in Turkey and Italy after major earthquakes in Istanbul (D’Ayala and Yeomans 
2004) and Messina (Barucci 1990). However from recurring observation of damage 
in earthquakes worldwide in the past three decades, and more recently from the 
Pisco, Peru’ 2007, L’Aquila, Italy, 2009, Maule, Chile 2010, Christchurch, 
New Zealand 2011, and even from the very recent 2013 Philippines event, the 
lack of a systematic critical approach to strengthening of historic buildings to 
prevent damage and casualties while preserving architectural value, clearly stands 
out. In general the use of materials and elements with strength and stiffness greater 
than the original materials is still prevalent and recommended in several guidelines. 
Design provisions for strengthening usually rely on capacity design approach, 
assuming that the retrofitted building should withstand an action proportional or 
equal the one decreed for new buildings of the same structural typology. 

Alternatives to increase in strength and stiffness are the concepts of base 
isolation and introduction of damping devices aimed at modifying the response of 
the structure, aiming at shifting its fundamental frequencies from the frequency 
content of the ground shaking and increasing its damping capacity. Examples of 
these solutions exist in history. In modern times they have been unfrequently used 
from the 1980s onward, in very high profile cases, but guidelines and recommen- 
dations for application to more ordinary cases do not currently exists. 

After introducing the context of structural conservation and its principles, the 
paper will review typical damage observed in the events listed above outlining the 
shortcoming of conventional strengthening approaches, strengthening interventions 
currently advocated by guidelines and implemented in post-earthquake retrofit 
programmes and proposals for alternative strategies. 


15.2 Structural Conservation Principles 


Seismic retrofitting intervention in heritage structures, while satisfying seismic 
code performance requirements, should also comply with recognized conservation 
principles, enshrined in international documents such as the Venice Charter of 1964 
(Venice Charter 1964) and, more specifically, in the ICOMOS/ISCARSAH 
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Recommendations for the Analysis and Restoration of Structures of Architectural 
Heritage, (ICOMOS/ISCARSAH 2003), and the Annex on Heritage Structures of 
ISO/FDIS 13822, (ISO/TC96/SC2 2010). These criteria however do not have the 
same legal enforcement framework of a seismic standard and hence should be seen 
as guidelines useful to strike a balance between the improvement of the seismic 
behavior and the retention of the existing fabric and architectural and cultural value. 
The ISCARSAH Principles besides reconfirming the more generic conservation 
principles of conserve as found, minimal intervention, compatibility, and revers- 
ibility of repair, introduce concepts specific to the structural and seismic perfor- 
mance of buildings and have direct consequences on seismic strengthening. These 
are the concepts of: 


* Structural authenticity, which should be preserved as much as the architectural 
authenticity, ensuring that the original mechanical and resisting principles 
governing the structural response are not altered and original structural elements 
are not made redundant. 

* Structural reliability, relates to the necessity of striking the correct balance 
between the public safety requirements and the preservation requirements. 
Conventionally it is accepted that buildings of high cultural significance may 
be intervened upon so as to ensure damage limitation as a performance target, in 
events where for ordinary buildings, life-safety is the performance requirement. 
However in many occasions the attainment of such target may cause a significant 
loss of artistic or cultural value, maybe greater than the ones bestowed by the 
earthquake damage, in probabilistic terms. Hence the extent of seismic 
upgrading should be verified by a cost-benefit analysis including the intangible 
value losses. According to ISO/FDIS 13822, the solution finally adopted should 
consist of “an intervention that balances the safety requirements with the 
protection of character-defining elements, ensuring the least harm to heritage 
values". This is also defined as “optimal or minimal intervention". 

* Strengthening compatibility, durability, reversibility, monitorability. These 
criteria influence more directly the technical choices and details of the interven- 
tions and impact upon: the suitability of *new" materials and structural elements 
in terms of their physical and mechanical performance when compared with 
original materials and structural elements; their performance in time; the possi- 
bility of removing partially or totally the intervention if monitoring proves that it 
is not suitable. Compatibility should be such that the new materials and elements 
not only do no harm to the original ones, but also they act as sacrificial elements 
in presence of external actions, i.e. they should act as fuses of the structural 
system. At the same time the new elements should be durable as to extend the 
expected life of the original structures as intended, but should also be 
non-intrusive, non-obtrusive and reversible. The concept of reversibility, or 
more realistically removability, is a very interesting one, as it acknowledges 
limitation in current practice and the possibility of finding better solutions in 
future. Removability is strictly correlated with the idea of monitorability, i.e. the 
possibility of observing and recording the performance of both the original 
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structure and the intervention, to ascertain its effectiveness or alert of any 
possible undesirable side-effect. 


These criteria, although having being actively debated and applied in the inter- 
national structural conservation community for at least the last 25 years, to my 
knowledge, they were eventually given recognized status, in 2003 with the approval 
of the ISCARSAH principle by the ICOMOS general assembly in Zimbabwe. It is 
hence worthy, a decade later, to verify on one hand how they have been incorpo- 
rated into national and European seismic codes and on the other whether they had 
any impact on current seismic strengthening practice. A useful point to start this 
investigation is to review the performance in recent past earthquake of buildings 
strengthened with conventional force enhancing systems. 


15.3 Damage of Heritage Buildings Strengthened 
with Conventional Capacity Enhancing Systems 


In the last two decades increasing attention has been paid worldwide to the 
performance of historic and heritage buildings during major seismic events and 
specific surveys included in reconnaissance missions and reports. It is recognized 
that such buildings represent on one hand valuable cultural and economic assets to 
their country and to humanity at large, on the other they are in some cases 
responsible for non-negligible death tolls and casualties, hence appropriate mitiga- 
tion measures need to be considered (see Blue Shield statements, after natural 
disaster, such as http://www.usicomos.org/international-icomos-news/blue-shield- 
statement-haiti-earthquake). 

Well known examples of the lethality of heritage buildings are the collapse of 
the vaults of San Francis of Assisi basilica in the 1997 Umbria Marche earthquake 
(Spence and D’ Ayala 1999), the collapse of several timber and mud vaulted roofs 
caused by the 2007 Pisco earthquake in Peru’(Cancino 2010), collapses of several 
adobe churches in the Colchagua Valley during the 2010, Maule Chile event in 
(D’Ayala and Benzoni 2012), partial collapses of several churches in the 
2009 L'Aquila, Italy and the dramatic collapse of the Bell tower and spire of 
Christchurch Cathedral, New Zealand, in 2011. (Dizhur et al. 2011.) Following a 
two year long legal battle, what remains of the cathedral is now listed for demoli- 
tion. A similar approach to damaged heritage was witnessed in Peru’ following the 
2007, Pisco earthquake and in Chile following the 2010, Maule earthquake. Indeed 
in Chile a generalized call for demolition of the architectural heritage damaged in 
the earthquake seemed to be the immediate reaction common to the people living in 
the small traditional communities as much as to the Governmental Authority of the 
Santiago Metropolitan Area. This approach is in contrast with the ICOMOS 
charters (Venice 1964; Cracow 2000) and with the attitude exhibited, for instance, 
by the communities of Bam (Fallahi 2008; Ghafory-Ashtiany and Hosseini 2008) or 
L’ Aquila (D’ Ayala and Paganoni 2011; Rossetto et al. 2014), which have seen their 
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Fig. 15.1 (a) Church in Lalol, Colchagua, Chile. Collapse of the lateral adobe wall, strengthened 
by shotcrete. (b) Church in Curepto, Maule, Chile. Collapse of the lateral adobe wall, strengthened 
by shotcrete 


historic centers evacuated while waiting for funds and strategies to repair and 
rebuild. Montez and Giesen (2010), observe that the lack of provisions in Chile 
for the retrofit of historic buildings creates two options: to leave the building 
untouched or to adapt the structure to the present code, introducing reinforced 
concrete or steel elements. In the visited sites in the Valle de Colchagua, where 
historic structures experienced damages during previous earthquakes, recurring 
typologies of repairs and strengthening were observed. These consisted in preva- 
lence of shotcreting of longitudinal adobe walls, although this was not always 
implemented in conjunction with wire mesh and through thickness ties. The 
shotcreting often accelerated deterioration of the original adobe wall. In general 
shotcreting has not been sufficient to prevent cracking and partial or total collapse 
of the adobe walls as evidenced by the collapses in the church in Lalol and in the 
church in Curepto (Fig. 15.1a, b). Current research on geo-synthetic mesh is aimed 
at providing a more effective alternative than wire-mesh for confinement of adobe 
walls (Torrealva et al. 2008), however interventions using geo-synthetic mesh on 
heritage buildings have yet to be reported in literature. 

The general lateral stability of churches is a main issue, due to substantial 
difference in lateral flexibility of internal timber colonnades and external longitu- 
dinal adobe walls. This behavior is also common to churches of similar typology in 
Perü that were affected by the 2007, Pisco earthquake. Blondet et al. (2008) 
summarized the following recurring damage observed in single naves churches: 


* Horizontal cracks on the lateral walls at about 1/3 of their total height. These 
cracks can even break through the earthen pilasters, causing the walls to 
collapse. 

* Diagonal cracks on some of the lateral walls. 

* Detachment of the choir and the altar's wall (parallel to the facade) from the 
church's lateral walls and cylindrical vault ceiling. 

* Appearance of vertical cracks and fissures on the church towers and detachment 
of the towers from the rest of the church. 

* Humidity related damage. 
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Fig. 15.2 (a) Ica cathedral, (Peru’) collapse of the timber barrel vaults. (b) Collapse of the 
brickwork facade of the Church San Francisco of Curico', revealing the timber structure 
supporting the roof. Maule, Chile 


The first two points highlight the out-of-plane rocking and in plane shear, 
respectively, of the lateral walls. All other observations describe failures of con- 
nections among macro-elements and resulting partial or total collapse. In churches 
with lateral aisles created by pillar-and-arch timber frames, the author observed 
failures due to excessive displacement of the internal pillars and collapse of the 
supported vaulted roof (Fig. 15.2a). 

The lateral stability could be enhanced by bracing roof structures and by 
providing better transverse connections between the columns and walls. On the 
visited sites it was noted that many of the columns did not have foundations or 
plinths, but were simply sitting on the ground. Possible improvements in behavior 
could be achieved by the addition of a foundation system and the connection of the 
longitudinal and transverse roof structure to both the columns and the adobe walls. 
Use of timber wall-plates anchored to the walls by means of timber pegs should 
help redistribute the load of the roof structures, avoiding concentration of stresses 
and hence unfavorable localization of vertical cracks. Loss of the fagade by 
overturning was not usually an issue, neither in Peru' or Chile, except for one 
surveyed case in Curico' (Fig. 15.2b). This show of resilience can be attributed to 
the relatively low horizontal and vertical slenderness ratio of the main facade the 
presence of two flanking bell towers, and in general the absence of very steep 
gables. 

An extensive review of damages to churches following the earthquake in 
L'Aquila was conducted by Lagomarsino (2012) with the aim of correlating some 
constructive and strengthening features with corresponding collapse mechanisms. 
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Fig. 15.3 (a) Cathedral of L'Aquila, Italy; (b) The basilica of Collemaggio in L'Aquila, Italy 


This study highlights the generally positive performance of wooden ties and ring 
beams found in heritage buildings which survived or where repaired in the after- 
math of the 1709 devastating earthquake, and identifies the facade overturning and 
the gable overturning among the most common observed mechanisms, triggered by 
a general lack of connections of these macroelements to the longitudinal walls and 
the roof structure, but rarely resulting per-se in collapse. Indeed many detached 
facades were visible in the earthquake aftermath. The most recurring observation 
made in L'Aquila by several researchers (D' Ayala and Paganoni 2014; Augenti and 
Parisi 2010), refers to the pervasive substitution of historic timber roof trusses with 
twentieth century concrete trusses and slabs. Many of the observed collapses are 
directly connected with this change in stiffness and mass of the roof and are usually 
affecting the area of the transept and main crossing of the church. The most 
notorious examples are the Collemaggio basilica and the Cathedral of 
St. Massimo and Giorgio (Figure 15.3a and 15.3b). In both cases ring beams had 
been added at the top of the walls and the arches over the central crossing. However 
several other churches in L'Aquila had similar interventions, such as the church of 
St. Marco or the church of Santa Maria Paganica (Fig. 15.4), and although the roof 
was made with slightly less heavier solutions, the outcome was still the loss of the 
cover of the central crossing and of the nave. The church of Santa Giusta 
(Fig. 15.5), where the ring beam had been made by reinforced masonry rather 
than concrete performed marginally better with localized damaged but without 
major collapse. 

An extensive survey of damaged churches was also conducted in the aftermath 
of Christchurch earthquake swarm of 2010—2011, by the Masonry Recovery Project 
(Dizhur et al. 2011). While the majority of the churches surveyed in L'Aquila were 
first built in the mediaeval period with poorly cut masonry stones and relatively 
poor lime mortar, then altered in the eighteenth century with baroque additions, the 
religious heritage in Christchurch mostly dates from the nineteenth Century and 
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Fig. 15.5 Partial collapse and evidence of a reinforced masonry ring beam in the Church of Santa 
Giusta in L'Aquila 


beginning of the twentieth. However, as just less than 50 % of the churches 
surveyed were built in either stone or clay brick masonry a comparison between 
the observed damage and any strengthening that was implemented at the time of the 
earthquake for the two sites might be of some interest. Statistics of damage reveal 
that for both typologies, brick and stone masonry, approximately 80 % of the 
buildings surveyed were either structurally damaged or presented partial collapses. 
This corresponds to either yellow or red tagging and according to New Zealand 
rule, implies demolition, if the structure is deemed unsafe. The two recurring 
mechanisms observed were partial overturning of the main facade and in-plane 
failure of the longitudinal walls. Although various strengthening techniques are 
mentioned by Dizhur et al. (2011) including shotcreting, steel strong-backs and 
steel moment frames, besides the use of adhesive anchors, it is not stated whether 
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and to which extent any of these systems were used in heritage buildings. Following 
the New Zealand 1991 Building Act (New Zealand Parliament 1991), all 
unreinforced masonry buildings deemed earthquake prone (EPB) with an ultimate 
lateral capacity less that 1/3 of new built demand at the same site, should have been 
retrofitted to raise their ultimate capacity to 50 % of new built demand. NZSEE 
advocated this to be raised to 67 % of the ultimate demand for new design and this 
change was included in the 2004 Building Act (New Zealand Parliament 2004). 
Heritage buildings listed as EPB should be either strengthened or demolished, 
within a timeframe varying from 5 to 25 years, depending on enforcement pro- 
visions of the single territorial authority in relation to the perceived risk (McClean 
2009). 

According to Turner et al. (2012), a large proportion of retrofitted masonry 
buildings surveyed in the Commercial Business District of Christchurch, post 
February 2011 event, only had restrained gables and wall anchorage to floors and 
roofs, with a few cases of roof diaphragm improvements, while a minority also had 
installed additional vertical elements to the original lateral force resisting system. 
These would include concrete and steel moment frames, reinforced concrete and 
masonry walls, steel diagonal braces, and strongbacks. Horizontal retrofit elements 
included addition of plywood sheeting to roofs and floors as well as horizontal steel 
trusses to improve diaphragm action. In many cases was noted that irregularly 
spaced, insufficiently sized and too far apart anchorage proved ineffective in 
avoiding the separation of walls from floor structures or external wythes from 
internal ones, whilst regular layouts prevented out-of-plane failures. Weak mortar 
was also a cause of premature bond failure in the mortar joints, preventing stress 
transfer from the anchor to the masonry fabric (Wilkinson et al. 2013). In several 
cases buildings retrofitted with additional steel or concrete frame did not performed 
well with partial or total collapse of the masonry walls (Wilkinson et al. 2013; 
Turner et al. 2012). From a conservation point of view, this type of intervention is 
considered totally against the principle of authenticity and reliability stated in 
Sect. 15.2, but also against several of the strengthening criteria. In the aftermath 
of the Christchurch earthquake, the issue of how heritage buildings should be dealt 
with was brought to front by a Governmental public consultation exercise closed in 
March 2013, the Building Seismic Performance Consultation document, Proposals 
to improve the New Zealand earthquake-prone building system (Ministry of Busi- 
ness, Innovation and Employment (MBIE) 2012). Five questions were specifically 
aimed at heritage buildings, including, what factors should be considered when 
balancing heritage values with safety concerns, what are the deterrents for heritage 
building owners to proceed to strengthen their buildings, what are the cost and 
benefits of setting a consistent set of rules across the country for heritage building 
strengthening, what guidance will be needed by owners and communities to 
strengthen heritage buildings. SESOC (NZ Structural Engineering Society 2013) 
provided a very comprehensive answer to these questions in terms of expected 
performance target, specifically noting that “Heritage buildings in private owner- 
ship are potentially under threat due to the high cost of compliance.” (SESOC 2013) 
On one hand if the standard is only concerned with life safety compliance “may 
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result in buildings that are unlikely to be practically repairable after the event.” 
(SESOC 2013) On the other hand, a higher level of protection can only come at 
extra cost to the owner, as the current system does not make provision for public 
subsidies. “SESOC supports the Historic Places Trust recommendation for the 
development of a National Risk Map for New Zealand’s heritage. This may form 
the basis of a prioritization of heritage buildings requiring additional protection; 
and could also inform an approach to public funding (or partfunding)" (SESOC 
2013). Answers to the first of the five questions are particularly relevant to this 
paper. SESOC viewpoint is that buildings should not be assessed in terms of 
percentage of capacity of new build demand, but instead specific vulnerabilities 
should be identified and amended. The major drawback of the current assessment 
approach is seen as the lack of an assessment of actual ductility reserves. A major 
issue felt is whether there is consistency on the application of ICOMOS principles, 
for instance in relation of clearly visible, external to the original fabric retrofit 
elements, which are less costly to implement and more likely to be effective. Finally 
it is not clear whether the driver for decision making should be the public safety 
concern or the preservation of the heritage value. 


15.4 Strengthening Strategies Included in Standards 
and Guidelines 


It was seen in the previous section that the re-instatement of continuity of load paths 
and the delivery of a robust global behavior are paramount for the seismic upgrade 
of historic buildings. A wide range of techniques and products are described in the 
scientific literature and used in current practice to ensure the enhancement of 
damaged or underperforming connections. However, as observed in the introduc- 
tory section, in respect to engineered structures, heritage buildings require far more 
attention, especially when dealing with issues such as the compatibility between the 
chemical and mechanical properties of the strengthening system and the parent 
material. Many strengthening techniques, after an initial success and a strong 
commercial promotion, have proved to be unable to perform at the required level 
and showed unexpected drawbacks when undergoing dynamic loading outside the 
controlled conditions of the laboratory environment (see for instance the extensive 
programme of onsite testing of adhesive anchors connections conducted within a 
joint project of University of Auckland and University of Minnesota, Dizhur 
et al. 2011). On the other hand, strengthening systems can provide highly flexible 
applications and meet the expected requirements in terms of performance; indeed, 
some of these systems draw on traditional reinforcement techniques, with the 
addition of innovative materials and a deeper insight in the laws governing the 
dynamics of structures. In the following we briefly review the provisions included 
in the standards and Codes of practice of the countries considered, before looking at 
some implementation on heritage buildings observed in L'Aquila. 
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15.4.1 Peruvian Code 


"Strengthening of structures" is ruled in the National Building Code, E.030, 
Section 8, in its 2014 version proposed for public approval (Comité Técnico 
Permanente Norma E.030 Diseño Sismorresistente NTE E.030 2014).! The provi- 
sion are easily summarised: structures damaged by earthquakes should be evaluated 
and repaired so that the possible structural defects that cause the failure can be 
amended and they can recover their resisting capacity toward a new seismic event, 
according to the Earthquake —Resistant Design Philosophy of the Code. Structures 
affected by an event, should be evaluated by a civil engineer, to determine whether 
reinforcement, repair or demolition is required. This study must consider the 
geotechnical characteristics of the site. The repairing process should be able to 
give the structure an adequate combination of stiffness, resistance and ductility and 
should guarantee its good behaviour for future events. 

The repairing or reinforcement project will include the details, procedures and 
constructive systems to be followed. No further details are provided in this version 
of the code and the document itself does not include unreinforced masonry or adobe 
structures. Current work undertaken by the author's research group in collaboration 
with Getty and PUCP aims at providing guidelines for assessment and strengthen- 
ing of four common types of Peruvian heritage buildings (Ferreira et al 2014). 


15.4.2 European and Italian Codes 


Eurocode 8, Section 6.1 Retrofit Design Procedure for existing building (EN 1998— 
3:2005), states that the design process of strengthening elements should cover: 


1. Selection of techniques and/or materials, as well as of type and layout of 
intervention; 

2. Preliminary sizing of additional structural parts; 

. Preliminary calculation of stiffness of strengthened elements; 

4. Analysis of strengthened structure by linear or non-linear analysis. The typology 
of analysis is chosen depending on the level of knowledge regarding the geom- 
etry detailing and materials of the structure; 

5. Safety verifications for existing, modified and new structural elements carried 
out by checking that the demand at three different limit states — Damage 
Limitation, Significant Damage and Near Collapse — is lower than the structural 
capacity. 


W 


The safety checks should be carried out using mean values of mechanical 
properties of existing materials obtained from either in-situ tests or other available 
documentation, taking into account the confidence factors (CFs) specified in 


! Consulted in Spanish version. 
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Eurocode 8 Section 3.5 (EN 1998—3:2005). Conversely, for new materials, nominal 
properties shall be used without modification by confidence factor. The code also 
states that in case the structural system, comprising both existing and new structural 
elements, can be made to fulfill the requirements of EN1998-1:2004, the checks 
may be carried out in accordance with the provisions therein (EN 1998-1, 2004). 
This last sentence indicates that for systems such as reinforced concrete ring beams 
or corner confinement, reference can be made to the specifications for RC members 
in the relevant sections of EC8 and other Eurocodes for new design. However, this 
leaves open the problem of quantifying the interaction between original and 
additional structural elements and the assessment of the global seismic performance 
of the strengthened structure will still be affected by a large number of 
uncertainties. 

Other strengthening systems hardly feature in codes. This could be due to the 
fact that the sizing of the element itself, for instance a steel cross-tie with end plate, 
is fairly straightforward and established in the current technical know-how; fur- 
thermore, formulas can be drawn from those of other structural members, e.g. axial 
capacity of steel element. Still, designers are left to their own devices when 
assessing the interaction between old and new, the hierarchy of failure mechanism 
that the connection should comply with, the value of bond or slip that should 
correspond to a specific performance target. 

In other cases the lack of standardization is caused by the recent development of 
techniques as well as the high level of expertise and financial resources required for 
their implementation. Innovative technologies haven't been extensively applied 
and validated in real-life situations yet and the retrofit of a complex, precious 
building by means of unconventional systems is a difficult task that goes beyond 
the standard conservation practice. In fact, looking at the current scientific litera- 
ture, it is clear that many projects of restoration and upgrade of monumental 
buildings are carried out by organizations within the framework of specific research 
projects, or by large enterprises that specialize in the production and design of 
advanced strengthening devices. On the other hand, it could be argued that it is this 
lack of appropriate standards and procedures which leads to incorrect application of 
novel strengthening systems and lack of awareness of innovative more suitable 
techniques. 

In some occasions, following major destructive events, ready to the market 
technology finds a sudden growth in popularity and implementation which 
pre-date the standardisation phase. 

It is worth noting however, that some systems, in spite of their relatively recent 
development, have already been included in specific technical guidance documents, 
as in the case of Fibre Reinforced Polymers, whose use in retrofit of substandard 
structures is addressed in the CNR-DT 200 R1/13, Italian National Research 
Council (CNR), (CNR-DT 200 R1/13, 2013)? This recently re-issued Italian 


2 This version of the Guidance document is in Italian. A previous version CNR-DT 200 /2004 is 
translated in English. 
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guidelines (Italian National Research Council [CNR]) for use of FRP for the 
“Design, installation and control of strengthening intervention with Fibre 
Reinforced composites”, provides advice for use of such techniques to either 
strengthen or reconstruct some elements, or to connect the various structural 
elements to improve the behaviour of the whole structure. The document covers 
all structural materials, including masonry. The objectives that any strengthening 
intervention on a masonry structure should have are listed as follows: 


* The masonry structural substratum should be adequately consolidated to with- 
stand the design actions or replaced 

e Orthogonal walls should be appropriately connected 

* [nadequate connections between the walls and the horizontal and roof structures 
should be improved 

* Thrust from roofs, arches and vaults should be adequately contained 

* Floors should be sufficiently stiff in their plane to redistribute the horizontal 
action while at the same time act as constraint for out-of-plane motion of walls. 


It is not openly stated whether strengthening with FRP is suitable to meet these 
performance criteria or whether these are prerequisites to the use of FRP in masonry 
structures, however some disclaimers are included: 


* [nterventions with FRP cannot as a rule improve or amend situations 
characterised by strong irregularities in terms of strength and stiffness, even 
though, if applied to a reduced number of elements, they can provide a more 
even distribution of strength 

* [nterventions with FRP aimed at improving local ductility such as columns or 
pillars confinements are always appropriate, although 

* Local intervention with FRP should not reduce the overall ductility of the 
structure. 


Besides this very specific document, the most updated relevant legislation for 
interventions on heritage buildings is represented by the guidance document “Linee 
Guida per la valutazione e riduzione del rischio sismico del patrimonio culturale — 
allineamento alle nuove Norme tecniche per le costruzioni", become ministerial 
decree as Circolare 26/2010 (Circolare 26/2010) (see also NTC, 2008). This 
document incorporates all aspects of the ISCARSAH guidelines mentioned in 
Sect. 15.2, while at the same time conforming to the performance based approach 
of the latest version of the technical standards for implementation of the Eurocode 
at national level. The specific recommendations of the Linee Guida are further 
described in the next section. 


15.4.3 New Zealand Provisions 


The New Zealand provisions for strengthening and retrofit are summarised in the 
NZSEE document "Assessment and Improvement of the Structural Performance of 
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Buildings in Earthquakes” (NZSEE 2006, revised version 2012). The document 
focuses on the assessment of all type of structures including unreinforced masonry 
buildings, but it does not distinguish for buildings of historical or cultural value. 
Moreover Derakhshan et al. (2009) have proven that some of the criteria used in 
NZSEE 2006 are over-conservative when considering the out-of-plane response of 
masonry walls and have proposed an alternative displacement based procedure. The 
strengthening strategies are confined to Sect. 13.6 and subdivided by the strength- 
ening effect in in-plane strengthening, face load strengthening, combined face load/ 
in-plane strengthening, diaphragm strengthening and chimneys towers and 
appendages. 

Shotcrete is recommended for in-plane as well as out-of plane performance 
enhancement, as well as FRP wrapping. To prevent out-of plane failure anchoring 
to floors and walls is recommended, as well as buttressing and addition of columns, 
while the in-plane performance can be enhanced by introduction of concrete frames 
and v-braced frame. There is no value judgement or guidance for which interven- 
tion is most suitable to specific conditions or to which extent any of the suggested 
interventions contributes typically to the lateral capacity demands enhancement. 
Moreover no advice is given of how to choose among different strengthening 
options from each set that together would deliver the best integrated and overall 
performance. A commentary provides for each technique further details that should 
ensure good quality implementation and effectiveness. 


15.5 Evidence from the Field: Strengthening in L'Aquila 


In conjunction with a return mission to L’ Aquila organized by EEFIT in November 
2012, (Rossetto et al. 2014), the author had the opportunity to inspect a small 
number of building sites where conservation and repair projects were underway. 
These visits provide some insight on how retrofitting strengthening projects are 
implemented. The masonry fabric typologies most frequently observed in the 
district of L’ Aquila for heritage buildings are rubble stone, roughly squared stone 
blocks mixed with bricks, sometimes in regular courses, brick masonry, and dressed 
stone blocks. Walls in a few cases appear to be massive, but most commonly are 
formed by the so called “muratura a sacco”, namely two wythes of dressed stones 
poorly connected, sometimes with a rubble infill. Mortar is mainly lime mortar. 
Large squared stone blocks are used for quoins. A typical intervention that was 
observed to be extensively used at the few sites which were undergoing restoration 
at the time of the EEFIT mission and that could be visited is fluid mortar injection 
grouting of all bearing walls (Fig. 15.6). The aim of such an intervention is to 
improve the coherence and cohesion of existing walls by injecting them with fluid 
grout through a series of drilled holes regularly spaced on a 500 mm grid and 
proceeding from the bottom to the top, after having sealed and repointed the mortar 
joints. Although for material compatibility only lime-based grouts should be used, 
often epoxy additives or cement are included in the mix for faster setting. While 
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Fig. 15.6 Wall prepared 
for grout injection 


such additives might improve the short term strength and cohesion of the masonry, 
they can create serious long term problems in terms of decay of the original 
materials due to different hygro-thermal behaviour and salt content release. One 
of the major issue is that such interventions are not directly monitorable. One way 
of verifying their effectiveness is to conduct flat jack tests of the masonry wall, 
before and after strengthening, although this is partially destructive. 

Strengthening of floor to improve diaphragm action is recommended by the 
Linee Guida (Circolare n. 26/2010). This can be achieved by either nailing 
superimposed sets of floorboards at right angles or by adding a lightweight 
reinforced lime-based concrete screed above the existing set of floorboards. The 
reinforcement should be anchored in the perimeter masonry walls. Extensive tests 
campaign have been carried out at several institution in Italy in past years to devise 
the best technical details and performance improvement that can be obtained with 
such interventions (Riggio et al. 2012). The joists and beams forming the floor 
structures should also be anchored to the walls by means of ties. A similar approach 
should be followed also for roof structures (Giuriani and Marini 2008). This type of 
intervention was traditionally extensively applied in the past and it can be observed 
that in cases where the ties have been well maintained and are regularly distributed 
on the wall, the damage is usually no greater than airline cracks. 

A common structural element of many buildings in L'Aquila is the brick vault. 
Brick vaults are present in lower floors of residential buildings as a load bearing 
structure with a typically shallow cross-shaped arch profile, as a non-loadbearing 
false ceiling in upper floors (built in folio) and in most religious buildings as support 
to the roof structure. Post-earthquake surveys have revealed partial collapse and 
extensive damage of these structures. The Linee Guida (Circolare n. 26/2010) 
recommend either the use of traditional steel ties or specifically built spandrels at 
the extrados (Ferrario et al. 2009) while strengthening intervention with extradossal 
reinforcement made of FRP strips (see Fig. 15.7) are tolerated with numerous 
provisos. While a body of research exists on the strength gain benefit of such 
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Fig. 15.8 Two examples of traditional reinforcement: (a) timber tie, (b) wrought iron cross tie 
inserted in a quoin 


interventions, most of the experimental research conducted to date focus on static 
concentrated loading conditions, or support movement, rather than dynamic per- 
formance (Modena et al. 2009). Durability and breathability are the major concerns. 

The Linee Guida (Circolare n. 26/2010) recommends the use of ties and anchors 
to connect vaults and timber floors to walls, and walls to walls. A thorough review 
of traditional and modern solutions, their effectiveness, shortcomings and possible 
improvement by use of dissipative devices is included in D'Ayala and Paganoni 
(2014) and some surveyed examples are illustrated in Fig. 15.8. In the few sites 
undergoing repair or strengthening at the time of the return mission, there was no 
evidence of such strengthening devices being implemented. 
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Fig. 15.9 Extensive use of reinforced coring with grouted injection with epoxy resins on the end 
wall of a 5 storey residential palace in the historic centre of L'Aquila 


In one of the few on-going projects seen during the return mission, it was noticed 
that transversal reinforcement was applied to masonry walls by use of FRP bars, 
drilled through the thickness and then anchored by opening the threads as a star 
(Fig. 15.9). In the Guidelines issued in 2010 (Circolare n. 26/2010) it is stated that 
"the use of reinforced cores should be limited to cases where there is no other 
alternative due to the extreme alterations and disturbance produced vis a vis [its] 
doubtful effectiveness, especially in the presence of walls with several wythes not 
well connected. In any case the durability of the strengthening element, whether of 
stainless steel, composite plastic materials or other material, should be ensured and 
the grouts used should be compatible with the original materials". Moreover it is 
advised that this type of intervention only has at best a local effect (Circolare n. 26/ 
2010). 


15.6 Dissipating Energy as an Alternative to Strengthening 


The drawbacks of strength-based systems were clearly brought to the fore by the 
seismic events reviewed in Sect. 15.3. Low compatibility in terms of mass and 
stiffness of concrete ring beams, often inadequately connected to the existing 
masonry, concurred to cause tragic collapses, as in the case of the Collemaggio 
basilica in L'Aquila (Gattulli et al. 2013). Numerous are the failures observed when 
traditional timber roof and floor structures are substituted with concrete ring beams 
and slabs in an attempt to deliver diaphragm action. The sudden change in stiffness 
and the difference in shear capacity of the two systems is simply too substantial to 
be accommodated by the interface. Shotcreting has also proven inadequate when 
coupled to both adobe and stone masonry due to poor bond to the parent material 
that can be achieved and maintained as the masonry decays for lack of proper 
aeration. The New Zealand approach of inserting new lateral resisting system, such 
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as steel or concrete frame, while not always effective, is certainly, if not extremely 
sensitively designed, in breach of most of the ICOMOS/ISCARSAH acceptance 
criteria. 

On the other hand, cross-ties, which have been and still are commonly applied in 
rehabilitation practice not just in Europe (Tomaževič 1999), but also in Latin 
America (D'Ayala and Benzoni 2012) and new Zealand (University of Auckland 
2011), are able to restore the box-like behaviour, without a substantial increase of 
mass, if they are regularly distributed and properly sized. Indeed, traditional cross 
ties can provide connection at the joints of perpendicular sets of walls, where poor 
quality, previous damage, or general wear and tear facilitate crack onset and 
otherwise out-of-plane failure. Nonetheless, localised damage at the head of the 
anchorage similar to punching shear is a possible drawback, which might become a 
major problem when damage limitation and protection of valuable finishes should 
be pursued or might eventually lead to the wall overturning failure (Wilkinson 
et al. 2013). 

The concept of reducing demand by dissipating energy in a controlled way is not 
novel, nor recent. With specific references to applications of the concept to masonry 
structures and heritage buildings in particular, Benedetti (2004, 2007) developed a 
series of energy absorbing devices drawing on the observation that the more energy 
is absorbed through damage by non-critical elements of the structure the less likely 
is that global failure occurs. Key feature of the devices were activation for small 
relative displacement (1 mm) and long displacement range (up to 10 mm), i.e. low 
level of damage, ability to accommodate both in plane and out of plane movements, 
low magnitude of forces at the interface with the parent material (0.3-0.5 KN). The 
devices were set in series with traditional steel ties connecting parallel walls. 
Martelli (Martelli 2008) also highlights a relatively conspicuous number of high- 
profile cultural buildings in Italy that have been strengthened, either post or prior a 
damaging event, using one or more energy based devices such as shock transmitter 
units (STUs) and shape memory alloy devices (SMADs) in the period 1997—2008 
by using technologies developed within European Frameworks Programmes. It is 
stated that STUs were inserted as a dynamic constraint between a new stiffening 
truss and the original walls at a height of 8 m along the longitudinal walls of San 
Francis Upper Basilica in Assisi. The displacement range in the STUs is + 20 mm 
with maximum forces of 220—300 KN. Among these early interventions listed by 
Martelli (2008) stands out the Santa Maria di Collemaggio Cathedral at L'Aquila, 
which was retrofitted by installing Elasto-Plastic Dampers (EPDs), within a system 
of diagonal cable braces in the bottom plane of the roof trusses. The aim of the 
intervention was to limit transmission of large forces from the nave walls to the 
facade and the transept due to the truss structure inserted at the roof level to ensure 
coupling in the vibration of the longitudinal walls. The appropriateness of this 
intervention, among the few being tested by a real event, was reassessed after the 
collapse of the central crossing (Gattulli et al. 2013). A rocking-damper system, 
called DIS-CAM (DISsipative Active Confinement of Masonry) was developed and 
installed within the framework of the project of restoration of the drum of the dome 
of S. Nicolo church in Catania, although the collapse in this case was due to long 
term decay (Di Croce et al. 2010). 
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Fig. 15.10 Dissipative devices prototypes: (a) hysteresis based; (b) friction based 


Drawing on the principles of performance based design, allowing and control- 
ling modest drift and limiting damage by providing sacrificial elements able to 
dissipate energy, Paganoni and D'Ayala (2010) in collaboration with Cintec Inter- 
national developed two prototypes of dissipative anchor devices to address the 
problem of out-of-plane mechanisms of facades and lateral walls (Fig. 15.10). 

The devices are conceived to be inserted at the connection between perpendic- 
ular walls, as part of longitudinal steel anchors grouted within the thickness of the 
walls. This type of installation ensures a low impact on the aesthetic of the building 
as it doesn't affect the finishing. The anchors can also be installed between floors 
elements and walls. 

While the anchors improve the box-like behaviour of the building, contributing 
to an increase of stiffness that improves the structural response to small excitation, 
the devices allow small relative displacements between orthogonal sets of walls; for 
higher horizontal loads, they dissipate part of the energy input into the structure so 
that problems of localised damage can be avoided. Therefore, the design focuses on 
the achievement of control of displacements and reduction of accelerations and 
stress concentration. 

Of the two developed prototypes, one is based on yielding, the other on friction. 
The former relies on a stainless steel element with a lower capacity in respect to the 
anchor, this lower capacity depending on a reduction of cross sectional area and the 
use of a different steel strength class. The friction prototype consists instead of a set 
of metallic plates able to slide past each other once a pre-set threshold of force is 
overcome, this been governed by controlled pressure. 

The two dissipative devices, covered by patents, have been extensively validated 
by cyclic pseudo-static and dynamic tests on the isolated devices (Paganoni and 
D'Ayala 2010), and by cyclic pull-out tests on specimens modelling the T joint 
between two perpendicular walls connected by a passing anchor (D'Ayala and 
Paganoni 2014). The devices’ performance has then been calibrated by using real 
time history obtained by obtaining from a finite element nonlinear analysis the 
relative motion at the crack of two orthogonal walls of a two storey house subjected 
to a real accelerogram from the L'Aquila earthquake. The response of the two 
devices is shown in Fig. 15.11. 

What is relevant to the above discussion is the possibility to determine a rigorous 
design and dimensioning procedure, based on experimental results and on the 
principle of performance based seismic response. The strengthening apparatus 
can be seen as a relatively simple system made of a number of components in 
series. The objective is to determine the performance criteria of the dissipative 
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Fig. 15.11 Devices’ response to accelerogramme excitation (a) hysteretic device and (b) friction 
device 


device so that damage to the parent material can be controlled. The procedure is 
briefly summarised herein. 

For the demand to the strengthening system, depending on the importance of the 
heritage building and its protection status a choice can be made to use a suite of 
non-linear time-history analyses of the building to determine envelop of displace- 
ment demand requirements, or to use reference drift limits from seismic code. Then 
use output of above analysis or modal analysis with spectrum superposition, or 
other simplified procedure as advised by seismic code, to determine acceleration 
amplification at selected heights of structure to determine the axial force on each of 
a set of anchors so as to determine the number of anchors required at any given 
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storey of the structure, by using the initial assumption that failure of bond between 
anchor grout and parent material is prevented: 


F pond, b[p =f b,o/p uneDL YpMi aj = YpPylihitiaj (15.1) 


Where fs b/p is the bond strength of grout to parent material including safety 
coefficient; D and L are the diameter and length of grouted anchorage; yp, design 
safety coefficient; M;: mass of portion of structure that bears on the i? anchor; Pm: lis 
hi, tj, density and dimensions of the portion of structure restrained by the i™ anchor; 
and a; is the horizontal acceleration at storey j of the structure, calculated on the 
basis of the performance target defined in BS EN 1998—3:2004 depending on the 
performance criteria and hazard return period defined for the structure with: 


¢ Fpwc: near collapse (2 % exceedance in 50 years); 
* Fpsp: significant damage (10 96 exceedance in 50 years); 
* Fpp: damage limitation (20 % exceedance in 50 years). 


Once the anchor is preliminary sized, the capacity of the dissipative devices can 
be determined by using two different approaches depending on the device. In case 
of grouted metallic ties with hysteretic device: 


* Step 1: Determine the minimum among: 


— Yielding strength of tie, 

Adhesion strength tie/grout 

— Adhesion strength grout/masonry 

Punching through strength of surrounding masonry 


Hence, yielding point of hysteretic device « Minimum 
If punching through of surrounding masonry is critical, it will be necessary to 
improve the masonry locally with grouting, for instance. 
* Step 2: Determine the ductility requirements which will lead to maximum 
elongation of the device, while preventing buckling. 
These two conditions will determine the yielding point of the device as well as 
its geometric dimension and cross section shape. 
* Step 3: Verify that performance is not compromised by instability of cycles and 
hardening limits 


In the case of grouted metallic ties with friction device 
* Step 1: Determine the minimum among 


— Yielding strength of tie, 

— Adhesion strength tie/grout 

— Adhesion strength grout/masonry 

— Punching through strength of surrounding masonry 


Hence, tightening of device « Minimum 
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* Step 2: Determine maximum sliding requirements and energy dissipation which 
will determine the size of the plate and the value of friction. 
* Step 3: Control stick-slip, stability of cycles, apparent hardening 


The above approach requires a series of laboratory tests to determine all material 
characteristics and certify performance requirements of the devices before instal- 
lation, and a series of onsite tests to determine quality and characteristics of the 
parent material and quality and strength of the bond, which can be ascertained by, 
for instance, static pull-out-test, aimed at ensuring also the quality of the 
installation. 

The dissipative devices are designed to be activated at the threshold of damage 
limitation of the structural response, while all other components are designed to 
withstand the forces associated with near collapse. If the damage limitation thresh- 
old is not a requirement for the building, then the devices can be designed to greater 
strength capacity. In the case of the friction device it will just be a matter of 
determining the different activation level of the slider for different performance 
requirements. 

But the dimensioning of the devices should not be based on the force but on the 
amount of energy to be dissipated and hence on the associated deformation/sliding 
past the force threshold. While the two values of triggering force and demand 
displacement are independent for the friction device this is not the case for the 
hysteretic device, which needs also to be dimensioned to control buckling. Hence 
the design will need to undergo a series of iterations to optimise the elongation of 
the device and its axial buckling limit. As seen in previous applications typical 
relative displacement is of the order of 10-20 mm leading to interstorey drifts of the 
order of 0.3 96, corresponding to the damage limitation threshold for historic 
building according to the Circolare n. 26/2010. Finally, devices need to be designed 
so that they can offer additional capacity at NC limit state. In particular, referring to 
the experimental results reported by D'Ayala and Paganoni (2014), it is important 
that: 


* Yielding devices reach the threshold of the 5 % elongation, so that they can offer 
extra capacity both in terms of displacement and load capacity; 

* Frictional devices reach the end of their run. This ensures that the device will 
offer additional load capacity, this being quantified by a safety factory of 
10 (D'Ayala and Paganoni 2014). 


15.7 Conclusions 


A considerable amount of research has and is being conducted to improve the way 
in which the issue of strengthening historic buildings is approached by the engi- 
neering community. This research has led to novel assessment procedures which 
were not covered in details here, novel strengthening techniques which best meet 
the requirements of the conservation principles and attempt at maintaining both the 
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original structure and the historic fabric, without substantial disruption. Indeed the 
tragic events of the last 4 years have triggered generally very good and responsible 
response on the part of the engineering community, clearly more sensitive to the 
cultural heritage agenda than not in the past. 

Public cultural differences exist and cannot be ignored when devising policies. 
In some countries demolition is still considered in many respects a more viable 
option than repair and retrofit. However recent initiatives such as the ICOMOS 
New Zealand Charter 2010 (ICOMOS 2010) or the new regulations for earthen 
buildings of historic significance, which the Ministerio de Vivienda y Urbanismo of 
Chile is drafting in the document NTMO002 (Ministerio de Vivienda y Urbanismo, 
2010), currently in the pre-standard stage, show a change in perspective of the 
public as well as the engineering community towards historic buildings and perhaps 
a different acceptance of risk. 

From a technical point of view however, much training and education of 
professional engineers is needed to ensure that the shift in design emphasise from 
force requirements to displacement and energy requirements is fully understood. As 
seen from evidence in the field far too often strengthening of historic buildings is 
still pursued in terms of increasing strength and stiffness, while some assessment 
criteria are far too conservative. A similar training is also needed among 
contractors. 

Hurdles of other nature, related to the economics of developing and installing 
dissipative devices, can be overcome, as shown by the prototype devices described 
in the previous section which can be manufactured in small sizes and at costs which 
is affordable in the retrofit of residential historic buildings, as well as more 
prestigious landmark. However robust testing and design protocols need to be 
develop to gain confidence among practitioners. 


Open Access This chapter is distributed under the terms of the Creative Commons Attribution 
Noncommercial License, which permits any noncommercial use, distribution, and reproduction in 
any medium, provided the original author(s) and source are credited. 
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Chapter 16 
Earthquake Risk Assessment: Present 
Shortcomings and Future Directions 


Helen Crowley 


Abstract This paper looks at the current practices in regional and portfolio seismic 
risk assessment, discusses some of their shortcomings and presents proposals for 
improving the state-of-the-practice in the future. Both scenario-based and probabi- 
listic risk assessment are addressed, and modelling practices in the hazard, fragility/ 
vulnerability and exposure components are presented and critiqued. The subsequent 
recommendations for improvements to the practice and necessary future research 
are mainly focused on treatment and propagation of uncertainties. 


16.1 Introduction 


In the 1st European Conference on Earthquake Engineering and Seismology in 
Geneva in 2006, a keynote paper was presented by Norman Abrahamson on 
"Seismic hazard assessment: problems with current practice and future develop- 
ments" (Abrahamson 2006). Abrahamson reviewed areas within the practice of 
probabilistic seismic hazard assessment (PSHA) that needed improvement and 
made recommendations on the direction that future research in PSHA should 
take. In this paper I take inspiration from Abrahamson, but will focus on the 
practice and development of probabilistic seismic risk assessment (PSRA), 
i.e. the estimation of the probability of damage and loss, for distributed buildings. 

The main components of a PSRA for buildings comprise the hazard model 
(to get the probability of levels of ground shaking), the exposure model (location 
and characteristics of buildings) and physical vulnerability models (that provide the 
probability of loss, conditional on the level of ground shaking). An exposure model 
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provides information of the distribution of assets (e.g. buildings) within the region 
and might include the location, structural/non-structural characteristics, built area, 
replacement cost (new), contents value, business interruption cost, number of 
occupants (day/night). The buildings are grouped in terms of building classes as a 
function of their similar structural/non-structural characteristics, and a physical 
vulnerability function is developed for each building class. Vulnerability functions 
for structures provide the probability of loss or loss ratio (the loss as a percentage of 
the value, e.g. the repair cost divided by replacement cost), conditional on a level of 
input ground motion (Fig. 16.1), and can be derived from empirical, analytical or 
expert opinion based methods, or a combination of these methods (hybrid) (see 
e.g. Calvi et al. 2006; Rossetto et al. 2014). In empirical and expert-opinion based 
vulnerability modelling it is common to separate the damage distribution that is 
conditional on the ground motion (i.e. fragility function), from the loss distribution 
that is conditional on the damage (i.e. damage-loss model). In analytical vulnera- 
bility modelling, fragility functions are developed considering both the nonlinear 
response (in terms of parameters such as inter-storey drift) that is conditional on the 
input ground motion, and the damage state that is conditional on the nonlinear 
response. Aspects related to the application of each of the components of a PSRA 
are discussed in more detail herein, starting with the hazard model in the following 
section. 


16.2 Ground-Motion Modelling 


16.2.1 Scenario-Based Hazard/Risk Assessment 


Abrahamson (2006) summarised both deterministic and probabilistic approaches to 
hazard assessment, and outlined many of the misunderstandings related to these two 
approaches. Abrahamson's focus was on hazard input for design and assessment, 
whereas herein we are interested in the hazard input for risk assessment of distrib- 
uted assets. Nevertheless, the key message that Abrahamson put forward - that both 
deterministic and probabilistic approaches result in probabilistic statements about 
the ground motion — is also of relevance for risk assessment. 

In fact, the use of the term “deterministic” in current hazard and risk assessment 
practice is misleading as it implies that there is no uncertainty involved in the 
process. On the contrary, it is just the event characteristics (magnitude, location, 
style of faulting etc.) that are commonly modelled as deterministic, whereas the 
ground motion as well as the damage and loss estimation all involve uncertainties. 
Furthermore, it is not necessarily the case that the event characteristics are deter- 
ministic (for example, the location may have an uncertainty associated with it), and 
it would be possible to model both aleatory and epistemic uncertainties related to 
the event as part of the assessment. For this reason, it is perhaps better to use the 
term *scenario-based" risk assessment, rather than deterministic risk assessment. 
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In a site-specific design project the current practice in “deterministic” hazard 
assessment is to select a certain number of standard deviations (i.e. epsilon) above 
or below the median ground motion for the design seismic actions (Abrahamson 
2006), but in a scenario risk assessment of distributed assets (e.g. buildings, people, 
infrastructure), which can be useful for emergency planning as well as risk com- 
munication and awareness, the epsilon should not be modelled as fixed across the 
region of interest. Figure 16.2 shows the natural aleatory variability in ground 
motions with distance that can be observed from two different earthquakes, together 
with the median attenuation from both events (thick black line) and the median 
attenuation from each event (thin black lines). Each event has an inter-event 
residual (ô, 7 or ĝe 2) which is given by the difference between the median curve 
for both events and the median curve for the specific event; this variability arises 
due to differences in the source mechanics of the events, such as the stress drop. 
Within a given event, each site, j, where ground motions have been observed, has a 
different intra-event residual, (6,,); or 6,,2;) which arises due to the varying path 
characteristics from the source to the site. Many researchers (e.g. Wang and Takada 
2005; Goda and Hong 2008; Jayaram and Baker 2009; Esposito and Iervolino 2011) 
have shown that the intra-event residuals at two different sites for a given event are 
correlated, as a function of their separation distance — the greater the distance, the 
lower the correlation between the residuals. Hence, when modelling distributed 
ground motions for a future potential scenario earthquake, a sample of the inter- 
event residual/epsilon for the event should be made and then this should be 
combined (through SRSS) with the intra-event residual/epsilon at each site, 
which should be obtained by employing a model of spatial correlation of the 
intra-event residuals (see e.g. Crowley et al. 2008 for a summary of this process). 
Figure 16.3 shows examples of ground-motion distributions, or fields based on 
different assumptions: median ground motion everywhere, uncorrelated ground- 
motion residuals, and spatially correlated ground-motion residuals. 
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Fig. 16.2 Spatial variability from two different earthquake events (Bommer and Stafford 2008) 


Fig. 16.3 Example of simulated ground-motion fields (PGA in g), based on median ground 
motion (/eft), one realization of uncorrelated ground-motion residuals (centre) and one realization 
of spatially correlated ground-motion residuals (right) (From Silva et al. 2014a) 


For the estimation of the loss to all assets in the exposure model, the damage/loss 
assessment should be based on a simulation of all possible ground-motion fields 
that could occur, and thus the event should be repeated many times, sampling across 
the full inter-event variability, and then the total mean damage/loss and total 
standard deviation of damage/loss across all simulations can be estimated. 
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Nevertheless, in practice, scenario-based risk assessments are frequently based 
on the ground motions with a fixed epsilon (often taken as 0 or +1) applied at all 
sites. Such an approach assumes the unrealistic scenario of full spatial correlation of 
the ground-motion residuals. When epsilon is taken as +1 everywhere, the assump- 
tion being made is that the shaking at all locations has just 16 % probability of ever 
being exceeded, and the joint probability of occurrence of this level of ground 
motion at all sites will be extremely low. The resulting damage/loss thus also has an 
extremely low probability of occurrence, and its usefulness for communicating risk 
or preparing for emergency situations is questionable. 

Even when the damage/loss is required at just a single location, the use of the 
median or even the mean ground motion should be avoided as the resulting damage/ 
loss will often (though not always) be an underestimation of the damage/loss that 
would be expected, on average, should the event be repeated many times. An 
underestimation of damage/loss is expected when the ground motion is concen- 
trated over the range that leads to loss ratios that are less than 50 % (from the 
vulnerability function), though the opposite may occur if the ground motions are 
concentrated in the upper 50 %. Figure 16.4 shows an example of the mean loss 
based on the median ground motion (A) and the mean loss and standard deviation of 
loss based on the ground motion with aleatory variability (B). 

In order to estimate the mean damage/loss at a single site, an alternative 
procedure can be employed which does not require the added complication of 
separating the inter- and intra-event ground-motion variability and simulation of 
the ground motions, as described previously. Instead, at the chosen location, one 
should combine the probability of occurrence of each intensity measure level IML 
(by integrating the probability density function of ground motion based on the total 
aleatory variability) with the mean loss ratio from the vulnerability function at each 
IML, and sum across all IMLs. Due to the lognormal function of ground-motion 
variability and the nonlinear vulnerability function, the mean loss at the mean 
ground motion will not be the same as the mean loss considering the full range of 
potential ground motions at the site; in the example given in Fig. 16.5, the former is 
0.098 and the latter (as shown in the workings of Table 16.1) is 0.105. Although the 
difference is not pronounced in this example, it can be larger and will depend on the 
specific ground-motion distribution and vulnerability function. 

In this example the numerical integration of the ground-motion variability with 
the mean loss ratio has been used, but since the vulnerability function could also 
have an analytical form, an analytical integration is also possible, which would be 
based on the following formula: 


LR = [irm X f mı IML | umr» Ome )dIML 
0 


where LRIJML stands for the conditional loss ratio for a given an intensity measure 
level (IML), and fim AMLlurur, Om) stands for the conditional probability density 
function of ground motion given a mean intensity measure level (fj) and asso- 
ciated standard deviation (6j). 
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For what concerns the estimation of the standard deviation of the loss, it is also 
possible to do that by combining the probability density function of the loss ratio 
and ground-motion shaking through the employment of the total probability theo- 
rem (more details are given in Crowley et al. 2010). 


16.2.2 Probabilistic Hazard/Risk Assessment 


In a fully probabilistic risk assessment, where all possible and relevant determin- 
istic earthquake scenarios are considered together with all possible ground motion 
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Table 16.1 Estimation of the mean loss ratio based on example shown in Fig. 16.5* 


IML Prob. occur POIIML Mean loss ratio MLR POIIML x MLR 
0.20 0.004 0.016 0.000 
0.25 0.041 0.032 0.001 
0.30 0.135 0.052 0.007 
0.35 0.230 0.075 0.017 
0.40 0.240 0.102 0.024 
0.45 0.176 0.131 0.023 
0.50 0.099 0.161 0.016 
0.55 0.046 0.192 0.009 
0.60 0.019 0.223 0.004 
0.65 0.007 0.254 0.002 
0.70 0.002 0.284 0.001 
320.105 


“Tt is noted that the numerical integration depicted in Fig. 16.5 and in the calculations in Table 16.1 
is purely demonstrative and in practice a much smaller integration interval should be employed 


probability levels, there are two commonly applied approaches in practice: one 
based on the outputs of a PSHA (i.e. using the rate or probability of exceedance of a 
set of IMLs) and the other based on the simulated ground-motion fields from 
scenario events (which can either represent the full set of potential ruptures, or 
can be a reduced set of scenarios, each with an associated probability of occur- 
rence). The use of one method over the other depends on the application, and 
whether there is a need to robustly model the standard deviation of damage/loss 
across the full set of assets, or not. If the main output of interest is the annual 
expected/average value of damage/loss, if the risk at a single site is required, or if a 
comparative analysis of the risk at different sites is required, then the outputs of 
classical PSHA (i.e. Cornell 1968; McGuire 1976) can be employed. 

In this approach, a PSHA is carried out for the region leading to hazard maps for 
a given intensity measure type (e.g. spectral acceleration at 1 s) for a number of 
return periods. The use of PSHA hazard maps is appropriate for site-specific risk 
assessment and maps which present the comparative risk at different sites, but a 
frequent error that is made in practice is to use a single hazard map and to report that 
the damage/loss at each site has the same return period/probability of exceedance as 
the hazard map upon which it was derived. The problem with such an approach is 
that it ignores the uncertainty in the vulnerability assessment (e.g. from the fragility 
functions and the damage-loss conversion). As shown previously in Fig. 16.1, the 
probability of exceeding a specific loss value is conditional on a number of different 
intensity measure levels; from the hazard curve one can obtain the probability of 
occurrence of those intensity measure levels, and by multiplying the two we obtain 
a number of unconditional probabilities of exceeding the loss value, which are then 
summed to get the total probability of exceeding the loss value. We then plot the 
loss value against its respective probability of exceedance to produce a so-called 
loss exceedance curve (Fig. 16.6). 
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An event-based approach to probabilistic risk assessment is required when the 
mean and standard deviation of the total, aggregated, loss to a spatially distributed 
portfolio of assets is to be estimated. By modelling each event separately we are 
able to model the spatial correlation of ground motions, as discussed previously. 
The way in which the ground-motion aleatory variability is spatially modelled 
affects the standard deviation of the loss; neglecting site-to-site ground-motion 
correlation leads to systematically underestimation of large, rare losses and 
overestimation of smaller but frequent ones (see e.g. Crowley and Bommer 2006; 
Park et al. 2007; Weatherill et al. 2013). Monte Carlo simulation is generally 
employed to simulate the seismicity of the next one hundred thousand years or so 
(see e.g. Pagani et al. 2014), and for each event a spatially correlated field of ground 
motion is simulated, and the resulting damage/loss is estimated by combing this 
with the exposure and vulnerability models (see e.g. Crowley and Bommer 2006; 
Silva et al. 2013a). 

However, when different intensity measure types are used in the model (e.g. for 
the vulnerability functions of different assets) then they need to be cross-correlated 
(also known as spectrally correlated). Baker and Cornell (2006) looked at the cross- 
correlation between the residuals of spectral accelerations (i.e. the difference 
between the spectral acceleration from a record at a given period and the spectral 
acceleration predicted for that record using a ground-motion prediction equation) at 
different periods using a number of records and found that they were neither 
uncorrelated (Fig. 16.72) nor fully correlated (Fig. 16.7b), but featured a correlation 
that varied as a function of the inter-period difference. Application of the model 
leads to simulated spectra like those shown in Fig. 16.7c, which are seen to be 
highly realistic when compared with real spectra with similar characteristics 
(Fig. 16.7d). It should be noted that it is not just the intra-event variability of 
different intensity measures that is cross-correlated but also the inter-event vari- 
ability (see e.g. Goda and Atkinson 2009). 
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Fig. 16.7 Comparison of simulated spectra with no inter-period correlation (a), full inter-period 
correlation (b), modelled inter-period correlation (c) with real spectra (d), taken from Baker and 
Cornell (2006) 


When simulating spatial distributions of ground motion for loss assessment, if 
cross-correlation, for example between the spectral acceleration at 0.3 s (used for 
the vulnerability function of a low rise building type) and that at 1.0 s (used for a 
mid rise building type), is not modelled, and each ground-motion field is simulated 
independently, the impact of the spatial correlation is eroded when the combined 
damage/loss to both building types is estimated. Weatherill et al. (2013) show that 
the impact of spatial correlation on the total loss to a heterogeneous portfolio is 
minimal when cross-correlation is not modelled (Fig. 16.8) but that when both 
spatial correlation and cross-correlation are accounted for, the impact on the losses 
at low probabilities of exceedance can be significant. However, it is noted that the 
portfolio selected by Weatherill et al. (2013) was highly heterogeneous and 
included building types with a very wide range of periods of vibration; should the 
portfolio be more clustered around a smaller range of periods of vibration then the 
impact of the inclusion or not of spatial correlation (without cross correlation) will 
have a significant effect on the resulting losses, as has been shown in other studies 
(e.g. Crowley et al. 2008). 
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Fig. 16.8 Comparison of spatial correlation (blue curve) and spatial cross-correlated losses (green 
and red curves) on the total loss to a heterogeneous portfolio of losses (Weatherill et al. 2013) 


16.3 Fragility and Vulnerability Modelling 


16.3.1 Issues Related to Commonly Used Intensity Measure 
Types 


The use of macroseismic intensity continues to be a popular choice for fragility and 
vulnerability modelling, especially when the latter is based on observed damage 
and loss data. One of the main reasons for this lies behind the volume of 
macroseismic intensity data that is available following an event, which allows us 
to constrain the level of shaking, and thus reduce the uncertainty in an empirical 
vulnerability model. It is furthermore frequently argued that the use of 
macroseismic intensity leads to more reliable damage/loss estimates as it is possible 
to carry out an internal consistency check. However, there are still a number of 
shortcomings in using macroseismic intensity in risk assessment. The previous 
section discussed the developments on the modelling of spatially correlated ground 
motion for the loss assessment of distributed portfolios; although state-of-the-art 
Intensity Prediction Equations are still being developed (e.g. Allen et al. 2012) there 
are currently few, if any, models of spatial correlation of the residuals of 
macroseismic intensity. Furthermore, when good data on the site conditions within 
a given area is available, the impact of site amplification on macroseismic intensity 
is still generally modelled in an empirical manner without explicit modelling of the 
uncertainties. 
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The use of instrumental intensity measures in vulnerability modelling is required 
when analytical modelling of the response of structures is employed. In this case the 
explicit nonlinear behaviour of structures of a given class under accelerograms with 
differing characteristics is evaluated. However, many analytical vulnerability 
models developed today do not propagate all the uncertainties from the variability 
in the capacity of the structures of a given class (due to varying geometrical, 
material and design detailing properties), to the variability in the response from 
records with the same intensity measure level (i.e. record to record variability), to 
the variability in the limit state thresholds to damage (e.g. in the values of inter- 
storey drift that would lead to collapse), to the uncertainties in the conversion of 
damage to loss (e.g. uncertainty in the cost of repairing buildings that are exten- 
sively damaged). Although these uncertainties might not necessarily be robustly 
and explicitly modelled at every stage of the vulnerability function derivation, an 
attempt should be made to include them, even just through engineering judgement. 
This is an area that vulnerability modellers will need to focus on further in the 
future. 

One of the most diffused methodologies for scenario-based risk assessment 
includes the use of the capacity spectrum method (see e.g. Freeman et al. 1975), 
as proposed in ATC 40 (ATC 1996) and implemented in the HAZUS software 
(FEMA 20023). In this methodology the median nonlinear response of the buildings 
of a given class is estimated by combing the capacity curve with a response 
spectrum, and then fragility functions based on this nonlinear response parameter 
provide the damage distribution (see Fig. 16.9). 

In the original HAZUS method the spectral ordinates at 0.3 and 1.0 s are 
estimated, and then the full response spectrum is obtained by applying a code 
spectral shape. With the use of a fixed spectral shape, the specific spectral charac- 
teristics of the event under consideration are not accounted for, and given that a 
code spectral shape attempts to reproduce a uniform hazard spectrum, enveloping 
both low magnitude nearby events as well as high magnitude distant events (see 
Fig. 16.10), the response spectrum used may be unrealistic. An improvement on this 
practice is to use a scenario spectrum from a ground-motion prediction equation, 
appropriate for the region and scenario. However, this modelling decision is not 
without its drawbacks as a fixed epsilon (defined in Sect. 16.2), generally taken as 
Zero, is frequently applied in practice and thus cross-correlation is ignored. Instead, 
and as mentioned previously, a large number of cross-correlated scenario spectra 
should be simulated and used in the scenario risk analyses, after which the mean 
and standard deviation of damage/loss can be estimated. An alternative approach to 
using ground-motion prediction models for simulating realistic ground motions 
(with spatially cross correlated intensity measures) would be to use physics-based 
methods for modelling the fault rupture and wave propagation (and associated 
uncertainties), leading to a number of synthetic records at the sites in question 
(see e.g. Atkinson 2012). 

When the capacity spectrum method (or any other nonlinear static procedure, 
NSP) is used in PSHA-based risk assessment, as has been done in many applica- 
tions (e.g. in the LESSLOSS project as described in Spence 2007; in the RISK-UE 
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Fig. 16.9 Application of the capacity spectrum method in HAZUS (FEMA 2003) 
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Fig. 16.10 Schematic sketch of a uniform hazard spectrum at a given return period in which the 
contributions to hazard at the shorter and longer periods come from different sources (Reiter 1990) 
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project, as described in Mouroux and Le Brun 2006) and software (see e.g. Crowley 
et al. 2010), the uniform hazard spectrum (UHS) at a number of different return 
periods needs to be employed. The problems with this approach are that, again, the 
spectral shape is unrealistic and all spectral ordinates are assumed to be fully 
correlated. A vector-based PSHA analysis (e.g. Bazzurro and Cornell 2002), 
where the joint probability of exceedance of spectral acceleration at multiple 
periods is estimated, would need to be employed to address these issues. However, 
applying such a method to the full response spectrum might not be feasible and it 
would most probably be simpler to revert to a Monte Carlo event-based approach 
(as mentioned earlier in Sect. 16.2). 

There are other issues with the use of NSPs in risk assessment which include bias 
and uncertainty in the nonlinear response (due to the assumptions on the elongation 
of the period of vibration and the equivalent viscous damping in the structural 
system, which often do not have an associated uncertainty) and underestimation of 
the record-to-record variability (see e.g. Pinho et al. 2013; Silva et al. 2013b). 
Hence, the use of vulnerability functions based on nonlinear dynamic analysis and 
derived in terms of elastic scalar intensity measures would both simplify the hazard 
modelling required in the risk assessment (at least for homogeneous portfolios, as 
discussed in Sect. 16.2), and avoids issues of response bias and underestimation of 
uncertainties. The main price that is paid with the use of dynamic analysis is the 
computational demand, which is much higher when many structures and records are 
considered. Should there thus be a desire to improve the computational efficiency, 
NSPs could instead be used (provided the increased uncertainties and bias are both 
accounted for), but it is nevertheless recommended that they are used to develop 
scalar intensity measure-based vulnerability functions, to simplify the hazard 
modelling requirements (see e.g. Silva et al. 2014b). 

The elastic scalar intensity measure that is most commonly applied is the 
spectral acceleration at the fundamental period of the structure. However, as 
discussed previously, different structures in the portfolio will have different periods 
of vibration and thus with the use of such an intensity measure type there will be a 
need to model vector quantities of ground motion. In order to avoid this, one option 
could be to use a fixed period of vibration (e.g. 0.5 s) for all buildings in the 
portfolio. This avoids the need to model spectral correlation, but has the drawback 
that the chosen period may not be the most efficient for all the building types in the 
exposure model. The primary advantage of an efficient intensity measure is that it 
should require fewer numerical analyses to achieve a desired level of confidence in 
the nonlinear response (Mackie and Stojadinovic 2005). Hence, it is to be expected 
that the use of an inefficient intensity measure type would increase the uncertainty 
in the vulnerability functions. A comparison of the loss exceedance curves that are 
produced for a heterogeneous portfolio with vulnerability models based on efficient 
(structure-dependent) intensity measures and cross-correlation of the ground 
motion should be made against the curves obtained with vulnerability functions 
based on a fixed intensity measure type and no cross-correlation, to assess whether 
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the increased simplicity of the analysis is penalised by an increased uncertainty in 
the final loss. 


16.3.2 Correlation of Vulnerability Uncertainty 


When vulnerability functions for a class of structures are used in a regional risk 
assessment, the uncertainty needs to be sampled from the loss distribution (see 
Fig. 16.1). The question which then arises is whether all the buildings of a given 
typology within the region will respond better or worse than average, and thus 
whether there is a correlation in this uncertainty. For example, after the Northridge 
earthquake in 1994 a previously unknown design deficiency in the connections of 
steel structures was observed, which led to a correlation in the response of the 
buildings of this class, and in Turkey after the 1999 Kocaeli earthquake, there was a 
case where all but one mid-rise concrete frame buildings in the same complex 
collapsed. Currently, however, it is generally not possible to do more than estimate 
the losses both with and without vulnerability uncertainty correlation; more 
research is needed to better constrain this correlation. In the meantime, a useful 
practice is to run the risk model both with and without full correlation to get the 
bounds of the expected losses. 


16.3.3 Epistemic Uncertainty 


Finally, a practice that has increased recently includes the use of logic trees to 
model the epistemic uncertainties in vulnerability modelling (e.g. Molina 
et al. 2010). However, this practice is not widespread and more research is needed 
in order to bring this practice to the level of maturity found with the use of logic 
trees within PSHA studies. For example, the recent European hazard modelling 
project SHARE (www.share-eu.org) used a state-of-the-art methodology for devel- 
oping the ground-motion logic tree that combined expert judgement with the use of 
strong ground-motion data for the selection, ranking and weighting (Delavaud 
et al. 2012). Although the data available for testing vulnerability models is sparse, 
initiatives such as the GEM Global Earthquake Consequences Database! (that is 
collecting damage and loss data for a number of building typologies around the 
world) will help improve the potential for data-driven guidance for vulnerability 
model selection. 


! http://www.globalquakemodel.org/what/physical-integrated-risk/consequences-database/ 
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16.4 Exposure Modelling 


There are two main types of exposure models: building-by-building and aggre- 
gated. In the latter case the buildings with the same structural/non-structural 
characteristics (taxonomy?) are aggregated within the boundaries of a given area, 
which is often a zip code, administrative area or grid cell, and relocated to a single 
location (either because the locations of the individual buildings are unknown, or to 
increase computational efficiency of the model). This is the most common type of 
exposure model (e.g. Crowley et al. 2010; Campos Costa et al. 2009; Erdik 
et al. 2003), but is also the one that raises the most risk modelling difficulties. 

As discussed in Bazzurro and Park (2007), when all of the buildings are 
relocated and aggregated, the same intensity measure level is input to the vulner- 
ability model which means that a full correlation of ground motion is assumed for 
these buildings. In reality, however, these buildings would be distributed across the 
zip code/grid cell and would thus be subject to spatially variable ground motion. 
Furthermore, all of these buildings will have the same sample of uncertainty in the 
vulnerability model applied to them, further correlating the loss of these building 
types. If we know the number of buildings that have been aggregated we can avoid 
the latter correlation by sampling a number of vulnerability residuals equal to the 
number of buildings at the given location, and estimate the loss for each building 
separately, after which the statistics for the building typology can be estimated. 

There are at least two options to deal with the induced ground-motion correlation 
due to aggregation of the buildings: random disaggregation of the buildings within 
the aggregation area, or modification of the ground-motion aleatory variability (see 
e.g. Stafford 2012). The former approach is straightforward but increases signifi- 
cantly the computational demands of the analysis, especially when there are 
millions of assets in the model. The latter approach, described in Stafford (2012), 
reduces the variance of the ground motion when it is taken to represent the average 
of a given area, rather than the ground motion of a single point (which is the case for 
distributed assets), following the recommendations of Vanmarcke (1983). More 
investigation is needed to compare these methods and to study the difference in 
losses and computational performance of both these two approaches together with 
the case that simply ignores this induced correlation, thus adding to the studies and 
conclusions of Bazzurro and Park (2007). The availability of more building-by- 
building exposure models (so-called “ground truth" models), such as those that can 
be produced with the tools developed by the Global Earthquake Model,? will allow 
the impact of various exposure aggregation assumptions to be further investigated. 

In practice exposure models do not generally feature uncertainties, even though 
they are usually developed with poor data and a large number of assumptions, and 
are arguably the most uncertain component of the risk model. For large regions 
these models are often a combination of population and building census data (where 


? http://www.globalquakemodel.org/what/physical-integrated-risk/building-taxonomy/ 
3 http://www.globalquakemodel.org/what/physical-integrated-risk/inventory-capture-tools/ 
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the latter might actually refer to the dwellings rather than the buildings and which 
often do not include the necessary structural information of the buildings), statistics 
on the average characteristics of dwellings/buildings in the region, expert judge- 
ment on replacement costs per square metre and so on. The assignment of uncer- 
tainty to exposure models, as well as of any correlations in the uncertainty, is 
certainly an area that would benefit from increased research attention. 


16.5 Conclusions 


This paper has looked at many commonly applied modelling assumptions in the 
seismic risk assessment of portfolios of distributed buildings. One of the main 
points that should be clear is that as the developments in ground-motion modelling 
continue to progress, in particular those related to the correlation of aleatory 
variability, these have an impact on the way in which exposure and vulnerability 
models are treated in risk modelling. Furthermore, the correlated uncertainties in 
the vulnerability and exposure models require more attention in future regional risk 
modelling research. 

A number of research questions that require further investigation have been 
raised herein: 


* Is the penalty for simplifying the intensity measures in vulnerability models too 
high in terms of the associated uncertainties in the losses? 

* How can we define the correlation of vulnerability uncertainty within a given 
building class? 

* Can we apply lessons learned from data-driven ground-motion prediction equa- 
tion logic tree modelling to vulnerability models? 

* How should we deal with the induced ground-motion correlation of aggregated 
buildings in exposure models, and what is the impact of ignoring it? 

* How can we attempt to model the uncertainties in exposure models? 


Hence, although the practice of seismic risk assessment is well established, there 
are still a number of areas that require further research and exploration by the 
present and next generations of risk modellers. 
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Chapter 17 
The Role of Pile Diameter 


on Earthquake-Induced Bending 


George Mylonakis, Raffaele Di Laora, and Alessandro Mandolini 


Abstract Pile foundations in seismic areas should be designed against two simul- 
taneous actions arising from kinematic and inertial soil-structure interaction, which 
develop as a result of soil deformations in the vicinity of the pile and inertial loads 
imposed at the pile head. Due to the distinct nature of these phenomena, variable 
resistance patterns develop along the pile, which are affected in a different manner 
and extent by structural, seismological and geotechnical characteristics. A theoret- 
ical study is presented in this article, which aims at exploring the importance of pile 
diameter in resisting these actions. It is demonstrated that (a) for large diameter 
piles in soft soils, kinematic interaction dominates over inertial interaction; (b) a 
minimum and a maximum admissible diameter can be defined, beyond which a pile 
under a restraining cap will inevitably yield at the head i.e., even when highest 
material quality and/or amount of reinforcement are employed; (c) an optimal 
diameter can be defined that maximizes safety against bending failure. The role 
of diameter in seismically-induced bending is investigated for both steel and 
concrete piles in homogenous soils as well as soils with stiffness increasing 
proportionally with depth. A number of closed-form solutions are presented, by 
means of which a number of design issues are discussed. 
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17.1 Introduction 


An increasing number of research contributions dealing with the behavior of piles 
under earthquake action has become available in recent times. The topic started 
attracting interest by researchers when theoretical studies (accompanied by a 
limited number of post-earthquake investigations) revealed the development of 
large bending moments at the head of piles restrained by rigid caps, even in absence 
of large soil movements such as those induced by slope instability or liquefaction. 
Nevertheless, the interpretation of available evidence — and thus its implementation 
in design — has proven to be difficult due to the lack of simple analysis methods to 
assess the specific type of pile bending. The simultaneous presence of kinematic 
and inertial interaction phenomena (Fig. 17.1), whose effects are difficult to sepa- 
rate, adds to the complexity of interpreting such data. 

On the other hand, evaluation of kinematic moments is mandatory under certain 
conditions according to most modern seismic Codes. For example, Eurocode 8 pre- 
scribes that: “bending moments developing due to kinematic interaction shall be 
computed only when all of the following conditions occur simultaneously: (1) the 
ground profile is of type D, S; or S2, and contains consecutive layers of sharply 
differing stiffness; (2) the zone is of moderate or high seismicity, i.e. the product aS 
exceeds 0.10 g; (3) the supported structure is of class III or IV". 

The first to propose a simple method for assessing the kinematic component of 
pile bending appear to be Margason (1975) and Margason and Holloway (1977). 
These articles can be credited as the first to recognize the importance of pile 
diameter (to be denoted in the ensuing by d) and recommend using small diameters 
to "conform to soil movements", though without providing rational analysis 
methods. While several subsequent studies investigated the problem (e.g., Kaynia 
and Kausel 1991; Kavvadas and Gazetas 1993; Pender 1993; Mylonakis 2001; 
Nikolaou et al. 2001; Castelli and Maugeri 2009; de Sanctis et al. 2010; Sica 
et al. 2011; Di Laora et al. 2012; Anoyatis et al. 2013; Kampitsis et al. 2013), 
only a handful of research efforts focused on the effect of pile diameter — mostly for 
bending in the vicinity of deep interfaces separating soil layers of different stiffness 
(Mylonakis 2001; Saitoh 2005). 

Recently, Di Laora et al. (2013) explored the role of pile diameter in resisting 
seismic loads at the pile head under a restraining cap, with reference to steel piles in 
homogeneous soil. Identified key issues include a d^ dependence of kinematic 
bending moment at the pile head, as opposed to a mere d? dependence of moment 
capacity. The first dependence results from pile and soil curvatures being approx- 
imately equal at the pile head, while the second stems from fundamental strength- 
of-materials theory. The discrepancy in the exponents suggests that moment 
demand on the pile increases faster with diameter than moment capacity, thus 
making yielding at the head unavoidable beyond a certain size (assuming pile is 
always a flexural element). The value of the maximum diameter was found to 
depend mainly on peak ground acceleration, soil stiffness and factor of safety 
against gravity loading. Interestingly, this behavior is not encountered in the 
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Fig. 17.1 Kinematic and 
inertial loading of pile 
foundations. (a) Kinematic 
loading (b) inertial loading 


vicinity of deep interfaces — which is the topic most investigated in the literature 
(Mylonakis 2001; Maiorano et al. 2009; Dezi et al. 2010), since in those regions 
capacity and demand increase with the same power of pile diameter (d^). Di Laora 
et al. (2013) also established that combining kinematic and inertial moment at the 
pile head leads to a limited range of admissible diameters, with the upper bound 
governed by kinematic action, and the lower one by inertial action. 

Proceeding along these lines, the work at hand has the following main objectives: 
(i) to investigate the relative importance of kinematic and inertial components of 
seismic demand, and provide a number of closed-form expressions for kinematic/ 
inertial moment demand on piles (ii) to inspect the role of pile diameter on the seismic 
performance of both steel and concrete piles for the soil types shown in Fig. 17.2; (iii) 
to provide a number of closed-form solutions for the limit diameters defining the 
admissible ranges; (iv) to assess the practical significance of the phenomenon through 
pertinent numerical studies encompassing a wide range of parameters; (v) to define an 
optimal diameter which maximizes safety against bending failure. 

The study employs the following main assumptions: (a) foundation is designed 
to remain elastic during earthquake ground shaking (i.e., the force modification 
coefficients are set equal to one); (b) pile is long and can be idealized as a flexural 
beam that behaves linearly up to the point of yielding; (c) soil restraining action can 
be modeled using a bed of linear or equivalent-linear Winkler springs, uniformly 
distributed along the pile axis; (d) pile axial bearing capacity is controlled by both 
shaft and tip action; (e) perfect contact (i.e., no gap and slippage) exists between 
pile and soil; (f) group effects on bending at the pile head are minor and can be 
ignored from a first-order analysis viewpoint. In addition, for the sake of simplicity 
partial safety factors are not explicitly incorporated in the analysis; a global safety 
factor is employed instead. It is worth mentioning that the approach in (a) has been 
questioned in recent years. Under-designing foundations, however, although con- 
ceptually promising, is by no means an established design approach and will not be 
further discussed in this work. Also, the Winkler assumption in (c) is not essential 
for the subsequent analysis (a wealth of results from numerical continuum solutions 
do exist as well), yet it is adopted here since it yields sufficiently accurate pre- 
dictions for the cases examined and allows simple closed-form expressions to be 
obtained. 
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17.2 Kinematic Versus Inertial Moment Demand 


17.2.1 Kinematic Bending at Pile Head 


In recent articles, de Sanctis et al. (2010) and Di Laora et al. (2013) showed that a 
long fixed-head pile in homogeneous soil experiences a curvature at the top, (1/R),, 
which is approximately equal to soil curvature at the same elevation and, thereby, 
can be computed as: 


asp; 
G; 


Mkin = Eplp(1/R), 28 Eplp(1/R); = Ej, (17.1) 


where (1/R),, E, and /, are curvature, Young's modulus and cross-sectional 
moment of inertia of the pile (for a circular cross section, 7, — zx d /64), (1/R),, 
and a, are the soil curvature and horizontal acceleration at soil surface respectively, 
and G, = E,/2(1 +v) is the soil shear modulus, v, being the corresponding Poisson 
ratio. For layered soil and shallow interfaces located within a few pile diameters 
from the surface, (17.2) provides only a conservative estimate of kinematic bending 
at the pile head. 

Using rigorous elastodynamic Finite Element analyses, Di Laora and Mandolini 
(2011) derived a fitting formula for kinematic bending in soils with stiffness 
varying proportionally with depth: 


4 
E 3 
Mun = 1.36asp, (2:) (1 4- 14) (17.2) 


AY 


where E, is the gradient of soil Young's modulus with respect to depth (Fig. 17.2). 
Evidently, kinematic moment at the pile head increases with pile bending stiffness 
and surface acceleration, and decreases with soil stiffness. 


17.2.2 Inertial Bending at Pile head 


Inertial forces transmitted to piles from an oscillating superstructure, are inherently 
associated with structural mass. To relate this mass to the geotechnical parameters 
involved in the problem at hand, it is convenient to assume that the weight carried 
by each individual pile is a fraction of the pile bearing capacity against axial load, 
Wp. Considering a long floating cylindrical pile in fine-grained soil and neglecting 
the contribution of base resistance, W, can be expressed in terms of geometry, soil 
properties and a global safety factor (Viggiani et al. 2011) as 


1 
W, = gp? 2148, (17.3) 
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Es. Es; Psi Vs. 


Fig. 17.2 Soil profiles considered in this study. (a) Homogeneous profile (b) two-layer profile (c) 
inhomogeneous profile 


where d and L are the diameter and the length of the pile, S, is the undrained shear 
strength of the soil material, a the pile-soil adhesion coefficient (typically ranging 
from 0.3 to 1 depending on the value of undrained shear strength S,,). 

Assuming that the lateral load imposed at the pile head is proportional to the 
corresponding axial gravitational load W,, it is straightforward to show from 
Winkler theory that the maximum seismic moment developing under a rigid cap 
for soils having constant stiffness near the surface is: 


" 

1 mari (as\ [Ep \* 
Min = d 17.4 
i 2 S Sa Wo ue) 


ô being the Winkler stiffness parameter (which varies between approximately 1—2 
for inertial loading — Roesset 1980; Dobry et al. 1982, Syngros 2004), qj — 1— 
(1 — 2 t/d)* a dimensionless geometric factor accounting for wall thickness t of a 
hollow pile, Są a dimensionless spectral amplification parameter, and g the accel- 
eration of gravity. 

The inertial moment at the pile head for soils with stiffness varying proportion- 
ally with depth may be calculated according to the formula provided by Reese and 
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Matlock (1956), based on Winkler considerations, which can be expressed using the 
notation adopted in this paper as 


1 

a p'-s E I d 

M;, = 0.9332 ns (22) (17.5) 
g : 


17.2.3 Kinematic Versus Inertial Bending Moments 


In light of the above solutions, it is straightforward to derive the ratio of kinematic 
to inertial bending moments under the same seismic conditions. For a homogeneous 
soil profile, it is possible to calculate the ratio between the two seismic demands by 
dividing (17.4) and (17.5). For instance, considering a solid concrete pile (q;= 1) 
and undrained conditions (v, — 0.5), one obtains: 


M kin E, : Es F 
mit =02( e) ( ) Ps8 SF p (17.6) 


Min Es Su E; Sa aL 


The above expression reveals that: (1) the relative magnitudes of kinematic and 
inertial bending is independent of ground acceleration. Thus, the conditions 
concerning importance of kinematic loads based on seismicity by the Eurocode 
seems to be unjustified; (2) Soil stiffness plays a major role on the relative size of 
the two seismic demands, with the contribution of the kinematic component 
increasing with decreasing soil stiffness; (3) Kinematic over inertial bending 
moment ratio increases with the square of pile diameter. 

Equation 17.6 is depicted in Fig. 17.3 as function of soil Young's modulus for 
different values of spectral amplification S; and different pile lengths and diame- 
ters. Evidently, kinematic over inertial bending moment ratio decreases with 
increasing soil stiffness and with decreasing pile diameter, and decreases with 
increasing pile length. This must be attributed to the fact that while kinematic 
bending of flexible piles is independent of pile length, inertial action is proportional 
to pile length under constant safety factor for gravitational action. 

Similar trends are observed for piles in soils with stiffness proportional to depth. 
Equations 17.2 and 17.5 can be divided to provide the corresponding kinematic 
over inertial moment ratio: 


3 
M in Epy Es F Z 
kin L (pod |. -5,88 ;d (17.7) 
Mi, E; Su E, Sa aL 


Compared to the homogeneous case, pile diameter exerts a weaker influence (d'4 
over d? for the previous case), whereas pile length plays a more important role (L^ 
over L~‘ dependence). 

Equation 17.7 is illustrated in Fig. 17.4 as function of soil Young's modulus 
gradient for different values of spectral amplification, pile diameter and pile length. 
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Fig. 17.3 Kinematic/inertial moment ratio for a solid concrete pile in homogeneous soil, as function 
of soil stiffness, for different values of spectral amplification, pile diameter and pile length 
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Fig. 17.4 Kinematic/inertial moment ratio for a solid concrete pile in inhomogeneous soil, as 
function of soil stiffness gradient, for different values of spectral amplification, pile diameter and 
pile length 
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17.3 Pile Size Limitations Under Seismic Loads 


The seismic performance of piles under combined kinematic and inertial loading 
can be investigated by comparing the overall bending demand with the 
corresponding yield moment of the cross section. 

With reference to a cylindrical hollow steel pile, the cross-sectional yield 
moment in the context of strength-of-materials theory can be computed from the 
well-known formula 


2 W, 
My = Eplpey— ( -7 +) (17.8) 
Jy 


éy and f, being the uniaxial yield strain and the corresponding yield stress of the 
steel material, and A the cross-sectional area. Note that for simplicity, no partial 
factors accounting for material strength have been included in the calculation. 

Note that for a pile in layered soil, another critical location for the assessment of 
seismic demand is interface separating two consecutive layers of sharply differing 
stiffness. Considering deep interfaces located below the active pile length, kine- 
matic bending may be evaluated from the approximate formula of Di Laora 
et al. (2012): 


j 1 2 
i 2 1.86 E 20 (Es N* 
Mii, = Epl (e/ri)ri c EM, d Yı (2) (G e) 1) (17.9) 


where y; is the free-field soil shear strain at interface level in the first layer, &,/y; the 
strain transmissibility parameter between pile and soil (Mylonakis 2001). 

Clearly bending in such locations is essentially proportional to d^. As section 
capacity increases with the same power of diameter, interface bending does not 
govern the selection of pile diameter. 


17.3.1 Steel Piles in Homogeneous Soils 


For friction piles in soft soil, axial stresses at the pile top are typically well below 
the structural capacity (i.e., the term W,/f,A is small) so that section capacity is 
practically proportional to d^. As kinematic demand is proportional to the fourth 
power of pile diameter (d^), it follows that kinematic action prevails over section 
capacity with increasing pile size. This suggests that there exists a maximum 
diameter beyond which the pile is not able to withstand the kinematically imposed 
bending moments in an elastic manner. On the other hand, inertial action increases 
in proportion to d^ and, therefore, withstanding this type of bending requires a 
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Fig. 17.5 Kinematic and N 
inertial bending moments 

over corresponding capacity 
as function of pile diameter 


ned 
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minimum diameter — the opposite to the previous behaviour (Fig. 17.5). Both cases 
are investigated below. 


17.3.1.1 Kinematic Loading 
Setting the kinematic demand moment in (17.1) equal to the yield moment in (17.8) 


and considering the axial load W, given by (17.3), one obtains the following 
dimensionless equation for pile size (Di Laora et al. 2013) 


l asL fd k d 4a Su 
- t =0 17.10 
2ey v? (7) (7) qASF fy ( ) 


where q4 —1— (1 — 2 tld F^ is a dimensionless geometric factor accounting for wall 
thickness, ft, of a hollow pile. 
Equation 17.10 admits the pair of solutions 


2j] Jz 2 2N fS, 
dyin = 2e, abate am ps È (17.11) 
as |2 4  &q4SF \asL y 


the largest of which, corresponding to the (+) sign, defines the critical (maximum) 
pile diameter to withstand kinematic action. 
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If shear wave velocity under the square root is expressed in terms of soil Young’s 
modulus £, and mass density p, [v, = 0.5 — E,— 2(1 + PAVA - 3P Vs], the above 
solution takes the form: 


V? 17 1 6 ;L f Ej 
du, = 26, — |- 4 cd cent (17.12) 
as |2 4 eyqa SF NS, 


which has the advantage that the term in brackets does not depend on absolute soil 
stiffness and strength, but only on their ratio, E/S, 

In the ideal case of a pile carrying zero axial load (which implies infinite safety 
against bearing capacity failure due to gravity; SF — oo), the term in brackets in 
(17.11) and (17.12) tends to unity and the solution reduces to the simple expression: 


y2 


as 


di, = 2e, (17.13) 


which can be obtained directly from (17.1) and (17.8). 


17.3.1.2. Inertial Loading 


Setting the right sides of (17.4) and (17.8) equal and employing (17.3), the follow- 
ing solution is obtained: 


8a [Sa ym fa [EN (Su\ 1 (Su 
din = 2 a (=) (ar 2) (=) ua Ty Vt) 


Equation 17.14 defines a critical (minimum) pile diameter to withstand inertial 
action. In the limit case of zero ground acceleration (a, — 0), (17.14) degenerates to 


4aL 
det x (17.15) 
SFq, 


y 


corresponding to the minimum diameter required to resist the gravitational load W,,. 
The same result can be obtained by setting a, — 0 in (17.10). 
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17.3.1.3 Combined Kinematic and Inertial Loading 


For the more realistic case of simultaneous kinematic and inertial loading, (17.1) 
and (17.4) can be combined for the overall flexural earthquake demand at the pile 
head through the simplified superposition formula 


Mio; = Main + ekiMin (17.16) 
where subscript tot stands for “total” and e; is a correlation coefficient accounting 
for the lack of simultaneity in the occurrence of maximum kinematic and inertial 
actions. For simplicity and as a first approximation, e; = 1 is assumed here. 


Setting the total earthquake moment equal to the yield moment in (17.8), one 
obtains the second-order algebraic equation for pile size 


2 1 
1 uh d " d " 4a (S, 11224 oy a; (Ep a 7 
2 V- AL L qASF NE, qj \ 6 g) NE; 
(17.17) 
Equation 17.17 can be solved analytically for the pair of pile diameters 


i 1 
qa (1 qN3 (as \ [Ep \? 

1+2 ( ( X )s. 
qr 6 & E; 


(17.18) 


V2 24 L [Su 
di2 = 2 1T o Ps (=) 


ds qAf y £y SF NE; 


which correspond to a minimum value, d;, obtained for the negative sign, and a 
maximum value, d», obtained for the positive sign, respectively. Values between 
these two extremes define the range of admissible pile diameters for the conditions 
at hand. It will be demonstrated that d; is always larger than d;, in (17.14), and dz is 
always smaller than d;;, in (17.12) that is, the admissible range of pile diameters is 
narrower over the hypothetical case of kinematic and inertial loads acting 
independently. 


17.3.1.4 Results 


A schematic representation of the foregoing developments is depicted in Fig. 17.6, 
in terms of pile diameter versus soil stiffness. Diameters lying inside the hatched 
zone defined by (17.18) are admissible, whereas diameters lying outside the zone 
are not. Evidently, upper and lower bounds are sensitive to soil stiffness, E, leading 
to a wider range of admissible diameters as soil becomes progressively stiffer. 
Naturally, the curves for purely kinematic and purely inertial action (shown by 
continuous curves) in (17.12) and (17.14) bound the admissible range from above 
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Fig. 17.6 Range of is 
admissible diameters for 
different types of loading 


and below, respectively, suggesting that kinematic and inertial moments interact 
detrimentally for pile safety. Whereas this effect becomes aggravated by the 
simplifying assumption of simultaneous maxima in kinematic and inertial response 
(exi in Eq. (17.16) equal to 1), the same pattern would be obtained for any linear 
combination of individual moments involving positive multipliers e;;. 

It is worth mentioning that there is always a minimum soil stiffness for which the 
admissible range collapses to a single point corresponding to a unique admissible 
diameter (i.e., d; = d2). This diameter can be obtained by eliminating the term in 
square root in (17.18), to get 


===" (17.19) 


which, remarkably, is equal to exactly one half of the value obtained for kinematic 
action alone under zero axial load (17.13). It is noteworthy that this diameter is 
independent of pile Young’s modulus and wall thickness. Evidently, for stiffness 
values smaller than critical, no real-valued pile diameters can be predicted from 
(17.18), which suggests that it is impossible for the pile head to stay elastic under 
the imposed surface acceleration ay. 

With reference to a hollow steel pile, numerical results for the range of admis- 
sible diameters predicted by (17.18) is plotted in Fig. 17.7, as function of soil 
stiffness E,, for different values of surface seismic acceleration (a,/g) and pile 
length L. The detrimental effect resulting from the particular load combination 
becomes gradually more pronounced with increasing pile length and seismic 
acceleration, as higher inertial loads are induced at the pile head. Note that for 
piles in very soft soil such as peat, having E, less than 10 MPa, maximum pile 
diameter may be less than | m, thereby severely restricting design options. 
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Fig. 17.7 Admissible pile diameters against soil Young's modulus (E,/S, = 500, f, = 275 MPa, 
Ej — 210 GPa, v, — 0.5, p, — 1.7 Mg/m?, S, = 2.5, FS = 3, t/d = 0.015, a = 0.7, 6— 1.2). Continu- 
ous lines represent pure kinematic and inertial actions whereas dashed lines refer to combined 
action 


17.3.2 Steel Piles in Inhomogeneous Soil 


Kinematic and inertial demands for inhomogeneous soils in (17.2) and (17.5) may 
be expressed for undrained conditions, through trivial algebraic manipulation, as: 


4 
E; V as 
Min = 0.185asp, (>) d* (17,20) 
1 
aL u S E 5 
mynta eo) ag (17.21) 
SF g bE, 


Equation 17.20 reveals that the effect of pile diameter on peak kinematic 
bending moment is weaker than in homogeneous soil, as the corresponding expo- 
nent is 3.2 (=16/5) instead of 4, due to J, in (17.1). This can be explained 
considering that an increase in pile diameter corresponds to an increase in pile 
active length which, in turn, forces a larger portion of progressively stiffer soil to 
control pile curvature at the head. 

While the exponent of 3.2 still exceeds the corresponding exponent in capacity 
(3 — see 17.8), this is unlikely to create a significant design constraint. 
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Fig. 17.8 Kinematic, inertial and combined moment vs. capacity for a homogeneous and an 
inhomogeneous soil profile. In both graphs, a,/g = 0.35, E,/S, = 500, fy = 275 MPa, E, = 210 GPa, 


v, =0.5, p, = 1.7 Mg/m?, S, = 2.5, FS =3, t/d = 0.015, a = 0.5, L = 15 m, E, = 2 MPa/m, Es = E, 
L/2=15 MPa 


In a similar fashion, (17.21) reveals that the effect of pile diameter on peak 
inertial moment is weaker than in homogeneous soils with the power dependence 
on d being 1.8 (=9/5) instead of 2 in (17.4), and thereby size limitation in terms of 
minimum diameter will be more critical than in homogeneous soil. 

Equating seismic moment demand from (17.20) and (17.21) with section capac- 
ity in (17.8), the following dimensionless algebraic equation for pile size is 
obtained: 


4 3 2 
] m [qjEp&, d z  qja$, d 


0.185 E t» | (4 i 
EL L 64 V asp,L L 16 q4SFasp,L VAL 


Saa@Sy | qEp d 
7 SFyL \ 6E,L] \L 


=0 (17.22) 


Due to the intrinsically non-integer nature of the exponents, no exact closed- 
form solutions for pile diameter can be derived from (17.22). However, a Newton- 
Raphson approximate scheme may be easily employed to obtain the roots (not 
shown here) in an iterative manner. 

Comparison between size limitations in homogeneous and inhomogeneous soil 
is provided in Fig. 17.8, where the ranges of admissible diameters are compared for 
the two cases. As can be noticed, beyond a certain diameter the ratio of demand 
over capacity for the inhomogeneous case (solid line) becomes nearly constant. 
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Fig. 17.9 Admissible pile diameters for a tubular steel pile in soil with stiffness proportional to 


depth. In all graphs, except specifically otherwise indicated, a/g = 0.25, E,/S,, = 500, f, = 355 MPa, 
E, = 210 GPa, v, — 0.5, p, = 1.7 Mg/m?, S, = 2.5, FS —3, t/d = 0.015, a = 0.5, L = 30m 


This, however, does not indicate an overall weaker influence of kinematic interac- 
tion on size limits, as minimum diameter is strongly affected by kinematic demand. 
In addition, the graphs indicate that, contrary to common perception, kinematic 
demand is higher than inertial demand starting from relatively small pile diameters. 

To further explore the role of pile size, Fig. 17.9 depicts the bounds of the 
admissible diameter regions for different values of problem parameters. As antic- 
ipated, no controlling maximum diameter exists, so that the upper bound consists of 
a nearly vertical line in E, — d plane. Pile size limitation thus reduces to establishing 
a minimum diameter, which increases with increasing soil resistance due to the 
larger mass carried by the pile under the assumption of a constant SF. 

Figure 17.9a explores the role of design acceleration on pile size. Understand- 
ably, the admissible region shrinks with increasing (a,/g), as the latter affects both 
inertial and kinematic loading, and moves towards larger diameters. It is noted that 
for cases of moderate to strong seismicity (i.e., a,/g = 0.25-0.35) and common 
values of design spectral amplification (S, = 2.5), piles in soft clay should possess 
very high diameters (of the order of 2 m) to resist seismic loads without yielding at 
the head. This result alone might explain the considerable number of failures at the 
pile head observed in post-earthquake investigations around the world. 

When a preliminary design carried out by axial bearing capacity considerations 
does not satisfy seismic structural requirements, a solution is to decrease the weight 
carried by the individual piles by increasing the safety factor SF. The influence of 
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SF on seismic performance is illustrated in Fig. 17.9b, where the minimum diam- 
eter decreases with increasing SF. Nevertheless, it should be kept in mind that 
increasing the safety factor against axial bearing capacity leads to an increase in 
foundation cost over the original design. Studying this aspect involves additional 
factors which lie beyond the scope of this work. 

In Fig. 17.9c, d the role of section capacity on admissible diameters is examined. 
Figure 17.9c indicates that lowering the wall thickness may impose a significant 
restriction on the size of the admissible region, whereas the choice of material 
strength (Fig. 17.9d) seems to be less important. 


17.3.3 Concrete Piles 


The behavior of concrete piles is fundamentally different from that of steel piles, as: 
(1) the moment of inertia of the pile cross section is typically higher; (2) the 
material has negligible tensile strength, thereby moment capacity relies on steel 
reinforcement. The impact of these differences on the phenomena at hand is 
examined below. 

In the same spirit as before, critical diameters may be assessed by equating 
capacity (Cosenza et al. 2011), and demand obtained by summing up the contribu- 
tions of kinematic and inertial interaction, as shown in the foregoing. 

As an example, numerical results for concrete piles in soil with stiffness varying 
linearly with depth are depicted in Fig. 17.10. This case leads to the narrowest 
regions of admissible diameters compared to those examined earlier. As in the case 
of hollow steel piles, maximum diameter in soils with stiffness varying proportion- 
ally with depth is not particularly important, as the curves tend to be vertical at the 
left side of the graphs. On the other hand, kinematic interaction has a profound role 
in increasing the minimum admissible diameter. Like in the other cases, concrete 
and steel strengths are of minor importance (Fig. 17.10c, d). On the contrary, 
seismicity and geometrical parameters (Fig. 17.10a, b) have a considerable effect 
in controlling the minimum admissible diameter. 

A comparison among the four combinations of sections and soil profiles exam- 
ined here is provided in Fig. 17.11, where admissible regions are plotted for steel 
and concrete piles, embedded in homogeneous and linear soil profiles. It is noted 
that curves corresponding to linearly-varying soil stiffness are somehow rotated 
with respect to the homogeneous case, due to the different importance of pile 
diameter in kinematic bending. As already mentioned, maximum diameter is of 
concern only for homogeneous and very soft inhomogeneous soil, while in all other 
cases a minimum diameter is of the main concern which may reach large values due 
to the detrimental interplay of kinematic and inertial components. 
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Fig. 17.11 Admissible diameters for steel and concrete piles in homogeneous and inhomoge- 
neous soil For all cases, a/g=0.25, E,S,— 500, f, (steel)— 355 MPa, fy, (concrete 
reinforcement) — 450 MPa, f, —25 MPa, E, —30 GPa or 210 GPa (for concrete and steel, 
respectively), v, — 0.5, p, — 1.7 Mg/m?, Sa = 2.5, FS = 3, t/d = A/A. =0.015, a = 0.5, L= 25 m 
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17.4 Optimal Pile Diameter 


It has already been demonstrated that for a given set of seismicity, geotechnical and 
structural properties, a pile possesses a limited range of admissible diameters. This 
means that outside this range, a pile will yield (bending safety factor FS, — M, 
(My, + Min) < 1), whereas inside the range it will stay elastic (FS, 71). Naturally, 
the limits of the range correspond to FS = 1. It can be deduced that there exists a 
particular diameter, falling within the admissible range, for which bending safety 
factor is maximum, and thereby it represents an optimum choice from a safety 
viewpoint. 

To derive analytical expressions for the specific diameter for a steel pile in 
homogeneous soil, we recall that the expressions of moment capacity, kinematic 
moment and inertial moment can be cast in the simple form: 


M, =A Ê -A d 


Mkin = As: d* (17.23a, b, c) 
Min = A4 d d 


A, to A4 being parameters that can be readily indentified from the foregoing 
solutions. 

Neglecting the contribution of axial load on section capacity (ie., setting 
A5 — 0), the reciprocal of bending safety factor assumes the form: 


1 = Mkn + Min 1 
FS, M, Ai 


1 
As d - A4 3) (17.24) 


Differentiating this expression with respect to diameter, one obtains: 


(A) 1 1 
L = A3 — Aq: 17.2 
dd ES ( 3 — Ag z) (17.25) 


The optimal diameter dopr is thereby equal to: 


Aa 


opi = y" ( 17.26) 


In terms of physical parameters, we obtain the following expression: 
1 
16 / zquES A* Sa (Su aL 
dopt = 17.27 
di i! ( 8E, ) SF NE,) \E,pg ( ) 


As evident from (17.26) and (17.27) optimal diameter, remarkably, does not 
depend on seismicity and section capacity. 
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Fig. 17.12 Optimal pile diameter and admissible regions for a hollow steel pile in homogeneous 
soil. (a/g = 0.4, E,/S, = 500, f, — 275 MPa, E, — 210 GPa, v, — 0.5, p,— 1.7 Mg/m’, $352.35 
FS = 3, t/d = 0.015, «4 = 0.7, L = 30 m) 


Furthermore, from (17.23b, c) one obtains: 


M kin 


=1 (17.28) 
Min d=doyy 


which means that a steel pile sized at d=d,,, balances the kinematic and inertial 
components of total moment demand. 

Figure 17.12 provides a graphical representation of the optimal diameter, in the 
context of the regions of admissible diameters described earliear, obtained both in 
an approximate and an exact manner through (17.8) and (17.23a). Evidently, the 
optimal diameter curve intersects the approximate admissible region at point 
(E, crits derit). For stiffer soils, optimal diameter naturally falls within the admissible 
region and bending safety factor is larger than one. For stiffness smaller than 
critical, optimal diameter still exists, in the sense that it defines a maximum safety 
factor below 1. On the other hand, critical diameter possesses the following 
properties: (a) it leads to a unit safety factor and (b) it balances kinematic and 
inertial moments. Moreover, the optimal diameter passes close to the critical point 
predicted from the exact analysis, so that above observations hold regardless of the 
method employed to evaluate the admissible regions. While, actual design choices 
for d will naturally involve additional considerations, it is expected that they will lie 
in the region between the maximum safety curve and the minimum admissible 
diameter. 
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The optimal diameter may also be derived analytically for a steel pile in 
inhomogeneous soil. To this end, kinematic and inertial demand may be expressed 
as: 


4 
E, as 
My, = 0.185asp, (z e) d* = Bid* (17.292, b) 
"n 
aL u S E, 3 p. p 
Mo ig FO dar d 
SF g OE, 


In the same vein, the reciprocal of FS; is: 


1 Min + Min 1 " _6 
= al Bung 2 Boe ? 17.30 
FS) M, ra in tte) 


The optimal diameter dop, is obtained by differentiating the above expression 
with respect to d, to get 


Bj 
dy = (sz) (17.31) 


Contrary to the previous case, optimal diameter for the particular conditions 
does not balance kinematic and inertial demands. The corresponding ‘equal 
demand’ diameter is obtained from (17.29a, b) as: 


BN? 
dbal = (2) == 0.278 * dopt (17.32) 
1 


Figure 17.13 depicts optimal and equal seismic demand diameters for inhomo- 
geneous soil together with rigorous admissible regions corresponding to different 
material strengths. As anticipated, these diameters are insensitive to seismicity and 
material properties, so that the curves in the figure pertain to all regions. 


17.5 Discussion 


It has been shown that, contrary to perceptions reflected in seismic Codes, kine- 
matic bending at the pile head may not be negligible compared to the overall 
seismic demand, in soft soils and large pile diameters regardless of seismic inten- 
sity. In certain cases, kinematic interaction may even be higher than the inertial 
counterpart. 

In addition, the simultaneous action of kinematic and inertial components of pile 
bending leads to a limited range of admissible pile diameters to resist seismic 
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action. For homogeneous soil, kinematic interaction requires a minimum admissi- 
ble diameter whereas inertial interaction leads to a corresponding maximum. As 
these actions interact detrimentally with each other, the range is reduced over the 
ideal case of kinematic and inertial loads acting independently. 

In very soft deposits, if soil stiffness close to the surface (i.e., within a depth of 
few pile diameters) may be assumed to be nearly constant, kinematic interaction has 
a dominant influence, thus leading to small maximum admissible diameter. In these 
cases, inertial interaction leads to smaller pile bending compared to kinematic 
interaction, yet may have an important effect in reducing the maximum admissible 
diameter obtained solely for kinematic loading. In the context of the assumptions 
adopted in this work, pile length has a profound effect in reducing the admissible 
pile diameter and increasing critical soil stiffness below which no pile diameter is 
admissible, so that modifications in design coed provisions might be needed. 

For stiffer soils and especially for conditions involving linearly-varying stiffness 
with depth, the limitation in pile size essentially reduces to establishing a minimum 
diameter. In several cases, safety factors commonly used in classical geotechnical 
design for axial bearing capacity do not guarantee safety for seismic action. To 
overcome the problem, a solution could be to increase the number of piles, thus to 
make the safety factor against gravitational action larger. An alternative is to 
increase the capacity of the pile cross section by increasing wall thickness or 
reinforcement. On the contrary, increasing material strength will not substantially 
improve performance. In other words, for a given design acceleration, the geotech- 
nical and geometrical properties appear to be more important than the structural 
properties in controlling pile safety. It is worth stressing that these remedial actions 
may increase foundation cost. 
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It was also demonstrated that among all admissible diameters for a specific set of 
problem parameters, there always exists an optimal value that maximizes safety 
against bending failure. This diameter could be of guidance in designing piles in 
seismically prone areas. On the other hand, the diameter that minimizes foundation 
cost requires taking into account additional parameters (including cost of materials 
and construction methods) that lie beyond the scope of this work. 


17.6 Conclusions 


Kinematic and inertial interaction between a pile and the surrounding soil are of 
different nature and, thereby, are affected by pile size in a different manner. In 
layered soil, bending at deep interfaces is not affected by pile size, at least from a 
first-order analysis viewpoint, as seismic demand and section capacity increase with 
the same power of diameter. On the other hand, with reference to a pile head under a 
restraining cap, it was shown that kinematic bending dominates over inertial 
bending for large-diameter piles in soft soil regardless of variation of soil stiffness 
with depth and, therefore, even in conditions for which Codes do not require 
assessment of kinematic action. 

In addition, (a) kinematic interaction provides a maximum diameter beyond 
which the pile yields, and (b) inertial interaction provides a corresponding mini- 
mum diameter. The simultaneous presence of these actions leads to a range of 
admissible diameters which is narrower than that obtained for kinematic and 
inertial actions considered independently. 

The following general conclusions were drawn from this study: 


1. Concrete piles possess a narrower range of admissible diameters to withstand 
seismic action over hollow steel piles. This can be attributed to the higher 
bending stiffness of the concrete pile cross-section (which attracts higher kine- 
matic moments), as well as the inability of the concrete material to withstand 
tension. 

2. For soft soils of constant stiffness with depth, kinematic interaction dominates 
seismic demand. As a result, admissible pile sizes are essentially overbounded 
by a critical diameter which in some cases may be quite small (of the order of 
1 m) and, hence, it may affect design. Under these circumstances, adding more 
piles or increasing pile length would not improve safety, as these actions will not 
affect kinematic demand. 

3. In stiffer/stronger soils, inertial interaction is dominant due to the heavier loads 
carried by the pile. This yields a minimum admissible pile diameter which, in 
areas of moderate to high seismicity, may be quite large (of the order of 1 m or 
So). 

4. Stiffness varying proportionally with depth essentially enforces only a lower 
bound in pile diameter; this may be rather large (above 2 m) especially for high 
stiffness gradients. Note that the absence of an upper limit is not due to weak 
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kinematic demand (which can be quite large), but due to a lack of dependence of 
kinematic moment on pile diameter. 

5. The range of admissible diameters decreases with increasing ground accelera- 
tion, spectral amplification, soil strength and pile length, whereas it increases 
with increasing soil stiffness, pile safety factor and amount of reinforcement 
(or wall thickness for hollow piles). On the other hand, pile material strength 
plays a minor role in controlling pile size. 

6. There always exists a critical soil stiffness or a critical stiffness gradient below 
which no pile diameter is admissible for a given ground acceleration. Below the 
particular threshold, a fixed-head flexible pile cannot remain elastic regardless of 
diameter or material strength. 

7. There always exists an optimal diameter that maximizes safety against bending 
failure. Analytical expressions for steel piles, embedded in both in homogeneous 
and inhomogeneous soils, have been presented, which reveal that optimal 
diameter is independent of seismicity and section material properties. 


It has to be stressed that the work at hand deals exclusively with the role of pile 
diameter in the seismic behaviour of piles themselves. The important complemen- 
tary topic of the role of pile size in reducing seismic forces in the superstructure 
through kinematic filtering of the seismic waves is addressed elsewhere (Di Laora 
and de Sanctis 2013). 

Despite the simplified nature of some of the assumptions adopted in this work, 
issues of practical importance related to pile design in seismic areas were quanti- 
tatively addressed. Nevertheless, some of the conclusions may require revision in 
presence of strong nonlinearities such as those associated with high-amplitude 
earthquake shaking, soil liquefaction and pile buckling. Additional research is 
required to address issues of this kind. 
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Chapter 18 
Predictive Models for Earthquake Response 
of Clay and Sensitive Clay Slopes 


Amir M. Kaynia and Gökhan Saygili 


Abstract Earthquake-induced permanent displacement and shear strain are suit- 
able indicators in assessing the seismic stability of slopes. In this paper, predictive 
models for the permanent displacement and shear strain as functions of the char- 
acteristics of the slope (e.g. factor of safety) and the ground motion (e.g. peak 
ground acceleration) are proposed. The predicted models are based on numerical 
simulations of seismic response of infinite slopes with realistic soil profiles and 
geometry parameters. Predictive models are developed for clay and sensitive clay 
slopes. A strain-softening soil model is used for sensitive clays. A comparison of 
the permanent displacement and strain predictions for clay and sensitive clays 
reveals that the displacement and shear strains are larger for sensitive clays for 
the same slope geometry and similar earthquake loading conditions. A comparison 
of the displacement predictive model with other predictive models published 
recently reveals that the displacement predictions of the proposed model fall into 
the low estimate bound for soft slopes and into the high estimate bound for stronger 
slopes. Permanent displacements from a limited number of 2D FE analyses and 
from predictive models compare well; however, the predictive model for shear 
strain tends to overly estimate the shear strains. This is a typical effect of 2D 
geometry, which represents a conservative situation. As the size of the slope 
increases, this effect is diminished, and the 2D results tend more to the 1D results 
as captured by the predictive models developed in this paper. 
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18.1 Introduction 


Stability evaluation of slopes under earthquake loading is an important issue in 
geotechnical earthquake engineering. While slopes with low static safety margin 
could fail due to moderate and large earthquakes, most slopes experience only 
permanent displacements without failure. The displacements could be from a few 
millimeters to as large as a few meters depending on the slope conditions and the 
earthquake excitation. The seismic response of slopes is assessed using approaches 
that utilize limit equilibrium methods or the Finite Element Method (FEM). The 
limit equilibrium approach considers the shear stresses along a failure surface and 
computes a factor of safety (FS) based on the available shear strength and the shear 
stresses required for equilibrium. Failure is expected when the shear stress exceeds 
the shear strength. The minimum factor of safety for a slope is estimated by trial and 
error for a large number of assumed slip surfaces. Typically, the factor of safety is 
assumed to be constant along the slip surface and the same factor of safety is 
applied to each of the shear strength parameters (i.e., cohesion intercept and internal 
friction angle). A pseudostatic slope stability analysis is a limit equilibrium analysis 
that models earthquake shaking as a destabilizing horizontal static force. This 
approach significantly simplifies the problem, but it is not an accurate representa- 
tion of earthquake shaking. A pseudostatic analysis does not provide any informa- 
tion about consequences when the pseudostatic factor of safety is less than unity. 
Even if the pseudostatic factor of safety is less than 1.0, the slope may have limited 
deformation and acceptable performance because the shear strength is exceeded 
only during short time intervals by the earthquake loading. 

If, on the other hand, one uses the FEM to evaluate the stability of a slope, one 
does not need to make prior assumptions regarding the location of the critical slip 
surface. A dynamic FEM captures the entire nonlinear stress-strain-strength prop- 
erties of the soil, and computes the deformation patterns throughout the slope under 
the earthquake excitation. However, robust nonlinear stress-strain-strength models 
of the soil are required to produce reliable numerical results. 

A simple model used in slope response analysis is the Sliding Block model that 
was originally proposed by Newmark (1965). This model acknowledges that the 
horizontal force induced by earthquake shaking is variable and earthquake shaking 
could impart a destabilizing force sufficient to reduce temporarily the factor of 
safety of a slope below 1.0. This type of analysis attempts to quantify the sliding 
displacement of a sliding mass during these instances of instability. The original 
Newmark procedure models the sliding mass as a rigid block and utilizes two 
parameters: the yield acceleration and the acceleration-time history of the rigid 
foundation beneath the sliding mass. A sliding episode begins when the accelera- 
tion exceeds the yield acceleration and continues until the velocity of the sliding 
block and foundation again coincide. The relative velocity between the rigid block 
and its foundation is integrated to calculate the relative sliding displacement for 
each sliding episode, and the sum of the displacements in these episodes represents 
the cumulative sliding displacement. The original rigid sliding block procedure is 
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applicable to thin, veneer slope failures. This failure mode is common in natural 
slopes, while deeper sliding surfaces are common in engineered earth structures. 
The magnitude of sliding displacement is strongly affected by the characteristics of 
the earthquake ground motion (i.e., intensity, frequency content, duration). Many 
researchers have proposed models that predict rigid block sliding displacement as a 
function of ground motion parameters. Permanent sliding displacements are gen- 
erally used to evaluate the seismic stability of earth slopes such that different 
displacement levels represent different levels of landslide hazard (e.g. very low 
landslide hazard when D < 5 cm). 

Biscontin et al. (2004) described three scenarios for earthquake-induced slides; 
(i) slope failure occurs during earthquake, (ii) post-earthquake slope failure occurs 
due to pore pressure redistribution, and (iii) post-earthquake failure occurs due to 
creep effects. The last scenario requires that significant cyclic shear strains take 
place during the earthquake shaking. Nadim and Kalsnes (1997) presented labora- 
tory test results on Norwegian marine clays that revealed that if the earthquake- 
induced cyclic shear strains are large, slopes can undergo further creep displace- 
ments after the earthquake and experience a significant reduction of static shear 
strength. It was observed that creep strains and reduction of static shear strength 
become significant when the earthquake-induced cyclic shear strains exceed 1—2 %. 
Andersen (2009) showed that a slope subjected to large cyclic loading could 
experience delayed failure due to undrained creep. By using lab test data, he 
demonstrated that the permanent shear strain is a key parameter that governs this 
form of failure in slopes. The data and procedure by Andersen (2009) was used by 
Johansson et al. (2013) in the evaluation of the effect of blast vibrations on the 
stability of quick clay slopes. 

This paper proposes predictive models for the permanent displacement and shear 
strain as functions of the characteristics of the slope (e.g. factor of safety) and the 
ground motion (e.g. peak ground acceleration). The database used for this purpose 
was obtained from numerical simulations of 1D slopes with different soil and 
geometry parameters under different levels of earthquake shaking. The predictive 
models were developed by using realistic parameters for clay and sensitive clay 
(sometimes referred to as quick clay). A strain-softening soil model was used for 
sensitive clays. The results are compared with the sliding-block-based predictive 
models available in the literature and with a limited number of 2D FEM results. 


18.2 Review of Existing Predictive Models 


Earthquake-induced displacement is the parameter most often used in assessing the 
seismic stability of slopes. Various researchers have proposed equations based on 
the sliding block model that predict the slope displacement as functions of ground 
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motion parameters and slope characteristics. Bray et al. (1998) developed a predic- 
tion model for solid-waste landfills using wave propagation results in equivalent 
1—D slide masses. The model is a function of the amplitude of shaking in the 
sliding mass, yield acceleration, and significant duration of shaking. More recent 
researches have used larger ground motion datasets to develop displacement pre- 
dictive models and have developed better estimates of the variability in the pre- 
dictions. Watson-Lamprey and Abrahamson (2006) developed a model using a 
large dataset consisting of 6,158 recordings scaled with seven different scale factors 
and computed for three values of yield acceleration. Their displacement model is a 
function of various parameters including PGA, spectral acceleration at a period of 
1 s (S, 7-15), root mean square acceleration (Arms), yield acceleration, and the 
duration for which the acceleration-time history is greater than the yield accelera- 
tion (Durky). 

Jibson (2007) developed predictive models for rigid block displacements using 
2,270 strong motion recordings from 30 earthquakes. A total of 875 values of 
calculated displacement, evenly distributed between four values of yield acceler- 
ation, were used. The models have been developed as functions of (i) ky/PGA 
(called the critical acceleration ratio), (ii) K/PGA and earthquake magnitude (M), 
(iii) yield acceleration and Arias Intensity, and (iv) k,/PGA and Arias Intensity. 
Bray and Travasarou (2007) presented a predictive relationship for earthquake- 
induced displacements of rigid and deformable slopes. Displacements were calcu- 
lated using the equivalent-linear, fully-coupled, stick-slip sliding model of Rathje 
and Bray (1999, 2000). A set of 688 earthquake records (2 orthogonal components 
per record) obtained from 41 earthquakes were used to compute displacements for 
ten values of k, and eight site geometries (i.e., fundamental site periods, T,). the 
displacements for the two components of orthogonal motion were averaged and 
values less than 1 cm were set equal to zero because they were assumed to be of no 
engineering significance. The model input parameters include yield acceleration, 
the initial fundamental period of the sliding mass (T,), the magnitude of the 
earthquake (M), and the spectral acceleration at a period equal to 1.5Ts, called 
Sa —15Ts 

Rathje and Saygili (2009) and Saygili and Rathje (2008) presented empirical 
predictive models for rigid block sliding displacements. These models were devel- 
oped using displacements calculated from over 2,000 acceleration time histories. 
The considered various single ground motion parameters and vectors of ground 
motion parameters to predict the sliding displacement. The scalar model presented 
by Rathje and Saygili (2009) predicts sliding displacement based on the parameters 
PGA, M, and ky, and the vector model presented by Saygili and Rathje (2008) 
predicts sliding displacement based on PGA, PGV, M, and k,. Table 18.1 summa- 
rizes the parameters used in the above predictive models. 
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Table 18.1 Displacement predictive models and their parameters 


Model Parameters 


Bray et al. (1998) Ds_95 = significant duration of shaking in seconds 
ky — yield acceleration 
Kmax = peak demand (acceleration) coefficient 
Watson-Lamprey and PGA — peak ground acceleration 
Abrahamson (2006) S, 7-1, = spectral acceleration at a period of 1 s (SaT = 1 s) 
Arms = root mean square acceleration 
ky — yield acceleration 
Durk, — duration for which the acceleration-time history is greater 
than the yield acceleration 
Jibson (2007) Model 1: ky/PGA = critical acceleration ratio 
Model 2: ky/PGA, M 
Model 3: k, and I, (Arias intensity) 
Model 4: k,/PGA, I, 
Bray and Travasarou (2007) ky = yield acceleration 
T, = initial fundamental period of the sliding mass 
M — earthquake magnitude 
Sa.T=1.5Ts = Spectral acceleration at a period equal to 1.5Ts 
Rathje and Saygili (2009) Scalar Model: PGA, ky, M 
Saygili and Rathje (2008) Vector Model: PGA, PGV, ky, M 


18.3 Description of Simulations 


18.3.1 Computational Model 


The predictive models proposed in this paper are based on a database of 
numerically-computed responses of slopes due to earthquake loading. To this 
end, infinite slopes with realistic soil profiles were considered. The computer 
code QUIVER slope (Kaynia 2011) was used for simulating one-dimesional seis- 
mic response of the slopes. The code is based on a simple nonlinear model 
consisting of a visco-elastic linear loading/unloading response together with strain 
softening and a kinematic hardening yield function post peak strength. The model is 
implemented in a one-dimensional slope consisting of soil layers with infinite 
lateral extensions under vertically propagating shear waves. The strain softening 
turns out to have a considerable impact on the nonlinear response of the soil once 
the soil reaches the peak shear strength. The advantage of QUIVER over other 1D 
codes is the inclusion of strain softening in the nonlinear soil model. 

The earthquake input is defined in the form of an acceleration-time history on the 
half-space outcrop at the base of the model. The computational model is based on 
FEM using a unit soil column. Each layer is replaced by a nonlinear spring and 
viscous dashpot. The masses are lumped at the layer interfaces. Each layer is 
characterized by the following parameters: 
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* Thickness, h 

* Total unit weight, y 

* Viscous damping ratio, D 

* Peak shear strength, t,, residual shear strength, T,= 15, and intermediate shear 
stress point on the strain softening branch, v» (Fig. 18.1) 

* Shear modulus of the loading/unloading response, G;, together with the shear 
moduli of the strain softening branches, G5 and G; (Fig. 18.1); alternatively, the 
shear strains corresponding to the three shear stresses in Fig. 18.1. 


Damping in the loading/unloading cycles is simulated by the Rayleigh damping 
(e.g. Chopra, 2001) which is defined as C = œ M p K where M and K are the mass 
and stiffness matrices. 

A model with N soil layers over a half space contains N+ 1 degrees of freedom 
corresponding to the displacements at the soil interfaces. The differential equation 
of motion of this model is given by: 


MU + CU + KU = —M(I| ü,(r) (18.1) 


where M, K and C are the mass, stiffness and damping matrices of the system, U is 
the vector of displacements at layer interfaces relative to the base, and i7, (t) is the 
earthquake acceleration on the half-space outcrop. The symbol {J} denotes a vector 
of N+1 unit values. The equations of motion were solved by the constant acceler- 
ation method which is an implicit and unconditionally stable integration algorithm 
(e.g. Chopra 2001). 


18.3.2 Model Parameters 


The analyses included two different clay types, sensitive and ordinary clays. As 
shown in Fig. 18.1, a strain-softening soil model was used for the sensitive clay. 
The normalized small-strain shear modulus Gags) for clay was established 
as a function of plasticity index (I,) using (18.2) based on the lab test data presented 


18 Predictive Models for Earthquake Response of Clay and Sensitive Clay Slopes 563 


Table 18.2 Model 


" Parameter Sensitive clay Clay 
parameters for sensitive ——DH————————À—— 
clays and clays Ginax/Su 900 900-1700 

T/T, at 5 % shear strain 0.9 1.0 
va/1, at 50 % shear strain 0.5 1.0 


by Andersen (2004). The soil parameters used in the analyses are summarized in 
Table 18.2. 


G max 55 
DT 25+7 
i (o) 


It is admitted that the results of this study (especially those for the sensitive clay) 
are dependent on the selected soil parameters. Nevertheless, it is believed that these 
results provide a step in the right direction in the development of more reliable 
predictive equations. 

A normally consolidated soil profile with a normalized direct simple shear 
strength value Sa” PSI ©’ — 0.21 (with o’, being the effective vertical stress) was 
used for the analyses. To account for the increased strength under dynamic loading, 
a strain rate factor of 1.4 was applied to the static shear strength (Lunne and 
Andersen 2007). To capture the variation in the slope angle and soil profiles, the 
analyses were conducted for slope angles of 3°, 6°, 9°, and 12° and for soil profile 
depths of 40 m, 70 m, and 100 m. The numerical analyses were carried out for five 
earthquake strong motions records using PGA levels ranging from 0.05 g to 0.40 g 
(next section). Totally, 315 QUIVER analyses were performed for sensitive clay 
slopes and 515 analyses were conducted for clay slopes. 


(18.2) 


18.4 Selection and Scaling of Acceleration Time Histories 


The acceleration response spectrum used in Norway for rock (ground type A 
according to Eurocode 8 terminology) was used as the target spectrum. The 
spectrum is shown in Fig. 18.2 for PGA — 0.05 g. The spectrum follows the 
standard parameterized form in Eurocode 8. Pacific Earthquake Engineering 
Research (PEER) Ground Motion Database Web Application (PGMD) was used 
for the selection of the best matching earthquake strong motion records. PGMD 
allows the user to select recordings for which the geometric mean of the two 
horizontal components provides a good match to the target spectrum. The quanti- 
tative measure of the ‘good match’ of the motion with respect to the target spectrum 
is evaluated by Mean Squared Error (MSE) of the difference between the spectral 
accelerations of the record and the target spectrum. Scale factors are applied to 
reduce the MSE over the period range of interest. The scaling factor is applied to the 
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Fig. 18.2 Target acceleration spectrum corresponding to PGA = 0.05 g and response spectra of 
scaled acceleration time histories 


Table 18.3 Main parameters of selected recorded motions 


Depth Epicentral distance PGA Scale 


Earthquake Designation Magnitude (km) (km) (g) factor 

Imperial valley — VCT-075 6.53 10.0 43.90 0.14 0.437 
1979 

Baja border 2002 2027b360 5.31 7.0 55.40 0.06 0.953 

Morgan hill 1984 G02090 6.19 8.5 38.10 0.19 0.366 

Parkfield 1966 C08320 6.19 10.0 34.01 0.26 0.242 

Chi-Chi 1999 TTNOSI-E 6.20 18.0 49.99 0.07 0.766 


geometric mean of two horizontal components so the same scale factor is applied 
over the two components for the same strong motion data. 

Five horizontal components of recorded earthquake strong motions from the 
PEER Center strong motion database (PEER 2011) were selected as seed motions, 
and they were scaled to the horizontal target spectrum. Table 18.3 summarizes the 
relevant parameters of the selected seed motions. The scaling factors used for these 
motions are also presented in Table 18.3. The response spectra of the scaled time 
histories and the target spectrum are plotted in Fig. 18.2. 


18.5 Development of Predictive Models 


The two parameters, PGA and yield acceleration, have commonly been used in the 
earlier predictive models based on the sliding-block concept. These parameters give 
measures of the driving force and resistance, respectively. While PGA on bedrock 
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has a clear role in sliding block models, it loses its significance in realistic soil 
profiles. A more representative parameter for the driving force is the peak acceler- 
ation on the ground surface that relates closely to the destabilizing force on the 
slope mass. The yield acceleration is closely related to the factor of safety, FS, and 
hence was replaced by this parameter in the present study. The advantage of using 
FS in the predictive equations is that one could readily extend the equations derived 
from the 1D analyses to more general 2D and 3D geometries. A limited number of 
2D seismic slope analyses are used in this paper to test the validity of this idea. In 
applying the presented predictive equations, the value of FS should be computed by 
using the peak shear strength applicable to earthquake loading, for example after it 
is increased to account for the rate effect. 

The existing predictive models give only estimates of the slope displacements. 
The underlying assumption is that if the computed displacement is larger than a 
threshold value (typically in the range 5-15 cm), the slope is considered to fail. As 
pointed out earlier, permanent shear strain is a more robust indicator of slope 
stability as compared to sliding displacement. Laboratory test data could then be 
used to establish the threshold shear strain for initiation of soil failure. While in clay 
the threshold can be as large as 15 %, for sensitive and quick clay the value is much 
smaller due to the possibility of undrained creep failure (e.g. Andersen 2009). 


18.5.1 Permanent Slope Displacement in Sensitive Clay 


Figure 18.3a, b show the computed permanent displacements as a function of the 
computed peak acceleration on the ground surface with different labels for slope 
angles and for earthquake strong motion records, respectively. Figure 18.4a, b show 
the histograms of the computed displacements and the peak acceleration on the 
ground surface from 315 seismic response analyses for sensitive clay slopes. 

Equation 18.3 shows the functional form of the predictive model. In this 
equation, max is the peak acceleration on the ground surface in g, and D is the 
permanent displacement in cm. The standard deviation (Omp) for the best fit 
predictive model is 1.15. Figure 18.5 shows the prediction of the model for different 
slope angles. 


InD = 5.89 + 2.65 In(@max) — 0.51 FS — 0.4 (FS — 3.11) 


(In(dmax) + 1.4) (18.3) 


18.5.2 Permanent Slope Displacement in Clay 


Figure 18.6a, b show the computed permanent displacements as function of the 
computed peak acceleration on the ground surface with different labels for slope 
angles and for earthquake strong motion records, respectively. Figures 18.6a and 
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Fig. 18.3 Permanent displacement versus peak acceleration on ground surface for sensitive clay 
with labels (a) for slopes angles, and (b) for selected acceleration-time histories (GM stands for 
Ground Motion) 


18.7b show the histograms of the computed permanent displacements and the peak 
acceleration on ground surface from 515 seismic response analyses for clay slopes. 

Equation 18.4 shows the functional form of the predictive model. The standard 
deviation (oj,p) for the best fit predictive model is 0.97. Figure 18.8 displays the 
prediction of the model for different slope angles. 


InD = 5.65 + 2.57 In(d,4,) — 0.50 FS — 0.3 (FS — 2.96) 


(In(@max) + 1.3) (18.4) 
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Fig.18.4 Histograms of (a) permanent displacement, and (b) peak acceleration on ground surface 
in sensitive clay 


18.5.3 Permanent Shear Strain in Sensitive Clay 


Figure 18.9a, b display the computed permanent shear strains as function of the 
computed peak acceleration on the ground surface with different labels for slope 
angles and for earthquake strong motion records, respectively. Figure 18.10a, b 
present the histograms of the permanent strains and the peak acceleration on ground 
surface for 315 seismic slope response analyses for sensitive clay. 

Equation 18.5 expresses the functional form of the predictive model. The 
standard deviation (Oms) for the best fit predictive model is 1.19. In this equation, 
S is the permanent shear strain in percent, and a,,;, is the peak acceleration (in g) on 
the ground surface. Figure 18.11 shows the prediction of the model for different 
slope angles. 


In$ = 5.75 — 0.52 FS +2.77 In(amax) + 0.076 FS In(dmax) (18.5) 
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Fig. 18.5 Displacement predictions of model for sensitive clay slopes for (a) all displacement 
values, and (b) zoomed-in region for D « 15 cm 


18.5.4 Permanent Shear Strain in Clay 


Figure 18.12a, b present the computed permanent shear strains as function of the 
computed peak acceleration on the ground surface with different labels for slope 
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Fig. 18.6 Permanent displacement versus peak acceleration on ground surface in clay slopes with 
labels (a) for slope angles, and (b) for selected acceleration time histories (GM stands for Ground 
Motion) 


angles and for earthquake strong motion records. Figure 18.13a, b show the histo- 
grams of the permanent strain and the peak acceleration on ground surface out of 
515 seismic slope response analyses for clay slopes. 

Equation 18.6 gives the functional form of the predictive model. The standard 
deviation (Oms) for the best fit predictive model is 0.92. Figure 18.14 shows the 
prediction of the model for different slope angles. 


InS = 4.15 — 0.30 FS +2.06 In(aj4,) +0.16 FS In(dmax) (18.6) 
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Fig.18.7 Histograms of (a) permanent displacement, and (b) peak acceleration on ground surface 
in clay slopes 


18.5.5 Comparisons of Displacement and Strain Predictions 
for Clay and Sensitive Clay 


Figure 18.15 presents a comparison of the displacement predictions for clay and 
sensitive clay. Figure 18.16 shows a comparison of the permanent shear strain 
predictions for ordinary and sensitive clays. As expected, for the same slope 
geometry and similar earthquake loading, the displacements and shear strains are 
larger for the sensitive clay. 
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Fig. 18.8 Displacement predictions of model for clay slopes for (a) all displacement levels, and 
(b) zoomed-in region for D « 15 cm 
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Fig. 18.9 Permanent shear strain versus peak acceleration on ground surface for sensitive clay, 
with labels (a) for slopes angles, and (b) for selected acceleration time histories 


18.6 Comparison with Other Predictive Models 
for Displacement 


Figure 18.17 presents a comparison of several predictive models (namely, Watson- 
Lamprey and Abrahamson 2006; Bray and Travasarou 2007, the Jibson 2007 k,/ 
PGA model, the Rathje and Saygili 2009 scalar (PGA, M) model and the Saygili 
and Rathje 2008 vector (PGA, PGV) model) for a deterministic earthquake scenario 
of M,, — 7.5 and R = 5 km for a shallow, rigid sliding mass, and rock site conditions 
(Vs30 > 760 m/s). The predicted ground motion parameters for each scenario are 
listed in the figure. The values of PGA and Sa;_;, are from Boore and Atkinson 
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Fig. 18.10 Histograms of (a) permanent shear strain, and (b) peak acceleration on ground surface 
for sensitive clay 


(2008), 7, is from Travasarou et al. (2003), T, is from Rathje et al. (2004), and D; o5 
is from Abrahamson and Silva (1997). Even though these models were developed 
using large datasets and rigorous regression techniques, there is more than a 
magnitude difference in the final predictions. The Bray et al. (1998) model predicts 
the largest displacement, the Watson-Lamprey and Abrahamson (2006) model 
predicts the smallest, and the other models fall in between. As shown in the figure, 
the displacement predictions of the proposed model fall into the low estimate bound 
for less stable slopes (e.g. ky = 0.05-0.10 g) and into the high estimate bound for 
more stable slopes (ky, = 0.20-0.25 g). The proposed model uses the maximum 
acceleration on the ground surface whereas the other models use PGA in the 
equations. It should be noted that Jibson (2007), Bray and Travasarou (2007), 
Rathje and Saygili (2009) and the proposed model each use only one ground motion 
parameter (PGA), while Saygili and Rathje (2008) and Bray et. al. (1998) use two 
ground motion parameters, and the Watson-Lamprey and Abrahamson (2006) 
model uses four parameters (PGA, Arms, Sar=1s, and Duryy). 
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Fig. 18.11 Shear strain predictions of model for sensitive clay for (a) all strain levels, and 
(b) zoomed-in region for S « 10 % 
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Fig. 18.12 Permanent shear strain versus peak acceleration on ground surface with labels for clay 
slopes (a) for slope angles, and (b) for selected acceleration time histories 


18.7 Comparison of Displacement Predictions with 2D 
FEM Results 


The predictive models were developed from a database of numerically computed 
response parameters using 1D earthquake analyses. The factor of safety, FS, was 
used in the predictive equations with the intention that these equations could be 
applied to more general soil types and slope geometries. A natural step along this 
line is to test the performance of the developed models in a two-dimensional 
geometry. To this end, a number of simple 2D slope models with normally- 
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Fig. 18.13 Histograms of (a) permanent shear strain and (b) peak acceleration on ground surface 
in clay slopes 


consolidated clay were constructed and were excited by earthquake at their bases. 
The permanent displacements and permanent shear strains in these slopes were 
computed at the end of the shaking and were compared with the predictions from 
the developed equations. The analyses were carried out with the FE software Plaxis. 

Figure 18.18 displays part of the slope model used in the analyses together with 
its FE mesh. The model is 75 m deep on the downslope side and 110 m deep on the 
upslope side. The slope was placed in two series of analyses such that their factors 
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Fig. 18.14 Permanent shear strain predictions of model for clay slopes for (a) all strains levels, 
and (b) zoomed-in region for S « 10 96 
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Fig. 18.15 Displacement predictions for clay and sensitive clay 
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Fig. 18.16 Shear strain predictions for clay and sensitive clay 
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Fig. 18.17 Comparisons of predictive models for sliding displacement for a deterministic sce- 
nario of M,, — 7.5 and R=5 km 


Fig. 18.18 Two-dimensional FE model, mesh detail and monitoring points on ground surface 


580 A.M. Kaynia and G. Saygili 


Fig. 18.19 Results of 2D FE analyses for slope with FS = 1.2 and PGA — 0.4 g: (a) permanent 
horizontal displacements with maximum value about 1.3 m, (b) permanent shear strains with 
maximum value 10 % 


of safety, SF, were 1.2 and 1.5. Because the peak accelerations and permanent 
displacements vary on the ground surface, seven monitoring points (points B to H, 
as shown in Fig. 18.18), were placed on the ground surface. The slopes were excited 
by acceleration time histories with PGA varying from 0.05 g to 0.40 g on the 
bedrock (base of the model, point A in Fig. 18.18). The values of the peak 
accelerations and permanent displacements at the monitoring points were deter- 
mined from the FE analyses and were averaged. For the permanent shear strain, the 
maximum value was determined from each analyses. 

Figure 18.19a, b present typical results of the FE analyses for the case FS = 1.2 
due to an earthquake with PGA=0.4 g. Figure 18.19a displays the contours of 
permanent slope displacements. The displacement values range from 0.0 to 1.3 m. 
Figure 18.19b displays the contours of the permanent shear strains. The values 
range from 0.0 to about 10 % at the toe of the slope. 

Figure 18.20 compares the results of the 2D FE analyses with the predictive 
models developed in this paper. The figures show the comparison of both the 
permanent displacements and permanent shear strains. For the former parameter, 
both the average 2D results and the maximum values are plotted. For the latter 
parameter, the maximum permanent strains from the 2D model are plotted together 
double the strains. The reason for this is that the shear strain is more sensitive to the 
FE mesh size, and there is a tendency that the maximum strain increases, as the 
mesh is refined. The results in both cases show fairly good agreement with those 
from the predictive models. 
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Fig. 18.20 Results from 2D FEM for FS — 1.2 versus best fit predictions, (a) permanent displace- 
ments, (b) permanent shear strains 
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Fig. 18.21 Results from 2D FEM for FS — 1.5 versus best fit predictions, (a) permanent displace- 
ments, (b) permanent shear strains 
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Figure 18.21 presents similar comparisons for the case FS — 1.5. While com- 
parison of the displacements by the FE model and predictive model is satisfactory, 
the predictive model for shear strain tends to overly estimate the shear strains. This 
is a typical effect of 2D geometry which represents a conservative situation 
compared to a 1D idealization. As the size of the slope increases, this effect is 
diminished, and the 2D results tend more to the 1D results as captured by the 
predictive models developed in this paper. 
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Chapter 19 
Recent Advances in Seismic Soil Liquefaction 
Engineering 


K. Onder Cetin and H. Tolga Bilge 


Abstract The assessment of cyclic response of soils has been a major concern of 
geotechnical earthquake engineering since the very early days of the profession. 
The pioneering efforts were mostly focused on developing an understanding of the 
response of clean sands. These efforts were mostly confined to the assessment of the 
mechanisms of excess pore pressure buildup and corollary reduction in shear 
strength and stiffness, widely referred to as seismic soil liquefaction triggering. 
However, as the years passed, and earthquakes and laboratory testing programs 
continued to provide lessons and data, researchers and practitioners became 
increasingly aware of additional aspects, such as liquefaction susceptibility and 
cyclic degradation response of silt and clay mixtures. Inspired from the fact that 
these issues are still considered as the “soft” spots of the practice, the scope of this 
chapter is tailored to include a review of earlier efforts along with the introduction 
of new frameworks for the assessment of cyclic strength and straining performance 
of coarse- and fine-grained soils. 


19.1 Introduction 


The assessment of cyclic response of soils has been a major concern of geotechnical 
earthquake engineering since the very early days of the profession. Engineering 
treatment of liquefaction-induced problems evolved initially in the wake of the two 
devastating earthquakes of 1964 (Niigata, Japan and Great Alaska, USA), during 


K. Onder Cetin (PX) 
Department of Civil Engineering, Middle East Technical University, Ankara, Turkey 
e-mail: kemalondercetin@ gmail.com 


H.T. Bilge 
GeoDestek Geoengineering and Consultancy Services, Ankara, Turkey 


A. Ansal (ed.), Perspectives on European Earthquake Engineering and Seismology, 585 
Geotechnical, Geological and Earthquake Engineering 34, 
DOI 10.1007/978-3-319-07118-3 19, O The Author(s) 2014 


586 K. Onder Cetin and H.T. Bilge 


1. Assessment of the liquefaction of "triggering" or initiation of soil liquefaction. 


2. Assessment of post-liquefaction strength and overall post-liquefaction stability. 


3. Assessment of expected liquefaction-induceddeformations and displacements. 


4. Assessment of the consequences of these deformations and displacements. 


5. Implementation (and evaluation) of engineered mitigation, if necessary. 


Fig. 19.1 Key elements of soil liquefaction engineering 


which seismically-induced soil liquefaction was listed as one of the prime causes of 
structural failures. Pioneering efforts to resolve this problem have focused on 
developing an understanding on liquefaction triggering behavior of mostly clean 
sands. However, as earthquakes continued to provide lessons and data, researchers 
became increasingly aware of the problems associated with the cyclic response of 
silty and clayey soils. 

Today, the profession of “soil liquefaction engineering” is emerging as a rapidly 
progressing field of practice. Within the scope of this chapter, in addition to the 
summary of the current state of practice, recent advances in this progressing field 
will be presented. As illustrated schematically in Fig. 19.1, consistent with the five 
major steps of seismic soil liquefaction engineering assessment, the discussion 
layout of the chapter is also structured to follow the same footprints. 

Among these, the first step in seismic soil liquefaction engineering involves the 
assessment of soil liquefaction triggering and has drawn the highest level of 
research interest. Despite the level of current controversy, it can still be concluded 
as the most developed assessment stage in liquefaction engineering, and will be 
discussed next. 


19.2 Assessment of Liquefaction Potential and Triggering 


19.2.1 Potentially Liquefiable Soils 


There has long been a consensus in the literature that “clean” sandy soils, with 
limited fines, are potentially vulnerable to seismically-induced liquefaction. There 
has, also been significant controversy and confusion regarding the liquefaction 
potential of silty soils (and silty/clayey soils), and also of coarser, gravelly soils 
and rockfills. 

The cyclic behavior of coarse, gravelly soils is not very different than that 
of "sandy" soils. There are now a number of well-documented field cases of 
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liquefaction of coarse, gravelly soils (e.g.: Ishihara 1985; Evans 1987; Harder 1988; 
Andrus et al. 1991). As discussed in Seed et al. (2001), these soils do differ in 
behavior from sandy soils in two ways: (1) they can be much more pervious, and so 
can often rapidly dissipate cyclically generated pore pressures, and (2) due to their 
larger particle masses, the coarse gravelly soils are seldom deposited “gently” and 
so they are not commonly encountered in loose state as compared with sandy soils. 
However, it should be noted that the apparent drainage advantages of coarse, 
gravelly soils can be eliminated (i) if they are surrounded and encapsulated by 
less pervious finer materials, (ii) if drainage is internally impeded by the presence of 
finer soils in the void spaces between the coarser particles, or (3) if the layer 
thickness is large, which in turn increase the distance over which drainage must 
occur (rapidly) during an earthquake. In these cases, the coarser soils should be 
considered to be potentially liquefiable and be assessed for liquefaction triggering 
hazard. This naturally requires the estimation of in-situ density state (or the pene- 
tration resistance), for which the Becker penetration test still continues to be the 
only practical tool, despite its major limitations. 

Contrary to the consensus on liquefaction potential of clean sands, the suscep- 
tibility of silt and clay mixtures to liquefaction has been one of the controversial and 
widely discussed issues. As previously stated, in the early days of the profession, 
plastic silt and clay mixtures were considered to be resistant to cyclic loading, and 
consistently, most research was focused on cyclic response of saturated sandy soils 
mainly. This choice is also reinforced with liquefaction-induced ground failure case 
histories at coarse-grained (sandy) soil sites after the 1964 Alaska and Niigata 
earthquakes. However, in the following years, especially after fine-grained soil site 
failure case histories of 1975 Haicheng and 1979 Tangshan earthquakes from China 
(Wang 1979), increasing number of research studies focused on understanding their 
cyclic response. 

On the basis of Wang’s (1979) database and conclusions, a set of criteria to assess 
liquefaction potential of soils with fines (widely referred to as Chinese Criteria) was 
proposed by Seed and Idriss (1982). These criteria had been used widely with slight 
modifications (Finn et al. 1994; Perlea 2000; Andrews and Martin 2000). More 
recently, ground failure case histories compiled after 1989 Loma Prieta, 1994 
Northridge, 1999 Adapazari and Chi-Chi earthquakes have refreshed research 
attention on assessing cyclic mobility response of clayey soils. Case histories from 
these earthquakes highlighted that low plasticity silt and clay mixtures may signif- 
icantly strain soften, which may in turn cause significant damage to overlying 
structural systems. As an alternative to Chinese Criteria, Seed et al. (2003), Bray 
and Sancio (2006), Boulanger and Idriss (2006), and Bilge (2010) proposed new 
susceptibility criteria based on field observations and laboratory test results. Before 
the discussion of these methods, it is helpful to note that assessing susceptibility of 
soils to liquefaction, requires a potentially liquefiable soil definition, which ideally 
should be independent of the intensity and duration of earthquake loading. This is a 
difficult to achieve requirement and is listed as one of the common drawbacks of 
existing susceptibility criteria. Hence, in practice, for most cases, unfortunately 
liquefaction susceptibility (potential) assessments are combined with liquefaction 
triggering. 
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Seed et al. (2003) recommended a set of new susceptibility criteria inspired 
from the case histories and results of cyclic tests performed on “undisturbed” fine- 
grained soils documented after 1999 Adapazari and Chi-Chi earthquakes. As 
presented in Fig. 19.2, Seed et al. (2003) used liquid limit (LL), plasticity index 
(PI) and water content (w) to assess liquefaction susceptibility of soils. Fine grained 
soils with PI < 12 and LL < 37 are concluded to be potentially liquefiable, if the 
natural water content is wetter than 80 % of their liquid limit. 

Bray and Sancio (2006) developed their liquefaction susceptibility criteria based 
on cyclic test results performed on undisturbed fine grained soil specimens 
retrieved from Adapazari province of Sakarya City, in Turkey. As summarized in 
Fig. 19.3, contrary to Seed et al. (2003), Bray and Sancio adopted the PI and w/LL 
ratio as the two input parameters of the problem. Fine grained soils with PI < 12 are 
judged to be potentially liquefiable, if their natural water content is wetter than 85 96 
of their liquid limit. Also, it should be noted that unlike most of available methods 
to assess liquefaction susceptibility of fine grained soils, Bray and Sancio (2006) 
provided a complete documentation of their database (1.e. tested specimens and also 
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test conditions), which establish the basis of their recommendation. As clearly 
revealed by the adopted cyclic stress ratio levels and consolidation stress histories 
of soil samples, the intent of these criteria seems to assess liquefaction potential 
(better to refer to it as triggering) response of Adapazari soils, specifically subjected 
to 1999 Kocaeli Earthquake (M,, = 7.5) shaking. This limits the global validity of 
their findings. 

Again, a relatively recent attempt was made by Boulanger and Idriss (2006) 
based on cyclic laboratory test results and on their extensive engineering judgment. 
As part of this new methodology, cyclic response of fine-grained soils are catego- 
rized as “sand-like” and "clay-like", where soils that behave “sand-like” are judged 
to be potentially liquefiable and have substantially lower values of cyclic resistance 
ratio (CRR) compared to those classified as to behave “clay-like”. As presented in 
Fig. 19.4, the only input parameter was chosen as PI, and fine grained soils with 
PI>7 are judged to exhibit significantly “larger” cyclic resistance. The main 
drawback is that the y-axis of Fig. 19.4 is not to scale, thus the magnitude of larger 
CRR of “clay-like” soils as compared to “sand-like” ones cannot be clearly 
appreciated. Moreover, it should be noted that CRR definitions of the authors for 
“sand like” and “clay like” soils are quite different; hence a direct and a fair 
comparison between them is difficult. 

As part of his Ph.D. studies under the supervision of Prof. Cetin, Bilge (2010) 
proposed a new liquefaction susceptibility criterion based on cyclic triaxial tests 
performed on a wide range of high quality “undisturbed” fine grained soil samples. 
As opposed to a r, or Ymax threshold, occurrence of contraction — dilation cycles 
(i.e. banana loops), was used as the screening evidence for liquefaction triggering. 
Fine grained soils with PI values in excess of 30 are identified as “non-liquefiable” 
but with susceptibility to “cyclic mobility”. Similarly, fine grained soils satisfying 
the following condition are classified as potentially “liquefiable” 
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LI > 0.578 - In(PI) — 0.940 (19.1) 


where LI is the liquidity index. The use of LI along with the occurrence of banana 
loops as a screening tool could be listed as the major contribution of this method. 
The proposed criterion along with the test database is presented in Fig. 19.5, and a 
complete documentation is available in Bilge (2010). 

Although these studies were welcomed by practicing engineers as significant 
improvements over earlier efforts, they were observed to suffer from one or more of 
the following: 


(i) ideally separate assessments of (a) identifying potentially liquefiable soils and 
(b) liquefaction triggering, were combined into a single assessment. When soil 
layers (in the field) or samples (in the laboratory) liquefied under a unique 
combination of CSR and number of equivalent loading cycle, N (or moment 
magnitude of the earthquake), they were erroneously labeled as “potentially 
liquefiable" rather than correctly labeled as “liquefied” at the selected CSR 
and N combination. These types of combined assessment procedures produce 
mostly biased classifications of potentially liquefiable soils. 

(ii) judging liquefaction susceptibility of a soil layer or a sample through a unique 
combination of CSR and number of equivalent loading cycle (or moment 
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magnitude of the earthquake) requires clear definition for liquefaction trigger- 
ing. Unfortunately, there exist multiple and mostly conflicting strain, pore 
pressure or field performance based definitions, some of which are not even 
clearly documented. 

(iii) liquefaction triggering manifestations and their extent are not unique in the 
field (sand boils, extensive settlements, lateral spreading etc.). There is no 
single liquefaction definition (exceedance of threshold r, or Ymax levels) for 
laboratory-based evaluations either. The success rate of the existing assess- 
ment methodologies for identifying liquefiable soils depend strongly on the 
adopted threshold levels. 


The authors of this chapter believe that either fine or coarse grained, every soil 
can be liquefied, and hence potentially liquefiable, if liquefaction triggering is 
defined by a threshold maximum shear strain, excess pore pressure ratio, or even 
the existence of banana loops. The dilemma, which is yet to be solved, is the 
identification of cyclic stress and number of loading cycle combinations to trigger 
liquefaction. Hence, with increasing popularity in performance based design prac- 
tice, and available tools to assess cyclic straining and pore pressure responses of 
both fine and coarse grained soils, the elementary assessment steps of liquefaction 
susceptibility and triggering will be less popular and eventually eliminated. Alter- 
natively, the assessments will directly start with the estimations of cyclically- 
induced strain or excess pore pressure levels. However, until this is achieved, 
existing liquefaction susceptibility and triggering methodologies will be used as 
initial screening tools. 


19.2.2 Assessment of Liquefaction Triggering 


Quantitative assessment of the likelihood of “triggering” or initiation of liquefac- 
tion is the necessary first step for most projects involving seismically-induced 
liquefaction problems. There exist two approaches for the purpose: the use of 
(1) laboratory testing of “undisturbed” samples, and (2) empirical relationships 
based on correlations with observed field behavior on the basis of various in-situ 
“index” tests. 

The use of laboratory testing is complicated by difficulties associated with 
sample disturbance during both sampling and reconsolidation of cohesionless 
soils. It is also difficult and costly to perform high-quality cyclic simple shear 
testing, and additionally cyclic triaxial testing poorly represents the loading condi- 
tions of principal interest for most seismic problems. Both sets of problems can be 
ameliorated, to some extent, by use of appropriate “frozen” sampling techniques, 
and subsequent testing in a high quality cyclic simple or torsional shear apparatus. 
The difficulty and cost of these sophisticated techniques, however, places their use 
beyond the budget and scope of most engineering projects. 
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Accordingly, the use of in-situ “index” testing is the dominant approach in 
common engineering practice. As summarized in the recent state-of-the-art paper 
(Youd et al. 2001), four in-situ test methods have now reached to a level of 
sufficient maturity as to represent viable tools for this purpose. These are (1) the 
standard penetration test (SPT), (2) the cone penetration test (CPT), (3) measure- 
ment of in-situ shear wave velocity (V,), and (4) the Becker penetration test (BPT). 
The oldest, and still the most widely used of these, is the SPT, and SPT-based 
methods will be the major focus of the following sections. 


19.2.2.1 SPT-Based Triggering Assessment 


The use of the SPT as a tool for the evaluation of liquefaction potential first began 
after the 1964 Great Alaskan Earthquake (M = 8+) and the 1964 Niigata Earth- 
quake (Mz 7.5), both of which produced significant number of liquefaction- 
induced failure case histories (e.g.: Kishida 1966; Seed and Idriss 1971). As 
discussed by the NCEER Working Group (NCEER 1997; Youd et al. 2001), one 
of the most widely accepted and widely used SPT-based correlations is the “deter- 
ministic" relationship proposed by Seed, et al. (1984, 1985). Figure 19.6 shows this 
relationship, with minor modification at low CSR (as recommended by the NCEER 
Working Group; NCEER 1997). This familiar relationship is based on comparison 
between SPT N-values, corrected for both effective overburden stress and energy, 
equipment and procedural factors affecting SPT testing (to Njo-values) 
vs. intensity of cyclic loading, expressed as magnitude-weighted equivalent uni- 
form cyclic stress ratio (CSR,4). As shown in Fig. 19.6, the relationship between 
corrected N; ¢o-values and the intensity of cyclic loading required to trigger lique- 
faction is also a function of fines content. Although widely used in practice, this 
relationship is dated, and does not make use of an increasing body of field case 
history data from seismic events that have occurred since 1984. It is particularly 
lacking data from cases where peak ground shaking levels were high (CSR > 0.25), 
an increasingly common design range in regions of high seismicity. This correlation 
also has no formal probabilistic basis, and so provides no insight regarding either 
uncertainty or probability of liquefaction. Efforts at development of similar, but 
formally probabilistically-based, correlations have been published by a number of 
researchers, including Liao et al. (1988, 1998), and more recently Youd and Noble 
(1997), and Toprak et al. (1999). Cetin (2000) reassessed available case history data 
with improved understanding in geotechnical and earthquake engineering practice 
and recommended updated probabilistically-based liquefaction boundary curves for 
liquefaction triggering. Figure 19.6 comparatively presents these methods (bound- 
aries corresponding to 5, 20, 50, 80 and 95 % probability of liquefaction) along 
with the “deterministic” boundaries given in the early work Seed et al. (1984). As 
revealed by this figure, Cetin et al. (2004) produces a more accurate and precise set 
of predictions. 

Key elements in the development of Cetin et al. (2004) were: (1) accumulation 
of a significantly expanded database of field performance case histories, (2) use of 
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Fig. 19.6 Comparison of the existing methods for evaluation of liquefaction potential. (a) Liao 
et al. (1988). (b) Youd and Noble (1997). (c) Toprak et al. (1999). (d) Cetin et al. (2004) 


improved knowledge and understanding of factors affecting interpretation of SPT 
data, (3) incorporation of improved understanding of factors affecting site-specific 
ground motions (including directivity effects, site-specific response, etc.), (4) use 
of improved methods for assessment of in-situ cyclic shear stress ratio (CSR), 
(5) screening of field data case histories on a quality/uncertainty basis, and 
(6) use of higher-order probabilistic tools (Bayesian Updating). Bayesian updating 
methodology (a) allowed for simultaneous use of more descriptive variables than 
most prior studies, and (b) allowed for appropriate treatment of various contributing 
sources of aleatory and epistemic uncertainty. The resulting relationships not only 
provide greatly reduced uncertainty, they also help to resolve a number of corollary 
issues that have long been difficult and controversial, including: (1) magnitude- 
correlated duration weighting factors, (2) adjustments for fines content, and 
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(3) corrections for effective overburden stress. Moreover, non-linear mass partici- 
pation factor (rg), which is a significant component of the “simplified procedure" of 
Seed and Idriss (1971) (Eq. 19.2), was re-evaluated based on the results of 2,153 
seismic site response analyses. Cetin and Seed (2002) developed a relation in terms 
of depth (d), moment magnitude (M,,), peak horizontal ground surface acceleration 
(Amax) and stiffness of the site (V*, 12 in m/s) (Eq. 19.3). 


Amaks Oy 


CSR denk = 0.65 eS id (19.2) 
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For d < 12 m o,,,(d) = 4599 . 0.0198 (19.3c) 
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The close form solution of Cetin et al. (2004) for the assessment of the proba- 
bility of liquefaction, which involves the corrections for the influence of fines 
content, duration and effective stress, is given in Eq. (19.4). 


N 1,59: (12-0.004 FC) — 13.32- In(CSR) 
—29.53- In(M,,) — 3.70-1n(o,,/P.;) 
--0.05- FC 4- 16.85 
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(19.4) 
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where P; — probability of liquefaction in decimals (i.e. PL —50 % is represented as 
0.30); CSR, is not “adjusted” for magnitude (duration), overburden or fines effects 
(i.e.: corrections are executed within the equation itself); FC — percent fine content 
(by dry weight) expressed as an integer (e.g., 12 % fine is expressed as FC—12) 
with the limit of 5 X FC € 35; Pa— atmospheric pressure (—1 atm ~100 kPa- 2,000 
psf) in the same units as the in situ vertical effective stress; and ® standard 
cumulative normal distribution. Also the cyclic resistance ratio for a given proba- 
bility of liquefaction can be expressed as follows: 


N1 60 (1 + 0.004 - FC) — 29.53 - In(M,,) 
—3.70 - In(c;/P,) + 0.05 - FC-- 
16.85 + 2.70 - - ! (Pj) 

13.32 


CRR (Nie Ms, c, FC, P1) = exp 


(19.5) 


where © '(P;)=inverse of the standard cumulative normal distribution (i.e., 
mean =0, and standard deviation = 1). For spreadsheet construction purposes, the 
command in Microsoft Excel for this specific function is "NORMINWV(P, 0,1)". 

If a user prefers using this method to calculate factor of safety (i.e. for deter- 
ministic analysis), then CRR corresponding to Pj, — 50 96 (0.5) should be used as 
the capacity term. Note that a factor of safety in the range of 1.0-1.20 is 
typically used. 

More recently, Idriss and Boulanger (2006) proposed a new semi-empirical 
approach for the evaluation of liquefaction triggering. The similarity of the pro- 
posed boundary curves with the ones proposed by Seed et al. (1985) is remarkable 
and should be noted. The presence of a number of alternative liquefaction triggering 
methodologies is a source of confusion for practicing engineers, and indicates the 
lack of consensus among researchers. For the purpose of clarifying the sources of 
this disagreement, integral components of liquefaction triggering assessments will 
be revisited, and the degree of consensus in these components will be discussed. For 
this purpose four sets of comparison charts were prepared. As shown in Fig. 19.7, 
the disagreement in the recommended r, values is remarkable, and depending on 
the adopted r4 model, CSR values can be different by a factor of 1.1—1.2 at shallow 
depths. Similarly, the scatter in magnitude scaling (or duration weighting) factors, 
especially at smaller magnitude events is large and may produce CSR estimates 
different by a factor of 1.5-3. K, correction is another source of controversy and 
deserves further discussion. In 1984, Seed et al. presented their widely used 
relationship between procedure and overburden-corrected SPT blow counts, Nj 60 
and CSR triggering liquefaction during a M,, — 7.5 event. Consistent with Seed 
(1983) and Seed et al. (1984), with the argument that K, corrections were not 
applied when assessing liquefaction triggering case histories (i.e.: back analysis), 
which establish the basis of liquefaction triggering relationship, consistently, it was 
recommended not to apply K, corrections for liquefaction engineering assessment 
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Fig. 19.7 Comparison of the existing methods for the evaluation of ra, MSF, Ko and fines 
corrections 


of soil layers (i.e.: forward analysis) with a vertical effective stress less than 1 atm. 
Unfortunately, this -at first glance consistent and practical choice- produced 
unconservatively biased predictions for deep soil layers due to the fact that median 
vertical effective stress of liquefaction triggering case histories is 56 kPa (or 65 kPa 
if weighting applied, Cetin 2000) but not 100 kPa. Last but not least, due to 
asymptotic nature of triggering curves, fines corrections applied on Nj 69 can be 
extremely critical. In the literature, there exist contradicting arguments about if and 
how fines affect cyclic straining, pore pressure and stiffness degradation response 
of granular soils. 

It is quite natural that the scattered correction factors produce a wide range of 
liquefaction triggering curves. However, it should be noted that practicing engi- 
neers may eliminate some of the uncertainty in liquefaction triggering predictions 
by consistently following the correction scheme of the original reference, since 
these corrections were consistently applied in the processing of case histories as 
well. Unfortunately, even consistency does not always guarantee the elimination of 
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bias, if these models are used to predict the liquefaction performance of a site 
subjected to an earthquake shaking, which are different from “typical” (i.e.: median 
values) of the case history databases. 

Within the confines of this chapter, due to page limitations and their wide use, 
only SPT-based methods were discussed. Regarding the CPT-based methods, 
readers are referred to the deterministic and probabilistic methods of Robertson 
and Wride (1998) and Moss et al. (2006), respectively. Shear wave velocity and 
Becker penetration test-based methods are relatively less frequently used; but 
readers are referred to Kayen et al. (2013) and Harder and Seed (1986), respec- 
tively, for a complete review of available literature. 

It should be noted that all these methods are applicable to either clean sands or 
sands with limited amount of fines. As discussed earlier, silt and clay mixtures may 
also be susceptible to cyclic loading-induced strength loss and deformations. 
Unfortunately, research interest on their cyclic response picked up only recently, 
and hence, a comprehensive effort summarizing their cyclic performance is still 
missing. Yet, Boulanger and Idriss (2007) needs to be referred to as a practical tool, 
which is waiting to be tested via sufficient number of case histories. 

Following sections are devoted to the discussion of seismic strength and deforma- 
tion responses of soils, which allows a direct evaluation of seismic soil performance. 


19.3 Assessment of Seismic Strength Response of Soils 


There is a significant tendency towards the performance-based approaches in 
today’s engineering profession. From seismic soil response point of view, this 
tendency puts forward the prediction of strength and deformation performances. 
Actually, they establish the basis of second and third level liquefaction engineering 
assessments, as outlined by Seed et al. (2001) (Fig. 19.1). For the sake of consis- 
tency, cyclic strength loss will be discussed before the discussion of cyclic 
straining. 


19.3.1 Seismic Strength Performance of Clean Sands 
and Silt — Sand Mixtures 


Most of the previous efforts have focused on saturated clean sands and non-plastic 
silt — sand mixtures. Shear strength of these soils solely rely on the effective stress 
state and inter granular friction. Thus, an increase in seismically-induced excess 
pore water pressure may cause a significant reduction in shear strength (most 
extreme case is liquefaction) of saturated cohesionless soils. 

Consistent with liquefaction triggering methodologies, there exist two alterna- 
tives: (1) sampling and laboratory testing, and (ii) correlation of post-liquefaction 
strength with field case history data. The "steady-state" approach (e.g.: Poulos 
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et al. 1985), has benefitted from laboratory testing of both reconstituted and 
high-quality “undisturbed” samples, and a systematic basis for correction has 
been proposed for post-liquefaction “steady-state” strengths due to inevitable 
disturbance and densification effects that occurred during sampling and 
re-consolidation phases of undrained shearing. The method was eventually claimed 
to produce post-liquefaction strengths that were much higher than those back- 
calculated from field failure case histories (e.g. Seed et al. 1989). Hence, most 
research has diverted to the latter approach. 

After the pioneering work of Seed (1987), many researchers (e.g., Davis 
et al. 1988; Seed and Harder 1990; Robertson et al. 1992; Stark and Mesri 1992; 
Ishihara 1993; Wride et al. 1999) have performed extensive research to assess post- 
liquefaction shear strength of saturated sandy soils. Among these, Seed and Harder 
(1990) along with Stark and Mesri (1992) were widely accepted and used. Seed and 
Harder (1990) defined residual shear strength (s,,,) in terms of procedure-, energy-, 
overburden stress- and fines- corrected SPT blow counts (Nj 60,cs) as presented in 
Fig. 19.8. Alternatively, Stark and Mesri (1992) normalized residual shear strength 
by initial vertical effective stress, and presented a chart solution as a function of 
Ni.60.cs as Shown in Fig. 19.9. 

Recently, Olson and Stark (2002) revisited the available case history database 
and recommended the post-liquefaction shear strength relationships as a function of 
SPT blow counts and CPT tip resistance, as given in Eqs. (19.6) and (19.7), 
respectively. 


For N; 6o < 12, wS _ 9.03 + 0.0075 [(N1)so] + 0.03 (19.6) 
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More recently, Idriss and Boulanger (2007) re-assessed earlier efforts and 
existing case histories, and recommended two sets of solutions again for SPT and 
CPT data as presented in Figs. 19.10 and 19.11, respectively. Moreover, authors 
also developed the following close form solutions for the estimation of residual 
shear strength by taking into account void redistribution effects. If the influence of 
void redistribution is significant, residual shear can be estimated as follows: 
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Alternatively, if void redistribution effects are negligible, 
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where d' represents the effective stress based internal angle of friction 


19 Recent Advances in Seismic Soil Liquefaction Engineering 601 


Fig. 19.12 Cyclic shear 
strain induced reduction in 
shear strength (After Castro 
and Christian 1976) 


Tal Ts 


00 0.5 1.0 1.5 
Yel gs 


The recent effort of Idriss and Boulanger (2007) is considered to be an improve- 
ment over previous studies due to increased number of case history data points as 
well as consideration of the void redistribution effects. However, considering the 
scatter in case history data, the recommendation of a deterministic boundary curve 
(instead of upper and lower bounds or probabilistically based boundaries) is judged 
to be the limitation of the study. 


19.3.2 Seismic Strength Performance of Silt — Clay Mixtures 


Although post-cyclic strength loss is accepted to be more critical for saturated 
cohesionless soils, it could also be a serious threat for cohesive soils depending on 
intensity and duration of shaking and their undrained shear strength. Depending on 
the dilatancy properties of soil, the intensity of shaking and also post-cyclic stress 
path, post-cyclic shear strength may be significantly different than monotonic shear 
strength. Additionally, shear strength of most clays decreases due to remolding and 
excess pore pressure increase during cyclic loading. 

In their pioneer study, Thiers and Seed (1969) proposed a chart solution given in 
Fig. 19.12, where the ratio of post-cyclic to monotonic shear strength was defined as 
a function of cyclic shear strain amplitude to shear strain at which monotonic failure 
takes place. Figure 19.12 reveals that strength loss may be a factor of five. However, 
as long as the amplitude of the cyclic shear strain (y.) is less than half of the strain 
level required for monotonic failure (yg), the reduction in shear strength is less than 
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10 %. Later, Lee and Focht (1976), Koutsoftas (1978) and Sherif et al. (1977) 
provided experimental data supporting the findings of Thiers and Seed (1969). 
Additionally, Sangrey and France (1980) presented a supporting theoretical frame- 
work on the basis of critical state soil mechanics. 

Castro and Christian (1976) also investigated post-cyclic shear strength of 
various types of soils. They addressed that s, pc predictions using effective stress 
based Mohr Coulomb failure criterion might be misleading since this approach 
ignored the possible dilative nature of soil specimens. They have also stated that 
post-cyclic shear strength (s, pc) of clayey soils were very similar to their monotonic 
shear strength (s,). The latter observation is based on the results of 4 cyclic tests 
performed on clayey soils having PI and LI values varying between 15-19 and 
0.27—0.69, respectively. Thus, it is believed that the findings of the authors may not 
be valid for potentially liquefiable fine grained soils, and their statement on the 
similarity s,,,- and s, values is, least to say, unconservative. 

Van Eekelen and Potts (1978) proposed the following expression relating Supe 
and s, of clayey soils. 


Supe __ (1 — ny"? (19.10) 
M 


u 

where y and 4 are the critical state swell and compression coefficients, respectively, 
and the determination of them requires oedometer testing. Using consolidation 
theory as a theoretical basis, Yasuhara (1994) proposed a framework for estimating 
post-cyclic shear strength of cohesive soils considering both undrained and drained 
loading conditions. According to Yasuhara's observations the extent of the decrease 
in shear strength varies from 10 to 50 % of monotonic shear strength. Yasuhara 
(1994) proposed the close form solution presented in Eq. (19.11). 


Su,cy Ao 
© (ocr) . (40-4 19.11 
Su,NC Oe Ja h m C,/C. ) á ) 


where S„,cy and s, vc are post-cyclic and monotonic shear strengths, respectively; Cs 
and C, are swelling and compressibility indices, respectively; (OCR), is the ratio of 
mean effective stresses before (p/) and after (p,’) the application of cyclic shear 
stresses; and Ap is a material constant determination of which requires additional 
consolidation testing. Based on the findings of Ue et al. (1991), Yasuhara proposed 
the following equation for the prediction of Ao/(1 — C./C.) term; 


Ao/(1 — C,/C.) = 0.939 — 0.002 - PI (19.12) 


While this framework is arguably the most complete approach to assess post- 
cyclic shear strength of cohesive soils, it is judged to suffer from the following 
limitations: (1) applicability to post-liquefaction residual shear strength problems is 
still arguable, (ii) in the verification set, Yasuhara used clayey soils with high PI 
values reaching up to 320 and naturally none of the specimens experienced high r,, 
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Fig. 19.13 Database used 
for development of 
Eq. (19.12) 


Ao/(1-Cs/Ce) 


Plasticity index Ip 


levels. (iii) there is no information on moisture content, so it is not possible to 
comment on liquefaction susceptibility of tested specimens. (OCR), is another 
important component of this model; yet its estimation is not trivial. This term has 
been used by various researchers previously: Okamura (1971) referred to it as 
“disturbance ratio”, Matsui et al. (1980) used the term “equivalent overconso- 
lidation ratio” and Yasuhara et al. (1983) called it as “apparent” or “quasi- 
overconsolidation ratio”. According to Yasuhara, its value depends on cyclically 
induced excess pore water pressure ratio. Following simplified expression was 
proposed for Yasuhara (1994) to predict (OCR),. 


(OCR), = (OCR) i (19.13) 


where OCR is the overconsolidation ratio of the tested specimen. For the sake of 
producing a practical approach, Yasuhara once again adopted a relation given by 
Ue et al. (1991) for prediction of C,/C, which is given as follows: 


C,/C, = 0.185 + 0.002 - PI (19.14) 


Expressing the parameters as a function of PI is a very practical approach; yet in 
turn, the success of Yasuhara's method strongly depends on Ue et al. (1991)'s 
correlations. Performance of these correlations is waiting to be tested since database 
of Ue et al. involves significant amount of data scatter as presented by Figs. 19.13 
and 19.14 for Eqs. 19.12 and 19.14, respectively. Hence practicing engineers need 
to use it with caution due to the large uncertainty involved. 

Although almost four decades have passed since the pioneer efforts on the 
evaluation of post-cyclic strength of silt and clay mixtures, current state of literature 
reveals that more needs to be done. This discussion revealed that these early efforts 
did not specifically focus on cyclic response of soils with significant straining and 
excess pore pressure generation potential. In these extremes, specimens may lose 
significant fraction of their initial shear strength. Inspired from this gap, a 
probabilistic-based semi-empirical model (Eq. 19.14) is developed to predict the 
ratio of the minimum shear strength during the course of cyclic loading to initial 
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undrained shear strength as a function of Atterberg limits (PI and liquidity index, 
LI). Moreover, Fig. 19.15 presents the proposed model schematically. Readers are 
referred to Bilge (2010) for further details of model development. 


In (===) = In(0.089 . pe? . Lp + 0.213 (19.15) 


Su, st 


It should be noted that the proposed model is developed for the estimation of 


shear strength reduction due to cyclic-induced remolding and increase in excess 
pore pressure. 
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19.4 Assessment of Seismic Deformation Response of Soils 


Despite major advances in soil liquefaction engineering, assessment of anticipated 
post-cyclic strain and deformations has remained a very "soft" area of practice. 
Within the confines of this chapter existing methods for assessment of cyclic- 
induced deformations will be discussed. 


19.4.1 Seismic Deformation Response of Clean Sands 
and Silt — Sand Mixtures 


Numerous researchers have tried to quantify cyclic (or sometimes liquefaction- 
induced) soil straining through use of deterministic techniques based on laboratory 
test results and/or correlations of in-situ “index” tests with observed field perfor- 
mance data. Seed and Idriss (1971) proposed "simplified procedure", a widely 
accepted and used methodology, where cyclic stress ratio (CSR), and overburden- 
, fines- and the procedure-corrected Standard Penetration Test (SPT) blow-counts 
(Ni60,cs) were selected as the load and capacity terms, respectively, for the 
assessment of seismic soil liquefaction triggering. Using Nj 60,cs and CSR terms, 
Tokimatsu and Seed (1984) recommended a set of chart solutions for the estimation 
of limiting shear and post-cyclic volumetric strains based on the results of cyclic 
triaxial and simple shear tests performed on clean sands, further calibrated with 
case history performance data. Similarly, based on the results of cyclic simple shear 
tests, Ishihara and Yoshimine (1992) proposed cyclically-induced maximum shear 
and post-cyclic volumetric strain correlations, where normalized demand term was 
chosen as factor of safety against liquefaction, and capacity term was defined as 
relative density (Da), or cone tip resistance (q+), or SPT blow count (N1 72). Based 
on the results of cyclic torsional shear tests, Shamoto et al. (1998) recommended a 
semi-empirical constitutive model, as well as chart solutions, for the estimation 
of post-cyclic residual shear and volumetric strains. Recently, Wu et al. (2003) 
proposed cyclically-induced limiting shear and post-cyclic volumetric strain 
correlations based on the results of cyclic simple shear tests. Wu and Seed (2004) 
attempted to validate this volumetric strain relationship with ground settlement 
field case history data compiled from a number of earthquakes. Recommendations 
of all these four methods in the form of equi-shear or equi-volumetric strain 
contours are shown in Figs. 19.16, 19.17 and 19.18. However, direct comparisons 
are difficult and not fair due to different definitions of demand and capacity, as well 
as shear strain terms adopted. 

All these deterministic methods have been regarded as the best of their kinds, 
and used in practical applications for many years. However, none of them considers 
the uncertainties associated with the nature of the problem. Recently, Cetin 
et al. (20092) has introduced a new probabilistic-based framework based on the 
results of a comprehensive cyclic testing program. Semi-empirical models were 
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Fig. 19.16 Available 
methods for the estimation 
of cyclically-induced 
deviatoric strains 
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developed for estimation of maximum cyclic shear and post-cyclic reconsolidation 
volumetric strain potentials of saturated clean sands, as presented by Eqs. (19.16) 
and (19.17), respectively. Moreover, these models are presented schematically in 
Figs. 19.19 and 19.20, respectively. 


—0.025. N l R —D.latm) + 2.61 
lily = 0.025 - Ni,60,cs + In(CSRss,20,1-D,1 am) + 2.613 ens 
0.004 - N 1.60, cs + 0.001 


limit : 5 € N1,60,cs < 40,0.05 € CSRss.20,1-D,1am < 0.60 and 096 < Ymax < 50% 


(19.16) 


780.416 - In(CSRss.2o, 1—D, Vatm) = Ni.60,cs + 2442.465 
636.613 - Ni.so,cs + 306.732 


In(e,) = In | 1.879 - In 


+ 5.583 | + 0.689 


limit : 5 < N1.60,cs « 40, 0.05 € CSR'ss.20,1—D, latm < 0.60 and 096 <a< 5% 
(19.17) 
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Fig. 19.19 Recommended 
maximum double amplitude 
shear strain boundary 
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et al. (2009a) 
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Proposed models were given in terms of Nj 69,cs and CSRss,20,1 — D,1 atm Which is 
the CSR value corresponding to 1 dimensional, 20 uniform loading cycles simple 
shear test under a confining pressure of 100 kPa (—1 atm). Correction factors 
adopted to convert the CSReiq value to equivalent CSRss 20,1 — p,1 am are presented 


in Eq. (19.18). 
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where Kma -correction is used to convert multi-directionally applied CSRjeiq value 
to the value of a uni-directionally applied laboratory CSR (Eq. 19.19), Ky, 
-correction is used to take into account duration (magnitude) effects (Eq. 19.20) 
and K, is the correction factor for varying confining effective stress conditions 


(Eq. 19.21). 
Kma = 0.361 - In(De) — 0.579 (19.19) 
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The next step following the assessment of cyclic straining potential is prediction 
of soil deformations. In general, post-cyclic reconsolidation (volumetric) strains 
due to dissipation of excess pore water pressures are associated with settlements, 
whereas, cyclic shear strains are associated with lateral spreads. Following discus- 
sion will be devoted to the prediction of settlements and lateral spreads. 


19.4.1.1 Assessment of Post-cyclic Settlements 


Currently available approaches for predicting the magnitude of post-cyclic 
reconsolidation settlements are categorized as: (i) numerical analyses in the form 
of finite element and/or finite difference techniques (e.g., Martin et al. (1975), Seed 
et al. (1976), Booker et al. (1976), Finn et al. (1977), Liyanathirana and Poulos 
(2002)), and (ii) semi-empirical models developed based on laboratory, field test 
and performance data (e.g. Lee and Albeisa (1974), Tokimatsu and Seed (1984), 
Ishihara and Yoshimine (1992), Shamoto et al. (1998), Zhang et al. (2002), Wu and 
Seed (2004), Tsukamato et al. (2004), etc.). Due to difficulties in the determination 
of input model parameters necessary for numerical simulations, semi-empirical 
models continue to establish the state of practice for the assessment of cyclically- 
induced reconsolidation (volumetric) settlements. Even the best of their kind of 
these models cannot produce, at the moment, reasonably precise estimates of post- 
cyclic reconsolidation (volumetric) settlements. 

Recently, Cetin et al. (2009b) has developed a new methodology based on their 
aforementioned semi-empirical post-cyclic volumetric strain estimation model. 
The proposed method was calibrated via 49 well-documented cyclically-induced 
ground settlement case histories from seven different earthquakes. Within the 
confines of that study, performance of the widely used methods of Tokimatsu and 
Seed (1984), Ishihara and Yoshimine (1992), Shamoto et al. (1998), Wu and Seed 
(2004) were comparatively evaluated. It was concluded that the proposed method- 
ology, details of which will be given next, produced more accurate and precise 
settlement estimations compared to all other efforts. 

Equation (19.16) constitutes the basis of the proposed method, and calculation of 
N1 60,cs and CSRss 20,1 — p,1 atm iS the necessary first step. Next, a weighting scheme, 
linearly decreasing with depth, inspired after the recommendations of Iwasaki 
et al. (1982), is implemented. Aside from the better model fit it produced, the 
rationale behind the use of a depth weighting factor, is based on (1) upward seepage, 
triggering void ratio redistribution, and resulting in unfavorably higher void ratios 
for the shallower sublayers of soil layers, (ii) reduced induced shear stresses and 
number of shear stress cycles transmitted to deeper soil layers due to initial 
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liquefaction of surficial layers, and (iii) possible arching effects due to non-liquefied 
soil layers. All these may significantly reduce the contribution of volumetric 
settlement of deeper soil layers to the overall ground surface settlement. It is 
assumed that the contribution of layers to surface settlement diminishes as the 
depth of layer increases, and beyond a certain depth (z,,.) settlement of an individual 
layer cannot be traced at the ground surface. After statistical assessments, the 
optimum value of this threshold depth was found to be 18 m. The proposed depth 
weighting factor (DF;) is defined in Eq. 19.22. Equivalent volumetric strain, £y, eqv. 
of the soil profile is estimated by Eq. 19.23 and the estimated settlement, Sestimated» 
of the profile is simply calculated as the product of £, eqv. and the total thickness of 
the saturated cohesionless soil layers or sublayers, 5; t;, as presented by Eq. 19.24. 
Sestimatea 1$ further calibrated by 0 for the estimation of field settlement values. In 
Eq. 19.25, o, term designates the standard deviation of the calibration model. 
Further discussion of the o, term is presented later in the manuscript. 
di 


DF; =1- es where d;is the mid—depth of each saturated cohesionless 
Zor = m 


soil layer from ground surface. (19.22) 


jus co A Dr, deos 
5 ti- DF; 


Sestimated = Ev, eqv. * 5 ti (19.24) 
In(scatipratea) — In(0 j Sestimated) TE Oe (19.25) 


In volumetric settlement assessment of the case histories, three cases were 
encountered regarding the application of DF: (1) a very dense cohesionless soil 
layer (N1 60,cs > 35) or bedrock or a cohesive soil layer underlying the volumetric 
settlement vulnerable cohesionless soil layer, (1i) cohesionless soil layer continuing 
beyond the critical depth of 18 m with or without available SPT profile, and (iii) 
cohesionless soil site where the depth of boring is less than 18 m. For case (i), 
settlement calculations were performed till the depth to the top of the dense layer or 
bedrock or cohesive layer. For case (ii), potentially settlement vulnerable cohe- 
sionless layers beyond 18 m were simply ignored due to their limited contribution 
to the overall ground surface settlement. For case (iii), after confirming with the 
geological characteristics of soil site, for the soil sub-layers without an SPT value at 
a specific depth, SPT values were judgmentally extended beyond the maximum 
borehole depth to a depth of maximum 18 m., based on available SPT blow-counts. 
Whenever a cohesive soil layer was encountered, it was assumed that cyclically- 
induced volumetric strain due to this layer was negligible. In addition, thickness of 
this layer was not considered in the calculation of e, ,,, . 

For comparison purposes, each case history site (presented in detail in Bilge and 
Cetin 2007) was analyzed by using the methods of Tokimatsu and Seed (1984), 
Ishihara and Yoshimine (1992), Shamoto et al. (1998), Wu and Seed (2004) and 
finally the proposed method. The performance of the model predictions, expressed 
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Table 19.1 Comparison of the performance of existing models 


T 


Method R^ 0, Oe Y likelihood fxn 
Cetin et al. (2009b) 0.64 1.15 0.61 —19.8 
Tokimatsu and Seed (1984) 0.33 1.45 1.05 —31.1 
Ishihara and Yoshimine (1992) 0.42 0.90 1.12 —32.7 
Shamoto et al. (1998) 0.36 1.93 1.36 —36.7 
Wu and Seed (2004) 0.33 0.98 0.71 —22.9 


Fig. 19.21 Comparison 
between the measured and 
predicted ground 
settlements by Cetin 

et al. (2009b) 


Measured Settlement (m) 
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by Pearson product moment correlation coefficient, RÀ, is summarized in 
Table 19.1. As a better alternative, which enabled the assessment of the model 
(calibration) error, predictions of each method were compared probabilistically by 
using the maximum likelihood analysis. Results of these analysis, a calibration 
coefficient (0;) which enables the model to produce unbiased predictions in the 
average is determined. These values are also presented in the same table along with 
the value of maximum likelihood and standard deviation of the random model 
correction term. It should be noted that higher values of maximum likelihood and 
lower values of standard deviation are also indicators of a better model. As the 
values of the calibration coefficient, 0, presented in Table 19.1 implies, existing 
methods of Shamoto et al. (1998), Tokimatsu and Seed (1984), and the proposed 
methodology under-predict the actual settlements by a factor of 1.91, 1.45 and 1.15, 
respectively. Similarly, Wu and Seed (2004), and Ishihara and Yoshimine (1992) 
over-predict settlements and need to be corrected by a factor of 0.98 and 0.90. Wu 
and Seed (2004) procedure produces the most unbiased settlement predictions (i.e.: 
the mean of the estimated settlements is about equal to the mean of the observed 
settlements). However, in terms of the uncertainty (or scatter) of the predictions, 
Wu and Seed (2004) methodology is ranked to be second to last with an R? value of 
0.33. After scaling with the calibration coefficient, 0, the proposed model produces 
relatively the best predictions compared to the other four methods, also consistent 
with the R? trends presented in Table 19.1. 

Performance of the proposed model is also highlighted by Fig. 19.21 in which 
predicted and observed settlements are paired and shown on figures along with the 
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1:2 and 1:0.5 boundary lines. Readers are referred to Cetin et al. (2009b) for the 
similar performance evaluation plots prepared for the other methods. 


19.4.1.2 Assessment of Lateral Spreading 


Lateral spreading is a liquefaction-induced deformation problem identified by surfi- 
cial soil layers breaking into blocks that progressively slide downslope or toward a 
free face during and after earthquake shaking. As opposed to settlements, lateral 
ground deformations are generally more critical for the performance of overlying 
structures as well as of infrastructures due to their limited lateral resistance. 

Currently available approaches for predicting the magnitude of lateral spreading 
ground deformations can be categorized as: (i) numerical analyses in the form 
of finite element and/or finite difference techniques (e.g., Finn et al. (1994), 
Arulanandan et al. (2000), and Liao et al. (2002)), (ii) soft computing techniques 
(e.g., Wang and Rahman (1999)) (ii) simplified analytical methods (e.g., 
Newmark (1965), Towhata et al. (1992), Kokusho and Fujita (2002), and Elgamal 
et al. (2003)), and (iv) empirical methods developed based on the assessment of 
either laboratory test data or statistical analyses of lateral spreading case histories 
(e.g., Hamada et al. (1986), Shamoto et al. (1998), and Youd et al. (2002)). Due to 
difficulties in the determination of input model parameters of currently existing 
numerical and analytical models, empirical and semi-empirical models continue to 
establish the state of practice for the assessment of liquefaction-induced lateral 
ground deformations. 

Hamada et al.(1986), Youd and Perkins (1987), Rauch (1997), Shamoto et al. 
(1998), Bardet et al. (1999), and Youd et al. (2002), Kanibir (2003), Faris 
et al. (2006) introduced empirically-based models for the assessment of 
liquefaction-induced lateral spreading. With the exception of Shamoto et al. and 
Faris et al., these models were developed based on regression analyses of available 
lateral spreading case histories. The predictive approach of Shamoto et al. (1998) 
and Faris et al. (2006) employ laboratory-based estimates of liquefaction-induced 
limiting shear strains coupled with an empirical adjustment factor in order to relate 
these laboratory values to the observed field behavior. Among all of these models, 
in addition to the pioneering study of Hamada et al. (1986), widely accepted and 
used Youd et al. (2002), and laboratory-based and field- calibrated model of Faris 
et al. (2006) will be discussed in more detail next. 

In 1986, Hamada et al. introduced a simple empirical equation for predicting 
liquefaction induced lateral ground deformations only in terms of ground slope and 
thickness of liquefied soil layer. This equation was based on the regression analysis 
of 60 earthquake case histories, mostly from Noshiro-Japan, and it was expressed as: 


D, = 0.75 - H! . g!/ (19.26) 


where: D, is the predicted horizontal ground displacement (m), H is the thickness of 
liquefied zone (m), (when more than one sub-layer liquefies, H is measured as the 
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distance from the top-most to the bottom-most liquefied sub-layers including all 
intermediate sub-layers), and 0 is the larger slope of either ground surface or 
liquefied zone lower boundary (%). Despite its simplicity and ease of use, due to 
limited number of case histories which established the basis of the relationship, its 
use should be limited to only cases with similar conditions. 

Starting in the early 1990s, Bartlett and Youd (1992, 1995) introduced empirical 
methods for predicting lateral spread displacements at liquefiable sites. The proce- 
dure of Youd et al. (2002) is a refinement of these early efforts and the new 
and improved predictive models for either (i) sloping ground conditions, or 
(ii) relatively level ground conditions with a “free face" towards which lateral 
displacements may occur, were developed through multi-linear regression of a 
case history database. The proposed predictive models for the sloping ground and 
"free face" conditions are given in Eqs. (19.27) and (19.28), respectively. 


logD, = —16.213 + 1.532 My — 1.406 - logR* — 0.012 - R + 0.338 - logS+ 
0.54 - logT 15 + 3.413 - log(100 — F15) — 0.795 -log(D50i5 + 0.1 mm) 


(19.27) 


logD, = —16.713 + 1.532 -M,, — 1.406 - logR* — 0.012 - R + 0.592 - logW-- 
0.54 - logT 15 + 3.413 - log(100 — F15) — 0.795 - log(D50,5 + 0.1 mm) 


(19.28) 


where; Dy is horizontal ground displacement in meters predicted by multiple linear 
regression model, M,, is earthquake magnitude, S is the gradient of surface topog- 
raphy or ground slope (96), W is the free-face ratio, defined as the height of the free- 
face divided by its distance to calculation point, T5 is the thickness of saturated 
layers with SPT- Nj 60 < 15, Fıs is the average fines content (particles < 0.075 mm) 
in Tis (%), D50;5 is the average Dso in T,5. R is the horizontal distance to the 
nearest seismic source or to nearest fault rupture (km), and R* is calculated 
according to following equation. 


R* = R + RoandRy = 10° v5 (19.29) 


The empirical model of Youd et al. (2002) is widely used in the engineering 
profession. The performance of the model was also evaluated by Youd et al., as 
presented in Fig. 19.22. Reported R* value of 83.6 % is concluded to be sufficiently 
high. However, it should be noted that (i) an attenuation-like intensity measure in 
terms of magnitude and distance is adopted as opposed to an independent peak soil 
ground acceleration term, which further brings along the uncertainties in the pre- 
dictions of these attenuation-like formulations into the lateral spreading predictions, 
(ii) zero lateral displacement was produced for soil sites composed of sublayers 
with (N;)eo to be greater than 15 blows/30 cm. Moreover, the success rate at the 
displacement range of 0-3 m, which is believed to be more critical compared to 
large displacement range from performance point of view, is not satisfactorily high. 
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Fig. 19.22 Performance evaluation of Youd et al. (2002) lateral spreading prediction model 


More recently, Faris et al. (2006) has presented the following semi-empirical 
model. 


Hmax = exp(1.0443 - In(DPI max) + 0.0046 - Ina + 0.0029 - M,, (19.30) 


where Hmax is the lateral spreading in meters, DPImax is the maximum cyclic shear 
strain potential (to be determined according to Wu et al. 2003; Fig. 19.16), a is the 
slope or free-face ratio, and M,, is the earthquake magnitude. Faris et al. has 
similarly performed a performance evaluation study results of which is presented 
in Fig. 19.23. Note that this framework takes into account the cyclic shear straining 
potential of soils, which is a physically meaningful term. However, similar to the 
method of Youd et al., the prediction success rate of this mode is not very high at the 
displacement range of 0—3 m. 

Although these models are the best of their kind, due to large uncertainties 
associated with input parameters as well as model errors, more efforts are needed to 
achieve more precise models in the prediction of lateral spread-type soil deformations. 
Thus, practicing engineers are warned to be aware of the large uncertainty involved in 
the predictive models. A probabilistic approach addressing these sources of uncer- 
tainties could be a robust decision making approach and is strongly recommended. 


19.4.2 Seismic Deformation Response of Silt and Clay 
Mixtures 


Ohara and Matsuda (1988) presented one of the pioneering efforts, as part of which 
they expressed post-cyclic volumetric strain (€, pc) as a function of excess pore 
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Fig. 19.23 Performance 
evaluation of Faris 

et al. (2006) lateral 
spreading prediction model 


Measured H (m) 


4 Ground Slope 
= Free-face 


Estimated H (m) 


water pressure ratio (r„), initial void ratio (eo) and compression index induced by 
cyclic loading (Cayn) as given by Eq. (19.31). 


Ci, 1 
epp m A Li ) (19.31) 


1 + eo l—r, 


The relationship between Cayn and OCR along with compression (C,) and 
swelling (C,) indices were given by Ohara and Matsuda as presented in Fig. 19.24. 
The authors also presented a model for prediction of cyclically-induced excess pore 
water pressure. However, this model is defined in terms of a large number of material 
coefficients which requires cyclic testing for each specific material. This limits the 
practical value of both r,, and also £, pe models significantly. 

Yasuhara et al. (1992) has performed an experimental study and stated that the 
ratio of Cay, to C, was approximately equal to 1.5. Unfortunately, pore pressure 
generation response and corollary issues were not addressed by the researchers. 
Later, Yasuhara et al. (2001) proposed a design methodology for the assessment 
of post-cyclic volumetric settlements (i.e. strains) based on the early findings of 
Yasuhara's research teams (Yasuhara and Andersen 1991; Yasuhara et al. 1992; 
Yasuhara and Hyde 1997). As an input requirement of the methodology, the 
estimation of excess pore pressure is required, and authors recommended 2-D or 
3-D dynamic numerical analysis for the determination of excess pore water pres- 
sure distribution within the soil media. The need of a 2-D or 3-D numerical analysis 
for the prediction of excess pore water pressure contradicts with authors’ intention 
of producing a practical design procedure. 

Recently, Hyde et al. (2007) studied post-cyclic recompression stiffness and 
cyclic strength of low plasticity silts. Based on cyclic tests results and 1-D 
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Fig. 19.24 Relationship 
between Cay, and OCR 
(After Ohara and Matsuda 
1988) Compression Index C, 


consolidation theory, authors proposed an expression in which £, p: was expressed 
as a function of initial sustained deviator stress ratio (qp, post-cyclic axial strain 
(£4,5-) and void ratio (e) of the tested material as follows: 


1.74 0461 


Ey, pe = eV - (q,/p,) * Ea,pe 


Hyde et al. (2007) recommended an alternative approach by modeling £, pc as a 
function axial strain rather than excess pore water pressure. This approach has been 
used for saturated sandy soils by various researchers (e.g. Tatsuoka et al. 1984; 
Ishihara and Yoshimine 1992) but was not widely adopted for fine-grained soils, 
possibly due to absence of tools for predicting resulting axial strains. This fact also 
limits extensive use Hyde et al.'s model. 

As presented so far, most of the attention has focused on the quantification of 
post-cyclic volumetric (reconsolidation) strains and cyclic shear straining response 
was not extensively studied. Except the theoretically-based attempts (e.g. Wilson 
and Greenwood 1974; Hyde and Brown 1976) proposed in the mid-1970s for the 
prediction of plastic deformation of plastic fine-grained subgrade soils under 
repeated loading, Hyodo et al. (1994) presented one of the few remarkable effort. 
Hyodo et al. (1994) attempted to correlate cyclically-induced shear strains with 
residual axial strains. 

Considering the significant gap in the literature, the authors of this manuscript 
have performed a comprehensive experimental-based study. Using the results of 
cyclic and static triaxial test results on “undisturbed” silt and clay mixtures, 
following semi-empirical models are developed for the assessment cyclic maxi- 
mum shear and residual strain potential of silt and clay mixtures. 


(19.32) 
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9.249 
In(y,,) = In | Ymax * 10375. (In PI)?“ + (7.564) - E 0959 
+ 0.586 
(19.34) 


where, 7,/s, and Teyc/Su present the static and cyclic shear stress ratio for 
cohesive soils, respectively; whereas, SSR is the ratio of static to cyclic shear 
stresses (i.e. Tsi/Teyc). 

The recommended framework requires index test results along with the 
undrained shear strength (s,) of soils, which could be determined via laboratory 
or in-situ tests Ratio of Teyc/Su presents the soil strength used by seismic loading nd 
it could be estimated by either the simplified procedure of Seed and Idriss (1971) or 
site response assessments; whereas, ratio of T,,/S, presents the soil strength used by 
available static shear stresses, if there exists any. This latter term could be estimated 
via simple analytical closed form elastic stress distribution solutions. 

Assessment of the post-cyclic volumetric (reconsolidation) strains is the other 
issue which needs to be addressed. For the purpose, a consolidation-theory based 
approach is followed; however, unlike earlier efforts, Cay, is defined as a function 
of over consolidation ratio (OCR), maximum cyclic shear strain potential under 
selected loading scenario and plasticity index of the soil, as presented in 
Eq. (19.35). As outlined before, estimation of excess pore water pressure constitutes 
the integral part of the problem, and by probabilistic assessment of the existing test 
data, a new cyclic-pore water pressure model was also developed for silt and clay 
mixtures as presented in Eq. (19.36). 


53 - OCR? — 3.233 - OCR + 5.92 
0.53 - OC 3.233 - OCR + 5.9 Dc (19.35) 


C dinami ={1 
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Although close form expressions are easier and more practical, the graphical 
solutions are also presented as given in Figs. 19.25, 19.26, and 19.27, to provide an 
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strain prediction model 
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insight to the users. More detailed discussion on database compilation and model 
development phase are available in Bilge (2010). 

The performance of these models was evaluated based on experimental mea- 
surements and presented in detail by Bilge (2010). Evaluation of the post-cyclic 
volumetric straining model is presented by Fig. 19.28, and it is concluded that the 
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laboratory measurements could be estimated with a high success rate over a wide 
strain range. Yet case history based calibration is still needed. 


19.5 Summary and Concluding Remarks 


Within the confines of this chapter, a summary of current state of practice in seismic 
soil liquefaction engineering was presented. Since seismic soil liquefaction engi- 
neering problems involve a five step assessment framework including the assess- 
ment of (i) “triggering” or initiation of soil liquefaction, (ii) post-liquefaction 
strength and overall post-liquefaction stability, (iii) expected liquefaction-induced 
deformations and displacements, (iv) the consequences of these deformations and 
displacements, (v) mitigation alternatives, if necessary, the discussion scheme also 
followed the footprints of the first four steps of liquefaction engineering. Consid- 
ering the increasing popularity of performance-based design trends, special empha- 
sis was given on the assessment of cyclic strength and deformation performance of 
both cohesionless and cohesive soils. New frameworks were introduced and some 
recommendations listed for the practitioners. However, no conclusion can be 
complete without emphasizing the need for further research aiming to understand 
cyclic deformation response of soils. 
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Chapter 20 
Seismic Hazard and Seismic Design 
and Safety Aspects of Large Dam Projects 


Martin Wieland 


Abstract Earthquakes can affect large dam projects in many different ways. 
Usually, design engineers are focussing on ground shaking and neglect the other 
aspects. The May 12, 2008 Wenchuan earthquake has damaged 1803 dams and 
reservoirs. The widespread mass movements have caused substantial damage to 
dams and surface powerhouses in Sichuan province in China. The different features 
of the earthquake hazard are presented, the most important are ground shaking, 
faulting and mass movements. The basic requirement of any large dam is safety. 
Today, an integral dam safety concept is used, which includes (i) structural safety, 
(ii) dam safety monitoring, (iii) operational safety and maintenance, and 
(iv) emergency planning. The importance of these four safety elements is discussed. 
The long-term safety includes, first, the analysis of all hazards affecting the project, 
i.e. hazards from the natural environment, hazards from the man-made environment 
and project-specific and site-specific hazards. The role of the earthquake hazard on 
the seismic design and seismic safety of large dam projects are discussed as, today, 
the structural safety of large storage dams is often governed by the earthquake load 
case. The seismic design and performance criteria of dams and safety-relevant 
elements such as spillways and bottom outlets recommended by the seismic 
committee of the International Commission on Large Dams are presented. The 
conceptual and constructional requirements for the seismic design of concrete and 
embankment dams are given, which often are more important than the seismic 
design criteria that are used as a basis for dynamic analyses. Finally, the need and 
importance of periodic reviews of the seismic safety of existing dams is discussed. 
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20.1 Introduction 


Because strong earthquakes occur very seldom in Central Europe, hardly any dam 
engineer or dam owner has any experience with earthquakes. It is also very hard to 
find any dams which have been damaged during earthquakes, although the average 
age of dams in Europe is around 50 years, and the total number of years of exposure 
of large dams to seismic action has been very large. 

However, as strong earthquakes may affect a large area, many dams may be 
subjected to strong ground shaking as in the case of the May 12, 2008 Wenchuan 
earthquake in China, where about 1,803 dams and reservoirs, most of them were 
small earth dams, and 403 hydropower plants were damaged, four dams had a 
height exceeding 100 m (Wieland and Chen 2009). Also, during the 2001 Bhuj 
earthquake in Gujarat, India, 245 dams — mainly small embankment dams — had to 
be rehabilitated or strengthened after the earthquake. The latest earthquake which 
affected many dams was the March 11, 2011 Tohoku earthquake in Japan where on 
18 m high embankment dam failed and 8 people lost their live. Another 400 dams, 
subjected to earthquake shaking, had to be inspected. 

These examples show that earthquake safety needs proper attention. Also, the 
field of seismic hazard analysis has developed very fast in the last years, and the 
estimated seismic hazard has been increasing steadily. In addition, the seismic 
design and performance criteria and methods of seismic analysis have developed 
but at a much slower pace than the seismic hazard analysis methods. 

As most existing dams built before the 1990s were designed against earthquakes 
using either seismic design criteria and/or methods of dynamic analysis, which are 
considered obsolete or even wrong today, the earthquake safety of these dams is not 
known if modern criteria are applied. It has to be assumed that a few of them are 
structurally deficient. Consequently, there is a need for the systematic reassessment 
of the earthquake safety of large and also small dams (Wieland 2003, 2006). 

The paper gives an overview on the current state of the seismic design and safety 
aspects of large dams and the role of the earthquake hazard within the comprehen- 
sive dam safety framework that should be used for large dams. The subjects 
presented were addressed by the Committee on Seismic Aspects of Dam Design 
of the International Commission on Large Dams (ICOLD) in recent years or are 
direct consequences of guidelines published by ICOLD’s seismic committee. The 
paper also summarizes the main subjects of the papers given in the list of references 
and provides general guidelines for the seismic safety assessment and design of 
large storage dams. 
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20.2 Dam Safety 


20.2.1 Integral Dam Safety Concept 


The two main goals of every safety concept are the minimisation of all risks, and the 
mastering of the remaining risk in the best possible way. To reach these goals a 
comprehensive safety concept is used for large storage dams, which includes the 
following key elements (Wieland and Mueller 2009): 


(i) structural safety (main elements: geologic, hydraulic and seismic design 
criteria; design criteria and methods of analysis may have to be updated 
when new data are available or new guidelines, regulations or codes are 
introduced); 

(ii) dam safety monitoring (main elements: dam instrumentation, periodic safety 
assessments by dam experts, etc.); 

(iii) operational safety (main elements: reliable rule curves for reservoir operation 
under normal and extraordinary (hydrological) conditions, training of person- 
nel, dam maintenance, sediment flushing, engineering back-up. The most 
important element for a long service life is maintenance of all structures and 
components); 

(v) emergency planning (main elements: emergency action plans, inundation 
maps, water alarm systems, evacuation plans, etc.). 


Therefore, as long as the proper implementation of these safety issues can be 
guaranteed according to this integral safety concept, a dam can be considered 
as safe. 

Periodic safety assessments are indispensable as they will show what measures 
have to be taken to maintain or improve the safety and thus to even extend the life- 
span. Deficiencies observed after commissioning must be rectified as early as 
possible. 


20.2.2 Structural Safety 


Structural safety is the main prerequisite for the safe operation of a storage facility 
and thus for its sustainability (Wieland 2012b). The basis for structural safety is laid 
mainly during design, as given by the design criteria. It is important that in the 
structural design all hazards, which can affect the dam are taken into account. The 
hazards are from the natural environment or are man-made. Furthermore, there are 
site and project related hazards (e.g. geology, hydro-geology, topography, vulner- 
ability of dams to specific hazards etc.). 

The design must be carried out assuming that the dam may become exposed to 
the worst possible scenario during a natural hazardous event, i.e. mainly floods and 
earthquakes. 
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Older dams are often not designed according to today’s design standards or 
guidelines. One reason is that since their conception more data have become 
available, which allow a more realistic prediction of extreme events. Such storage 
projects may have inadequate spillway capacity or the dam structures were 
designed with inadequate seismic loading. 

Inadequate spillway capacity can be handled by constructing an additional 
spillway, or where feasible, by rising the dam crest. 

The most severe loading for dam structures originating from the natural envi- 
ronment is caused by strong earthquakes close to a dam. Since the 1930s concrete 
and embankment dams were generally designed against earthquakes in most parts 
of the world. The earthquake loading was represented by a seismic coefficient, 
which was used in a pseudo-static analysis. In general a seismic coefficient of 0.1 
was assumed almost irrespective of the seismic hazard at the dam site. Using this 
concept, the earthquake load combination was usually not the governing one in dam 
design. 

Field observations and seismic hazard analyses, however have shown that even 
in regions of moderate seismicity, such as Central Europe, earthquakes with 
magnitudes up to M=6.5 are possible, although with a very low probability of 
occurrence. Such earthquakes can cause much higher peak ground acceleration than 
those assumed for the dam design. 

Modern seismic design criteria were published by ICOLD in 1989 which were 
revised in 2010 COLD 2014). These design criteria are different from those used 
for dams built before 1989. Therefore, dams designed with a pseudo-static analysis 
method and a seismic coefficient may not satisfy today's seismic safety criteria and 
it has to be assumed that some of these dams are structurally deficient. Only an 
earthquake analysis can show if an existing dam is safe. Of course, this also applies 
to dams, which have not been designed against earthquakes. 

This change in seismic design concept shows clearly that a dam, which was safe 
at the time of completion and which has satisfied all safety criteria, does not 
necessarily remain safe forever even if it is kept in excellent condition. 


20.2.3 Dam Safety Monitoring 


Dam safety monitoring is a key activity in dam safety management and includes the 
following activities: 


() Visual inspection of the entire dam and its appurtenances. It also includes 
checking the functioning of the flood control elements, i.e. spillway gates and 
the valves or gates for the bottom outlets, and the emergency power supply. 

(ii) Measurements of physical quantities (mainly deformations, pressures, flow/ 
seepage volumes, temperature, etc.) describing the status of the dam and its 
foundation. The measurements depend on the type of the dam and the local 
conditions. 
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Monitoring provides a rational insight into the safety of the dam-foundation 
system. With modern automatic data acquisition systems real-time monitoring 
becomes possible and rapidly changing conditions can be recorded. 

Instrumental monitoring, if systematically performed, can detect a developing 
deficiency at an early stage, however, only at locations where corresponding 
instruments have been installed, e.g. piezometers, seepage weir, settlement point, 
etc. In other locations only visual inspection can detect whether something is wrong 
or unusual. 

Unfortunately, there are still many older dams, which have inadequate monitor- 
ing facilities. Even today, some dam owners are reluctant to install instruments in 
their new dams if this is not required by the authorities. 

Instrumental monitoring also requires a strict data management and a graphical 
display of the measurements to enable the rapid identification of irregularities 
caused by deficiencies or also by faulty measurements or deficient equipment. An 
important concept in monitoring is redundancy. 

Dam safety monitoring is the main element of dam safety management, which 
includes the following (Swiss practice): 


(i) dam safety monitoring and regular visual inspections by the dam owner, 

(ii) annual dam safety inspection by a dam engineer, and 

(iii) detailed dam safety inspection every 5 years by an independent dam engineer 
and a geologist. During the 5-year-inspection changes in the safety and design 
criteria, and new information on hazards affecting the dam are reviewed as 
well. If important changes have been observed a new safety check will be 
needed. In the past the safety checks included mainly the flood and earthquake 
safety. 


During operation of the dam a dam safety authority should supervise the 
surveillance organisation of the owner, of the experienced engineer and of the 
experts. 

If a dam does not comply with current dam safety standards or shows unusual 
behaviour, the most effective mean for reducing the risk is a reduction of the 
reservoir level. 


20.2.4 Operational Safety 


The importance of operational safety of dams is sometimes overlooked. In the case 
of hydropower plants it includes the following: Operational guidelines for the 
reservoir for usual, unusual and extreme conditions; training of personnel; experi- 
enced and technically qualified dam maintenance staff; dam maintenance proce- 
dures; engineering back-up to cope with unusual behaviour of the dam, etc. 

Maintenance is the key issue as it is the prerequisite for long-term safety. If a 
dam designed for say 100 years is not maintained it can become unsafe within a 
very short period of time especially if the spillway gates and bottom outlets and the 
dam monitoring systems are no longer functioning properly. 
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20.2.5 Emergency Planning 


The main risk for embankment dams is overtopping during large floods. Hence, 
upgrading of spillways with inadequate discharge capacity will reduce this risk in 
embankment dams. 

In addition, storage dams should be provided with a bottom outlet, such that the 
reservoir can be drawn down to a safe level in an emergency situation, especially 
after a strong earthquake when parts of the dam may be damaged. This would 
require that the discharge capacity of the bottom outlet and other low level outlets 
must be larger than the average inflow into the reservoir. This safety requirement 
has been implemented in Switzerland where average inflows into reservoirs are 
moderate. 

The need for lowering the reservoir was demonstrated during the Wenchuan 
earthquake in China, where the concrete face of the 156 m high Zipingpu concrete 
face rockfill dam was damaged and had to be repaired. Such repairs would be very 
difficult to perform under water. 

Also if the power plant is shut down for long periods of time and due to 
limitations in the discharge capacity of low level outlets, the spillway may be the 
only way to control the reservoir level. 

In the emergency planning concept it is assumed that every dam can fail or be 
destroyed. Therefore, the consequences of a dam failure, which is a flood wave 
caused by the uncontrolled release of the water from the reservoir, must be 
analysed. 

Numerous dam failure scenarios could be considered, however, the main objec- 
tive of emergency planning is to save lives, therefore, for alarming and evacuating 
people one has to focus on the worst scenarios with the largest consequences. No 
failure probabilities are considered for these scenarios. The worst scenario is the 
instantaneous failure of a dam with full reservoir, which may be due to military 
action. But also extreme flood events with overtopping of the dam and extreme 
water levels in the river downstream of the dam may be an extreme scenario as the 
water stored in the reservoir would be larger than the normal operation level to be 
considered in the case of instantaneous failure. 

Emergency Action Plans (EAP) are intended to help the dam owner and oper- 
ator, and the emergency officials to minimize the consequences of flooding caused 
by dam failure or the uncontrolled release of water from a reservoir. The EAP will 
guide the responsible personnel in identifying, monitoring, responding to, and 
mitigating emergency situations. It outlines “who does what, where, when, and 
how" in an emergency situation or unusual occurrence affecting the safety of the 
dam and the power plant. The EAP should be updated regularly and after important 
emergency events. Basically, the dam owner is responsible for maintaining a safe 
dam by means of safety monitoring, operations manual, maintenance, repair, and 
rehabilitation. 

In an emergency situation, the dam owner is responsible for monitoring, deter- 
mining appropriate alarm levels, making notifications, implementing emergency 
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actions at the dam, determining when an emergency situation no longer exists, and 
documenting all activities. In the case of an emergency, the dam owner is respon- 
sible for immediate notification of the authorities, who are in charge of warning and 
evacuation of the affected population. 

Warning is performed by special water alarm systems. The basis for evacuation 
planning is a dam breach flood wave analysis, which shows the inundated area for 
the worst-case failure scenario, i.e. the sudden failure of the dam. In addition, the 
arrival time of the flood wave, flow velocities and water depth are results obtained 
from such an analysis. 

In Switzerland 65 large dams are equipped with a fully functional water alarm 
system. The first alarm systems were installed over 50 years ago as a consequence 
of the severe damage of two dams in Germany in 1943, which caused large numbers 
of casualties. Fortunately up to now these water alarm systems have never had to 
be used. 


20.2.6 Consequences of Dam Failure and Risk Mitigating 
Measures 


The consequences of dam failure are: loss of life and injuries (reduction of loss of 
life is the top priority of emergency planning); environmental damage; property 
damage in flood plain; damage of infrastructure; loss of power plant and electricity 
production; socio-economic impact; political impact, etc. 

These consequences can be reduced by a number of structural and non-structural 
measures. The structural measures are mainly related to the safety of the dam, 
ie. flood safety, earthquake safety, and site-specific and project-specific safety 
aspects. The non-structural measures include the following: safe operational guide- 
lines for reservoir under normal and abnormal operational conditions; implemen- 
tation of emergency action plans; implementation of water alarm systems; training 
of personnel; lowering of reservoir level in case of safety concerns; periodic safety 
checks; engineering back-up to cope effectively with abnormal and emergency 
situations; land use planning (political decision); insurance coverage, third party 
liability coverage (protection from economic losses), etc. The non-structural mea- 
sures are often more effective than structural measures. 


20.3 Hazards to Be Considered in Large Dam Projects 


In the design of large dams all possible hazards affecting the project must be 
considered. A list of typical hazards is given in Table 20.1 (Wieland and Mueller 
2009). A distinction can be made between hazards from the natural environment, 
structural or project-specific hazards, and man-made hazards. In the matrix shown 
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Table 20.1 Example of hazard matrix for hydropower plant showing hazards and required 
protective measures (Emergency classification: A: internal alert; B: developing situation; C: 
imminent situation) 


Protective measures 
Partial Full 


reservoir reservoir Post-event 
Hazards Rehabilitation drawdown drawdown Evacuation evacuation 
Natural hazards 
Floods A B C 
Earthquake C 
Mass movements (landslides, A B 
rockfalls, avalanches, etc.) 
Extreme weather conditions A 


(storm, rainfall, low tem- 
peratures, ice, etc.) 
Structural hazards 
Blockage of spillway gates C C 
(floating debris, pier or gate 
deformations, lack of main- 
tenance), equipment failure, 
power supply, etc. 
Differential movement of A B C C 
structure (structural joints, 
interfaces between concrete 
structures and embank- 
ments etc.) 
Embankment piping or seepage B C 
Foundation seepage (damaged A 
grout curtain, dissolution of 
minerals, etc.) 
Electrical or mechanical failure A 
of equipment used for 
operation of vital gates and 
valves (gantry cranes on top 
of spillways etc.), failure of 
control units, faulty soft- 
ware, etc. 
Ageing, alkali-aggregate reac- A 
tions etc. 
Man-made hazards 
Design errors, poor A 
construction 
Faulty operation of equipment, A 
inadequate rule curves for 
reservoir operation etc. 
Sabotage, terrorism, acts of war B C 
Other hazards or unknown (A) (B) (C) (C) (C) 
hazards (protective mea- 
sures depend on the type of 
hazard) 
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also the possible protective measures are given if such hazards develop or events 
have happened. The protective measures include the following: 


(i) Rehabilitation, 

(ii) Partial reservoir drawdown, 
Gii) Full reservoir drawdown, 
(iv) Evacuation, and 

(v) Post-event evacuation. 


In the emergency classification a distinction is made between internal alert, 
developing situation, and imminent situation. If unusual behaviour of a dam is 
observed and if there is adequate time or if safety criteria have changed then 
rehabilitation of the dam may be required. 

In case of a potentially dangerous situation a partial reservoir drawdown may be 
required. 

Finally, in the case of an imminent situation when the hazard cannot be con- 
trolled and depending on the available time a full reservoir drawdown, evacuation 
or in the worst case post-event evacuation and rescue may be needed. 

It is obvious from Table 20.1 that the most difficult hazards to handle are those 
where only post-event evacuation is possible as in the case of a dam failure caused 
by a strong earthquake or acts of war, terrorism or sabotage. As earthquake 
prediction is not an option for large dams, the dams must be structurally safe to 
resist the different features of the seismic hazard. Therefore, the earthquake hazard 
plays an important role in the design of large dams. 

It should be added that in Switzerland the large storage dams had to be designed 
for specific scenarios of acts of war similar to those, which had led to the breach of 
the two dams in Germany in World War II. As a consequence the crest thickness of 
the largest concrete arch and gravity dams is generally larger than that of similar 
dams in countries, where such scenarios have not been taken into account and 
certain types of dams, whose reservoirs could not be lowered in a short period of 
time, such as buttress dams or hollow gravity dams were not permitted. Today this 
requirement is no longer needed. But a thick dam crest is certainly beneficial for the 
earthquake safety of both concrete and embankment dams. 


20.4 Earthquakes Create Multiple Hazards in Large Dam 
Projects 


We have to recognize that the earthquake hazard is a multi-hazard, which may 
affect large storage dams in different ways (Wieland and Chen 2009): 


(i) ground shaking causing vibrations in dams, appurtenant structures and 
equipment, and their foundations (Fig. 20.1); 

(ii) fault movements in the dam foundation or movements along discontinuities 
in dam foundation near major faults, which can be activated during strong 
earthquakes, causing structural distortions (Fig. 20.2); 
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Fig. 20.1 Crack at upstream face (top) and at the kink (/eft bottom) and crack showing sliding 
movement of wedge formed by cracks at the kink (right bottom) of the buttress at the downstream 
face of the Sefid Rud buttress dam caused by ground shaking during the 1990 Manjil earthquake 
in Iran 


Fig. 20.2 Failure of two openings of the Shih-Kang weir caused by fault movements during the 
1999 Chi-Chi earthquake in Taiwan 
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Fig. 20.3 Rockfalls in the Zipingpu reservoir area caused by the 2008 Wenchuan earthquake in 
China 


Fig. 20.4 Infill wall and roof of powerhouse punctured by high-velocity rocks (/eff) and wall 
damage of building of Shapai power plant by large rock (right) caused by 2008 Wenchuan 
earthquake 


(iii) fault movements in the reservoir causing water waves in the reservoir or loss 
of freeboard; 

(iv) mass movements (rockfalls with large rocks) (Fig. 20.3), causing damage to 
surface powerhouses (Fig. 20.4), electro-mechanical equipment, gates, spill- 
way piers (Fig. ), retaining walls, penstocks, masts of transmission lines, 
etc. 

(v) mass movements into the reservoir causing impulse waves in the reservoir 
(Fig. 20.3); 
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Fig. 20.5 Damaged pier of Futan weir looking downstream (/eft) and damage of sliding gate for 
power intake (indentation of steel leaf from rockfall) (right) caused by the 2008 Wenchuan 
earthquake in China 


Fig. 20.6 Access roads to Sefid Rud dam site blocked by numerous rockfalls caused by the 1990 
Manjil earthquake in Iran 


(vi) mass movements blocking rivers and forming landslide dams and lakes 
whose failure may lead to overtopping of run-of-river power plants or the 
inundation of powerhouses with equipment; 

(vii) mass movements blocking access roads to dam sites and appurtenant struc- 
tures (Fig. 20.6); 

(viii) ground movements and settlements due to liquefaction and densification of 
soil, causing distortions in dams; and 

(ix) turbidity currents in reservoir blocking bottom outlets, power intakes and low 
level outlets. 
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Other seismic hazards such as surface water waves in reservoirs are of lesser 
importance for the earthquake safety of a dam as their dominant frequencies are 
much lower than the lowest eigenfrequencies of dams, i.e. the corresponding loads 
are of quasi static nature, and the maximum amplitude of surface water waves 
observed during strong ground shaking is less than 1 m. 

Usually, the main hazard, which is addressed in codes and regulations, is the 
earthquake ground shaking. It causes stresses, deformations, cracking, sliding, 
overturning, etc. 

An important hazard, which has generally been underestimated, is the rockfall 
hazard in mountainous regions. 

During the 2008 Wenchuan earthquake, some 30 major landslide lakes were 
created. Tangjiashan landslide dam with a height of 124 m with a volume of about 
20 Mm, created a reservoir with a volume of 320 Mn, threatening people living 
downstream of this natural dam. 

Every time a strong earthquake occurs, the design guidelines have to be 
reviewed as new phenomena appear, which may have been overlooked. For exam- 
ple, during the Wenchuan earthquake, the problems of mass movements (mainly 
rockfalls in steep mountains) and landslide lakes have shown to be very important 
new features of strong earthquakes. In addition, an unprecedented large number of 
dams and run-of-river power plants have been affected by this earthquake. The 
Wenchuan earthquake has confirmed and demonstrated that dams, spillways and 
appurtenant structures must be able to withstand the multiple effects of strong 
earthquakes. 


20.5 Seismic Design Criteria for Large Dams 
and Appurtenant Structures 


The following design earthquakes are needed for the seismic design of the different 
structures and elements of a large dam project (ICOLD 2014; Wieland 2012a): 


(i) Safety Evaluation Earthquake (SEE): The SEE is the earthquake ground 
motion a dam must be able to resist without uncontrolled release of the 
reservoir. The SEE is the governing earthquake ground motion for the safety 
assessment and seismic design of the dam and safety-relevant components, 
which have to be functioning after the SEE. 

(ii) Design Basis Earthquake (DBE): The DBE with a return period of 475 years is 
the reference design earthquake for the appurtenant structures. The DBE 
ground motion parameters are estimated based on a probabilistic seismic 
hazard analysis (PSHA). The mean values of the ground motion parameters 
of the DBE can be taken. (Note: The return period of the DBE may be 
determined in accordance with the earthquake codes and regulations for 
buildings and bridges in the project region.) 
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(iii) Operating Basis Earthquake (OBE): The OBE may be expected to occur 
during the lifetime of the dam. No damage or loss of service must happen. It 
has a probability of occurrence of about 50 % during the service life of 
100 years. The return period is taken as 145 years (ICOLD 2014). The OBE 
ground motion parameters are estimated based on a PSHA. The mean values 
of the ground motion parameters of the OBE can be taken. 

(v) Construction Earthquake (CE): The CE is to be used for the design of 
temporary structures such as coffer dams and takes into account the service 
life of the temporary structure. There are different methods to calculate this 
design earthquake. For the temporary diversion facilities a probability of 
exceedance of 10 % is assumed for the design life span of the diversion 
facilities. Alternatively the return period of the CE of the diversion facilities 
may be taken as that of the design flood of the river diversion 


The SEE ground motion can be obtained from a probabilistic and/or a determin- 
Istic seismic hazard analysis, i.e. 


* Maximum Credible Earthquake (MCE): The MCE is the event, which produces 
the largest ground motion expected at the dam site on the basis of the seismic 
history and the seismotectonic setup in the region. It is estimated based on 
deterministic earthquake scenarios. According to ICOLD (2014) the ground 
motion parameters of the MCE shall be taken as the 84 percentiles (mean plus 
one standard deviation). 

* Maximum Design Earthquake (MDE): For large dams the return period of the 
MDE is taken as 10,000 years. For dams with small or limited damage potential 
shorter return periods can be specified. The MDE ground motion parameters are 
estimated based on a probabilistic seismic hazard analysis (PSHA). According to 
ICOLD (2014) the mean values of the ground motion parameters of the MDE 
shall be taken. In the case where a single seismic source (fault) contributes 
mainly to the seismic hazard, uniform hazard spectra can be used for the seismic 
design. Otherwise, based on the deaggregation of the seismic hazard (magnitude 
versus focal distance) different scenario earthquakes may be defined. 


For major dams the SEE can be taken either as the MCE or MDE ground 
motions. Usually the most unfavourable ground motion parameters of these two 
earthquakes have to be taken. If it is not possible to make a realistic assessment of 
the MCE then the SEE shall be at least equal to the MDE. 

MDE, DBE, OBE and CE ground motion parameters are usually determined by a 
probabilistic approach (mean values of ground motion parameters are 
recommended), while for the MCE ground motion deterministic earthquake sce- 
narios are used (84 percentile values of ground motion parameters shall be used). 
However, for the MDE, DBE, OBE and CE also deterministic scenarios may be 
defined. 

The different design earthquakes are characterized by the following seismic 
parameters: 
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* Peak ground acceleration. (PGA) of horizontal and vertical earthquake 
components. 

* Acceleration response spectra of horizontal and vertical earthquake components 
typically for 5 % damping, i.e. uniform hazard spectra for CE, OBE, DBE and 
MDE obtained from the probabilistic seismic hazard analysis (mean values) and 
84 percentile values of acceleration spectra for MCE obtained from the deter- 
ministic analysis using different attenuation models. 

* Spectrum-matched acceleration time histories for the horizontal and vertical 
components of the MCE ground motion determined either from a random 
process or by scaling of recorded earthquake ground motions. The artificially 
generated acceleration time histories of the horizontal and vertical earthquake 
components shall be stochastically independent. To account for aftershocks, it is 
recommended to increase the duration of strong ground shaking. 


In case of fault movements, similar estimates are required as for the ground 
shaking. It appears that it is quite difficult for the dam designer to get quantitative 
estimates of fault movements for the different types of design earthquakes as the 
seismic hazard analyses are mainly concerned with ground shaking. 

For underground structures where the effects of imposed deformations are more 
relevant than inertial effects, the displacement ground motion parameters or dis- 
placement time histories of the different design earthquakes are also needed. 

The best description of the ground motion is by means of the acceleration time 
histories. They are needed for any nonlinear dynamic analysis of dams and com- 
ponents. It is also expected that inelastic deformations take place under the SEE 
ground motion. According to ICOLD (2014) the following aspects of the ‘design 
acceleration time history' should be considered: 


(i) The three components of the spectrum-matched acceleration time histories 
must be statistically independent. 

(ii) The acceleration time histories of the horizontal earthquake components may 
be assumed to act in along river and across river directions. No modifications 
in the horizontal earthquake components are needed if they are applied to 
other directions. 

(iii) The duration of strong ground shaking shall be selected in such a way that 
aftershocks are also covered, i.e. records with long duration of strong ground 
shaking shall be selected. 

(iv) In the case of dams that are susceptible to damage processes, which are 
governed by the duration of strong ground shaking such as, e.g., the build- 
up of pore pressures, earthquake records with long duration of strong ground 
shaking shall be used. 

(v) For the safety check of a dam at least three different earthquakes shall be 
considered for the SEE ground motion. 


The spectrum-matched acceleration time histories with extended duration of 
strong ground shaking used for the seismic analysis and design of the dams may be 
quite different from real ones; however, their use will lead to a safe design, although 


642 M. Wieland 


this may difficult to understand or accept by seismologists and other experts, who 
are not familiar with the seismic design of dams. 

In this connection it should be mentioned that in the design of any structures 
including large dams, the designer will use simplified load and analysis models that 
lead to a safe design, even if the load model does not comply with the real nature of 
the hazard and this also applies to the earthquake hazard and the earthquake ground 
motion. 


20.5.1 Reservoir-Triggered Seismicity 


For some dams an additional earthquake load case was defined for reservoir- 
triggered seismicity (RTS) or reservoir-induced seismicity (RIS), (Note: The term 
reservoir-induced seismicity, which in the past has often been used, is not correct as 
reservoirs cannot induce earthquakes, however, they can trigger earthquakes. 
Therefore the correct technical term, which also properly describes this phenome- 
non, is reservoir-triggered seismicity.). RTS has been observed in over 100 reservoir 
in general with a water depth of the reservoir of over 100 m. The largest magnitudes 
of RTS events reached 6.3, however, in most cases the magnitudes of these shallow- 
focus events were much smaller. If RTS is possible or expected in a large dam 
project then the DBE and OBE ground motion parameters should cover those from 
the assumed RTS scenarios as such events are expected to occur within a few years 
after the start of the impounding of the reservoir (ICOLD 2011). 


20.6 Seismic Performance Criteria for Large Dams 
and Appurtenant Structures 


The rather general performance criteria for the dam body and safety-relevant 
components and equipment given in ICOLD Bulletin 148 (2014) can be interpreted 
as follows: 


* Performance of dam body during OBE: No structural damage (cracks, deforma- 
tions, leakage etc.), which affect the operation of the dam and the reservoir, is 
permitted. Minor repairable damage is accepted. (Note: Crack width limitations 
do not have to be considered for OBE load combinations in reinforced concrete 
structures.) 

* Performance of dam body during SEE: Structural damage (cracks, deformations, 
leakage etc.) is accepted as long as the stability of the dam is ensured and no 
large quantities of water are released from the reservoir causing flooding in the 
downstream region of the dam. 
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* Performance of safety-relevant components and equipment during and after 
OBE: These components and equipment shall be fully operable after the OBE 
and therefore should behave elastically during the OBE. 

* Safety-relevant components and equipment during and after the SEE: These 
components and equipment must be fully operable after the SEE. Minor distor- 
tions and damage (e.g. leakage of seals of gates) are accepted as long as they 
have no impact on the proper functioning of the components and equipment. 


More specific performance criteria may be given for the SEE, e.g. sliding 
stability safety factors of slopes of greater than 1.0 are required for an SEE with a 
return period of 2,500 years in Germany. Such requirements may be stricter than 
those given above as during strong ground shaking sliding movements of slopes can 
be accepted, i.e. sliding safety factors may temporarily drop to less than one during 
the earthquake. However, in this case the allowable sliding movements would have 
to be defined based on engineering judgement and the stability of the slope after the 
earthquake, which may be reduced due to the build-up of pore pressures, must be 
guaranteed. For that case the safety factors must be larger than 1 taking into account 
residual strength parameters (zero cohesion) and the effect of pore pressure. For the 
sliding stability of gravity dams or powerhouse complexes that retain the reservoir 
the same criteria apply. The dynamic sliding stability analyses can be done most 
easily using the Newmark sliding block method. In general the horizontal and 
vertical earthquake components should be taken into account in two-dimensional 
models of slopes or gravity structures. The sliding movements depend on (i) the 
so-called yield acceleration, which is obtained from a pseudo-static stability anal- 
ysis of the slope or gravity structure and (ii) the duration of ground shaking. 
Therefore, if sliding movements are important then it is important to use earthquake 
records with long duration of strong ground shaking as discussed in the previous 
section. 

In China it is also required that water stops in concrete arch dams shall not be 
damaged during the SEE with a return period of 5,000 years. This requirement is a 
criterion for specifying water stops in arch dams, which can cope with the maxi- 
mum contraction joint opening during the SEE. Actually leakage of joints due to 
damaged water stops could be accepted, however, in dams with large reservoirs 
where lowering of the reservoir may be difficult, the repair of damaged water stops 
would have to be done under water. 

The safety-relevant components and equipment are bottom outlets (low level 
outlets) and spillways and all related equipment (mainly gates), motors, hydraulic 
systems, control panels, power supply, software etc., as it must be possible to 
regulate and lower the reservoir after the SEE. As the repair of a damaged dam 
will need time, it is necessary that after an earthquake a moderate flood equal to 
about the river diversion flood used during dam construction can still be released 
safely. This may be a lesser problem for concrete dams or run-of-river power plants, 
where limited overtopping of the crest may be acceptable under extreme circum- 
stances, however, in the case of embankment dams such overtopping cannot be 
accepted, thus after an earthquake the possibly damaged or partly inoperable 
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spillway of an embankment dam must be able to release larger floods than that of a 
similar concrete dam. After the 2008 Wenchuan earthquake several run-of-river 
power plants were overtopped as the power plants were shut down mainly due to 
failure of the electric grid and the spillway gates could not be opened due to failure 
of the (emergency) power supply. No damage was caused to the overtopped 
concrete structures, however, mud was deposited, which required extensive 
cleaning of the equipment and inundated areas after the earthquake. 

The main safety criteria for rockfill dams with impervious core for the SEE are 
as follows: 


(i) loss of freeboard, i.e. after the earthquake the reservoir level shall be below the 
top of the impervious core of the dam, 
(ii) internal erosion, i.e. after the earthquake at least 50 % of the initial thickness 
of the filter and transition zones must be available, and 
(iii) the sliding safety factor of slopes (considering build-up of pore pressure and 
residual strength parameters of embankment materials) shall be larger than 
1 after the earthquake. 


The second criterion also applies for earth core rockfill dams located on faults or 
discontinuities in the dam foundation, which can be moving during a strong 
earthquake. Moreover, at such sites only conservatively designed earth core rockfill 
dams should be built. 

For concrete dams the main seismic safety criteria are as follows: 


(i) stability of dam foundation, i.e. stability of wedges in abutments of arch dams 
and sliding movements of gravity structures along potential sliding surfaces in 
the dam foundation, and 

(ii) sliding and overturning stability of concrete blocks formed by contraction 
joints and cracks along lift elevations, i.e. concrete blocks close to the crest 
in the centre of dams experience the highest absolute acceleration response. 


We can conclude that after strong earthquakes, the bottom outlet(s) and the 
spillway gates are operable, so a moderate flood can be released safely after the 
earthquake. It has to be assumed that the power plant will be shut down and water 
cannot be released through the power waterways. For controlling the water level in 
the reservoir after a strong earthquake it is not necessary that all openings of a 
spillway have to be functional. Therefore, it may be acceptable to focus on the gates 
that are essential and to strengthen them seismically. The other gates may remain 
blocked. However, this appears only feasible for concrete structures where limited 
overtopping may be accepted. 
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20.7 Conceptual and Constructional Requirements 
for the Seismic Design of Concrete 
and Embankment Dams 


20.7.1 Concrete Dams 


There are several design details that are regarded as contributing to a favourable 
seismic performance of concrete and in particular arch dams (ICOLD 2001): 


* Design of a dam shape with symmetrical and anti-symmetrical mode shapes that 
are excited by along-river and cross-river components of ground shaking, 
respectively. 

* Maintenance of continuous compressive loading along the foundation, by shap- 
ing of the foundation, by thickening of the arches towards the abutments (filets) 
or by a plinth structure to support the dam and transfer load to the foundation. 

* Limiting the crest length to height ratio, to assure that the dam carries a 
substantial portion of the applied seismic forces by arch action, and that 
non-uniform ground motions excite higher modes and lead to undesired stress 
concentrations. 

* Providing contraction joints with adequate interlocking (shear keys). 

* [mproving the dynamic resistance and consolidation of the foundation rock by 
appropriate excavation, grouting etc. 

* Provision of well-prepared lift surfaces to maximize bond and tensile strength. 

* [ncreasing the crest width to reduce high dynamic tensile stresses in arch 
direction in crest region. 

* Minimizing unnecessary mass in the upper portion of the dam that does not 
contribute effectively to the stiffness of the crest. 

* Maintenance of low concrete placing temperatures to minimize initial, heat- 
induced tensile stresses and shrinkage cracking. 

* Development and maintenance of a good drainage system. 


The structural features, which improve the seismic performance of gravity and 
buttress dams, are basically the same as that for arch dams. Earthquake observations 
have shown that a break in slope on the downstream faces of gravity and buttress 
dams should be avoided to eliminate local stress concentrations and cracking under 
moderate earthquakes. The webs of buttresses should be sufficiently massive to 
prevent damage from cross-river earthquake excitations. 

The above criteria apply to conventional mass concrete dams. For RCC dams the 
same criteria apply. However, the high permeability of some RCC dams along the 
lifts with a typical vertical spacing of about 30 cm and the resulting pore pressures 
within the dam have a negative impact on the dynamic sliding stability of concrete 
blocks near the crest of the dam formed by the contraction joints and a horizontal 
crack along lift joints. The seismic sliding movements in downstream direction 
could be reduced by a watertight membrane or impermeable concrete face in the 
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critical crest region of the dam. This also applies to conventional gravity dams at 
sites where strong ground shaking and significant amplification of the dynamic 
response (absolute acceleration response) in the central crest region is possible. The 
maximum amplification of the acceleration from the base to the crest during strong 
earthquakes can reach values of 4—6 for high gravity dams and 6-8 in high arch 
dams. For less intense ground motions these amplification factors can reach values 
up to 13 in very high arch dams, which indicates very low damping of these 
structures. When shear keys are provided in the contraction of gravity dams, the 
sliding movements of detached concrete blocks in the crest region is restrained. 
Therefore it would be favourable id some interlock is also provided at the contrac- 
tion joints of RCC dams. 

The main factor, which governs the dynamic response (stresses and deforma- 
tions) of a concrete dam is damping. Structural damping ratios obtained from forced 
and ambient vibration tests are surprisingly low, i.e. damping ratios of the lowest 
modes of vibrations of large arch dams are of the order of 1 to 2 96 of critical. In 
these field measurements the effect of radiation damping in the foundation and the 
reservoir are already included. 

Linear-elastic dynamic interaction analyses of dam-foundation-reservoir sys- 
tems would suggest damping ratios (structural and radiation damping) of about 
10 % for the lowest modes of vibration and even higher values for the higher modes 
of large concrete dams. Accordingly, the maximum dynamic tensile stresses in an 
arch dam might be up to 2-3 times smaller when all dynamic interaction effects are 
considered than those obtained from an analysis with 5 % damping where the 
reservoir is assumed to be incompressible and the dynamic interaction effects 
with the foundation are represented by the foundation flexibility only (massless 
foundation). Unfortunately, there is still a lack of observational evidence, which 
would justify the use of large damping ratios in seismic analyses of concrete dams. 

Moreover, in view of the fact that large concrete dams will exhibit nonlinear 
behaviour (joint opening and cracking) during the SEE, the linear dam-reservoir- 
foundation interaction models with analyses in the frequency domain are not 
applicable. Therefore, in view of the uncertainties in the estimation of the SEE 
ground motion, it is proposed to use damping ratios of maximum 5 % for large arch 
dams and not more than 7 % for gravity dams when no other information and data is 
available. 


20.7.2 Embankment Dams 


The seismic design of embankment dams is based on 


(i) conceptual (empirical) criteria, which are mainly based on the observation of 
the behaviour of embankment dams during strong earthquakes and the behav- 
iour of soils and rockfill under dynamic loadings, and 
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(ii) the results of seismic analysis of dams subjected to different types of design 
earthquakes, i.e. OBE and SEE. Usually several earthquakes must be analysed 
— at least three. 


As a basis for the dynamic analysis, a static analysis that simulates the incre- 
mental construction of the dam body and the filling of the reservoir, and if 
applicable, a seepage analysis must be performed first before the earthquake ground 
motion can be applied. 

The conceptual and constructional criteria for seismic-resistant fill dams are 
(ICOLD 2001): 


* Foundations must be excavated to very dense materials or rock; alternatively the 
loose foundation materials must be densified, or removed and replaced with 
highly compacted materials, to guard against liquefaction or strength loss. 

* Fill materials, which tend to build up significant pore water pressures during 
strong shaking must not be used. 

* All zones of the embankment must be thoroughly compacted to prevent exces- 
sive settlements during an earthquake. 

* All embankment dams, and especially homogeneous dams, must have high 
capacity internal drainage zones to intercept seepage from any transverse crack- 
ing caused by earthquakes, and to assure that embankment zones designed to be 
unsaturated remain so after any event that may have led to cracking. 

* Filters must be provided on fractured foundation rock to preclude piping of 
embankment material into the foundation. 

* Wide filter and drain zones must be used. 

* The upstream and/or downstream transition zones should be 'self-healing', and 
of such gradation as to also heal cracking within the core. 

* Sufficient freeboard should be provided in order to cover the settlement likely to 
occur during the earthquake and possible water waves in the reservoir due to 
mass movements etc. 

* Since cracking of the crest is possible, the crest width should be wider than 
normal to produce longer seepage paths through any transverse cracks that may 
develop during earthquakes. 


One of the most dangerous consequences of the dynamic loading of an embank- 
ment dam is the liquefaction of foundations or embankment zones that contain 
saturated fine-grained cohesionless and/or uncompacted materials. 

The dynamic response of an embankment dam during strong ground shaking is 
governed by the deformational characteristics of the different soil materials. For 
large storage dams, the earthquake-induced permanent deformations must be cal- 
culated. The calculations of the permanent settlement of large rockfill dams based 
on dynamic analyses are still very approximate, as most of the dynamic soil tests are 
usually carried out with maximum aggregate size of less than 5 cm. This is a 
particular problem for rockfill dams and other dams with large rock aggregates and 
in dams, where the shell materials, containing coarse rock aggregates, have not 
been compacted at the time of construction. Poorly compacted rockfill may settle 
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significantly during strong ground shaking but may well withstand strong 
earthquakes. 

To get information on the dynamic material properties, dynamic direct shear or 
triaxial tests with large samples are needed. These tests are too costly for most 
rockfill dams. But as information on the dynamic behaviour of rockfill published in 
the literature is also scarce, the settlement prediction involves sensitivity analyses 
and engineering judgment. 

At dam sites located on active or potentially active faults or discontinuities in the 
dam foundation, which can be moving during a strong earthquake, only conserva- 
tively designed earth core rockfill dams should be built. This means that in highly 
seismically active regions where there are doubts about possible movements along 
discontinuities in the dam foundation, earth core rockfill dams are the proper dam 
types (ICOLD 1998). 


20.8 Exisiting Dams 


The seismic safety aspects of existing dams is an important issue as most dam 
codes, regulations, recommendations and guidelines are primarily concerned with 
the design of new dams (Wieland 2006). 

The design of a dam, which was considered as safe at the time it was commis- 
sioned may not be safe forever. This may be contradictory to the general opinion of 
owners and users of most structures. As earthquake engineering is still a relatively 
young discipline, design criteria, methods of analysis, design concepts etc. may be 
subject to changes especially when a large dam, designed according to the current 
state-of-practice, should be damaged during an earthquake. Thus there is a need for 
periodic checks of the seismic design criteria and the earthquake safety of large 
dams (and other structures as well), i.e. budgets for periodic seismic safety checks 
must be considered. 

In general, dam owners and operators are reluctant to perform such checks 
unless there are laws and regulations and a dam safety organization, which has 
the authority and means to ensure that the rules are followed. In general, a thorough 
assessment of the design criteria is done when dam owners are applying for a new 
concession for their project. This may be adequate in the case of concession periods 
in the range of 30 years, but in some countries the concession periods are much 
longer such as, e.g. in Switzerland where the concession period for dam projects is 
80 years. In this case reviews of the design criteria should be done as discussed in 
the previous section on Dam Safety Monitoring. 

Again, the perception that what has been considered as safe once will remain 
safe forever is a dangerous misconception. 

As a consequence during the long service life of a dam several seismic safety 
assessments will be needed. 

In most European countries the economically feasible water resources have been 
developed. Although large dams belong to the first structures, which have been 
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designed systematically against earthquakes since the 1930s, the seismic safety of 
these dams is unknown, as most of them have been designed using seismic design 
criteria and methods of dynamic analysis (pseudo-static analysis method) that are 
considered obsolete today. 

The fact that no major dams have failed during earthquakes and that few lives 
have been lost may give the impression that well-designed dams are safe against 
earthquakes. We need to re-evaluate the seismic safety of existing dams based on 
current state-of-the-art practice and rehabilitate existing dams if necessary. 

Additionally, there are a large number of smaller dams, especially earth struc- 
tures, which were built either for irrigation or water supply by organisations or 
villagers with little experience in dam construction or they were built in previous 
centuries and subsequently abandoned. Earthquake effects on these dams have 
usually not been considered or in rather simplistic way. 

As a prerequisite the seismic hazard at the dam sites must be reassessed to 
comply with the current seismic design criteria. 

It must be pointed out that both new and existing large storage dams must satisfy 
today's safety criteria, which are equal for new and existing dams. Therefore a risk- 
based approach in which the remaining service life and the acceptable investment 
cost for saving additional lives is taken into account for existing dams, cannot be 
recommended. 


20.9 Conclusions 


In the seismic design and seismic safety assessment of the dams the following items 
are of main concern: 


1. The seismic hazard is a multi-hazard for most dam projects. Ground shaking is 
the main hazard considered in all earthquake guidelines for dams. The other 
seismic hazards may even have been ignored. 

2. Movements of active faults in the foot print of a dam or movements at discon- 
tinuities (faults, joints, bedding planes), which can be activated during strong 
nearby earthquakes, are the most critical seismic hazard for most dam types. If 
no other site can be selected then a conservatively designed earth core rockfill 
dam with wide filter and transition zones would be the right solution. 

3. Dams are not inherently safe against earthquakes. However, the technology for 
designing and building dams and appurtenant structures that can safely resist the 
effects of strong ground shaking is available. 

4. The concrete slab of concrete face rockfill dams is vulnerable to seismic 
settlements and seismic actions causing large inplane stresses if it acts as a 
monolithic structure. Open joints can almost completely eliminate these stresses 
resulting from the greatly different deformational behaviour and the great 
differences in the stiffness of the rockfill and the concrete. 
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5. As most dams built prior to 1989 when ICOLD has published its seismic design 
criteria of dams (ICOLD 2014), have not been checked for the SEE ground 
motion, the earthquake safety of these dams is not known and it must be assumed 
that a number of them do not satisfy today’s seismic safety criteria. Therefore, 
owners of older dams shall start with the seismic safety checks of their dams. 

6. The earthquake load case has evolved as the critical load case for most large 
dams even in regions of low to moderate seismicity. 

7. Due to changes in the seismic design criteria and the design concepts it may be 
necessary to perform several seismic safety checks during the long economical 
life of a large dam. 

8. Our knowledge on the behaviour of large dams during strong ground shaking is 
still very limited, therefore, each destructive earthquake affecting dams may 
reveal new features, which up to now have been overlooked or ignored. 
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